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THERMALLY INDUCED ROCK STRESS INCREMENT AND ROCK REIN-
FORCEMENT RESPONSE 

ABSTRACT 

This report describes a detailed study of the effect of thermal heating by the spent 
nuclear fuel containers on the in situ rock stress, any potential rock failure, and 
associated rock reinforcement strategies for the Olkiluoto underground repository. The 
modelling approach and input data are presented together repository layout diagrams. 
The numerical codes used to establish the effects of heating on the in situ stress field are 
outlined, together with the rock mass parameters, in situ stress values, radiogenic 
temperatures and reinforcement structures. This is followed by a study of the 
temperature and stress evolution during the repository's operational period and the effect 
of the heating on the reinforcement structures. 
 
It is found that, during excavation, the maximum principal stress is concentrated at the 
transition areas where the profile changes and that, due to the heating from the 
deposition of spent nuclear fuel, the maximum principal stress rises significantly in the 
tunnel arch area of NW/SW oriented central tunnels. However, it is predicted that the 
rock’s crack damage (CD, short term strength) value of 99 MPa will not be exceeded 
anywhere within the model. Loads onto the reinforcement structures will come from 
damaged and loosened rock which is assumed in the modelling as a free rock wedge—
but this is very much a worst case scenario because there is no guarantee that rock 
cracking would form a free rock block.  
 
The structural capacity of the reinforcement structures is described and it is predicted 
that the current quantity of the rock reinforcement is strong enough to provide a stable 
tunnel opening during the peak of the long term stress state, with damage predicted on 
the sprayed concrete liner. However, the long term stability and safety can be improved 
through the implementation of the principles of the Observational Method. The effect of 
ventilation is also considered and an additional study of the radiogenic heating effect on 
the brittle deformation zones is included.  
 
The main conclusion is that, despite deep reaching damage potential, in all the load 
cases studied the currently designed and used reinforcement types and configurations 
(rock bolts, shotcrete) are capable of handling the dead weight of the damaged rock 
should this occur, with damage occurring on the shotcrete liner. The long term safety 
and stability of the repository during its lifetime can be guaranteed by perceiving the 
reinforcement strategy in two stages. Firstly, by installing the rock reinforcement to 
sustain the initial stresses and short term increases from the start of deposition with a 
monitoring programme in place. Secondly, by installing additional reinforcement, if 
found necessary through monitoring and observation of the underground facilities. In 
this way, the effect of any time dependent rock stress increase affecting the 
reinforcement structures can be observed, in addition to creep based damage, thus 
providing a better level of safety than a single stage design.  
 
Keywords: Olkiluoto repository, radiogenic heating, rock reinforcement, rock damage 
modelling, design, monitoring. 



 
 
 



LÄMPÖKUORMAN AIHEUTTAMA JÄNNITYSTILAN KASVU JA SEN VAIKU-
TUS KALLIOTILOJEN LUJITUSRAKENTEISIIN 

TIIVISTELMÄ 

Tässä työssä on tarkasteltu loppusijoituksen aiheuttaman kallion lämmönnousun vaiku-
tuksia kallion jännitystilaan, jännitystilavaurioihin ja näiden edellyttämiä lujitusratkai-
suja Olkiluodon kallio-olosuhteissa. Raportissa on esitetty lämpömekaanisen laskennan 
ja lujitusrakenteiden lähtöarvot viitteineen, kuvaukset käytetyistä laskentaohjelmista 
sekä lähestymistavoista. Tuloksina on esitetty lämpö- ja jännitystilan muuttuminen 
loppusijoituksen aikana ja näiden vaikutus lujitusrakenteiden kuormituksiin. 
 
Mallinnuksissa todettiin kuinka louhinnan vaikutuksesta aiheutuvat suurimmat jänni-
tykset keskittyvät koillis- ja lounais-suuntaisten keskustunneleiden holviin sekä lattia-
kulmiin. Loppusijoituksen aiheuttama lämmönnousu kasvattaa edelleen näiden alueiden 
jännityksiä. Laskentojen mukaan suurimmat jännitykset ylittävät kallion pitkäaikais-
lujuuden ala-arvon CI (Crack initation), mutta jäävät kaikkialla alle lyhytaikaisen 
lujuuden CD (Crack damage) joka on Olkiluodon kivimassalle arvioitu olevan 99 MPa. 
 
Kalliopulteille aiheutuva lisäkuorma johtuu pääasiassa vaurioituneen, irtonaisen kallio-
massan painosta. Lähtökohta on lujitusteknisesti konservatiivinen, sillä vaurioitunut 
kalliomassa ei välttämättä muodosta irtonaisia lohkoja. Lujitusrakenteiden kapasiteetti 
huomioiden voidaan todeta, että tämänhetkiset lujitusratkaisut kykenevät tarjoamaan 
turvallisen ja stabiilin toiminnan laitoksen käyttöajalle, vaikka ruiskubetoni todennäköi-
sesti vaurioituukin lämmityskauden loppuvaiheissa. Loppusijoituslaitoksen pitkäaikais-
turvallisuutta kyetään kuitenkin huomattavasti parantamaan Eurokoodeissa esitetyn 
Observational Method:iin perustuvan lähestymistavan myötä. Työssä on myös arvioitu 
tuuletuksen vaikutusta lämpökuormiin, sekä tarkasteltu lämpöjännitysten vaikutusta 
hauraan murtuman vyöhykkeiden stabiliteettiin. 
 
Mallinnuksissa käytetty suunniteltu kalliolujitus kykenee kantamaan vaurioituneen 
kalliomassan painon paikoissa, joissa kalliotiloja ympäröivä kalliomassa tulee vaurioitu-
maan lämpötilan noususta aiheutuvan jännityskentän kasvun myötä. Jännitystilan kasvu 
vaurioittaa ruiskubetonia tunneleiden seinissä, sekä mahdollisesti myös katossa. 
Loppusijoituslaitoksen pitkäaikaisturvallisuus, sekä toimivuus pystytään kuitenkin 
takaamaan kaksivaiheisella lujitusstrategialla. Louhinnan yhteydessä asennettavat luji-
tukset kestävät in situ jännitystilasta aiheutuvat kuormitukset, sekä lämpötilan noususta 
aiheutuvan jännityskentän kasvun lyhyellä aikavälillä. Toisekseen, kalliotiloja tulee 
monitoroida, jolloin lisälujitusten asennustarve ja lujitusten korjaus pystytään huomioi-
maan hyvissä ajoin. Täten pitkäaikaisturvallisuus pysytään säilyttämään jatkuvasti, sekä 
muutoksiin tilojen käyttöiässä pystytään vaikuttamaan aktiivisesti. 
 
Avainsanat: Olkiluoto, loppusijoitus, lämpöjännitys, kalliolujitus, kallion vaurio-
mallinnus, suunnittelu, monitorointi. 
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1  INTRODUCTION 

1.1  Scope of Work  

This report presents the approach, analysis and strategy for providing a sustainable rock 
reinforcement solution given the increased stress state due to the thermal output from 
final deposition of nuclear waste containers. Reports describing the thermal output from 
the nuclear waste containers, and time-dependent evolution of the temperature within 
the rock mass, have been published on several occasions (Ikonen 2003, Ikonen 2005, 
Ikonen & Raiko 2012). However, in this report, the time-dependent evolution of the 
prevailing in situ stress state coupled with the radiogenic thermal stress evolution is 
presented. This coupled stress state is used as an input parameter for the design of 
reinforcement, imposing increased demands on the rock reinforcement structures. As an 
output of this report, a rock reinforcement approach for providing the necessary long 
term safety of the repository lifespan is described. 

1.2  Rock reinforcement strategy  

The rock reinforcement strategy is based on several key items influencing the necessity, 
type and amount of required rock reinforcements. The key items affecting the 
reinforcement quantity and strategy are listed below. 
 

- The rock reinforcement planning in ONKALO is based on Eurocode 7, in 
particular the Observational Method component.  

- Repository demands and boundary conditions imposed on reinforcement types, 
lifetime, and materials are each taken into account within the strategy. 

- The effect of in situ rock stress, and geological conditions, including 
groundwater constraints imposed on the materials. 

- Extensive modelling of the rock behaviour, while taking into account different 
types of stress-strain behaviour, the respective failure modes and their 
developments as a function of the repository lifetime.  

- The phenomena noted in the rock behaviour models, and their relation to the 
long term safety of the repository. 

- Experience and methodology developed, in particular during construction of the 
ONKALO research facility, taking into account the long time experience in 
Finland associated with rock reinforcement strategies for similar rock 
conditions, such as found at the Repository site. 

 
1.3  Eurocode 7 requlations, and Observational Method 

In accordance with the regulations of Eurocode 7, the Observational Method can be 
used in geotechnical design to verify that no relevant limit state is exceeded. Eurocode 7 
also specifies principles and requirements which must be followed when applying the 
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Observational Method in design. The five principles of the Observational Method can 
be described as the following. 
 

- Establish acceptable limits of behaviour. 

- Assess the range of possible behaviour, and show that there is an acceptable 
probability that the actual behaviour will be within the acceptable limits. 

- Develop a plan for monitoring the behaviour, which will reveal whether the 
actual behaviour lies within the acceptable limits. The monitoring shall make 
this clear at a sufficiently early stage, and with sufficiently short intervals to 
allow contingency actions to be undertaken successfully. 

- The response time of the monitoring and the procedures for analysing the results 
shall be sufficiently rapid in relation to the possible evolution of the system. 

- Develop a contingency plan which may be adopted if the monitoring reveals 
behaviour outside acceptable limits. 

With respect to EUROCODE 7 (EC7), it should be noted that, because it incorporates 
limit state design principles which is a different approach to that used in traditional rock 
engineering design, EC7 is currently being reviewed with a view to a revised code being 
adopted in 2019. However, it is anticipated that this revision will not affect the 
conclusions of this report.  

 
1.4  Repository demands, and imposed boundary conditions 

For the final nuclear waste repository, as also for the research facility ONKALO, 
demands and boundary conditions are set to guarantee the long term safety of the 
repository during its use, and after final closure. These demands and boundary 
conditions are further sub-divided to represent the demands for different tunnels and 
underground spaces in the repository: central tunnels, repository tunnels, repository 
holes, shafts, decline, and the technical rooms. For each of the different types of 
underground spaces, different boundary conditions and demands are set. These all have 
a significant impact on the reinforcement to be implemented in each of the different 
underground spaces. The most important factors regarding rock reinforcement are: 
 

- designed life time of the different underground spaces 

- maintenance and service strategy to obtain and maintain the reinforcement 
quality during the lifetime of the underground space. 

From the long term safety perspective, the list continues: 

- list of allowed and banned materials for use at repository—this affects the 
availability of reinforcement solutions, such as sprayed concrete, wire mesh, 
bolts and cast concrete 

- allowed extent and continuity of the Excavation Damage Zones (EDZ). 
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1.5  In situ conditions of the repository site 

Posiva has extensively investigated the in situ rock conditions at the ONKALO, and 
around the future repository site. The rock mechanics parts of the investigations are 
focused on the conditions relevant for predicting and determining the needs for rock 
reinforcement in the future repository. These are reported in the Site Descriptive model 
(Posiva 2013) and in Posiva's Rock Mechanics Model, RMM version 2.0 (Mönkkönen 
et al. 2012). According to (Mönkkönen et al. 2012), the mean features of the Rock 
Mechanics Model are the following: 
 

- description of the geological conditions, weakness zones, hydrological zones 
etc., in the 3D model 

- prediction of rock quality in the 3D model, for the area of the future repository 
tunnels 

- results of the relevant rock mechanics parameters in the 3D-environment. 

In the reinforcement design, the reported in situ data are extended using local mapping 
results of the rock conditions. 
 
The in situ conditions and rock response have been studied with in situ experiments, 
such as determining the Excavation Damage Zone values and rock behaviour due to 
heating and increased temperature of the rock mass. The Posiva's Olkiluoto Spalling 
Experiment (POSE) has been conducted between 2008 and 2013, with the analysis still 
ongoing (Johansson et al. 2014, Valli et al. 2014).  
 
The modelling of the rock mass behaviour is an ongoing process, as long as the 
excavation and reinforcement works are being progressed. The modelling is conducted 
in line with the requirements imposed by Eurocode7, and the Observational Method 
philosophy related to Eurocode. 
 
1.6  Rock reinforcement methodology developed in the ONKALO 

Experience and methodology developed during construction of the ONKALO will be 
one of the key items guiding the reinforcement strategy for the lifespan of the nuclear 
waste repository. During the different realisation stages of ONKALO, named from TU1 
to TU5 and TU5a, an increasing amount of knowledge and understanding was obtained 
regarding the rock behaviour, and it was the key factors were established which have to 
be taken into account when determining the necessary quality and quantity of the 
reinforcement.  
 
The developed reinforcement design methodology is a process, conducted in steps prior 
to excavation (the design phase), ahead of excavation (the construction phase), during 
excavation and after excavation. These steps (a total of 13) are listed below. 
 
 
 
 



6 

Prior to excavation 
 

1. Modelling of the geology and conditions. 
2. Rock mechanics modelling of excavations, including items such as Q-

classification, key block / wedge stability, rockfall loads on wire mesh, etc. 
3. Based on geology and rock mechanics modelling, categorical reinforcement 

types are created. Also, a reinforcement contingency plan is made to take in 
account the rock conditions outside the modelled values. 

4. Setting up a monitoring programme. 
 

Ahead of excavation 
 

5. Drilling of probe holes at the location inside the profile of the tunnel to be 
excavated. 

6. Logging of the rock conditions from the core drilling samples. 
7. Verifying the previous reinforcement solutions, possibly with additional 

modelling. If necessary, adapting to the new conditions encountered according 
to the models. 
 

During excavation 
 

8. Continuous observation of the actual rock conditions in situ. 
9. Reporting on the geological conditions met on site. 
10. Choosing and finalizing of the reinforcement design and, if necessary, adapting 

the reinforcement solution to the specific conditions encountered on site. 
 

After the excavation: 
 

11. Monitoring rock behaviour, especially at locations where long term behaviour 
can have an influence on the rock reinforcements. 

12. Back-analysis and adjustment of predictive procedures for the next steps of 
realisation of the Repository. 

13. Maintenance during operation lifetime 
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2  MODELLING APPROACH AND INPUT DATA 

2.1  Disposal sequencing 

The disposal of the nuclear waste has been planned to be conducted on stages, taking up 
to 120 years. Within the current frame of the plan, the deposition will advance on a 
single level at a depth of -420 m. The planned disposal will involve the used rods from 
the reactors OL1, OL2 and OL3 at Olkiluoto, and from the reactors LO1 and LO2 
located at Loviisa nuclear power plant. The current disposal sequence plan, illustrated 
on the Figure 2-1, will act as a basis for the Thermo-Mechanical modelling of the stress 
regime at the deposition level. Hence, importing of the heat sources on the large scale 
3DEC model for the analysis of the prevailing stress state will be constructed according 
to the deposition sequence below. 

 

 

Beginning of 
deposition 

10 years from 
the start 

20 years from 
the start 

30 years from 
the start 
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Figure 2-1. Illustration of the disposal sequencing, according to the years from the start 
of deposition. 

Each of the reactor types produces a different type of spent nuclear fuel rods as a side-
product. The different fuel rods from the different reactor types have a different 
magnitude of heat output each. An illustration of a plan for the deposition fuel rods, 
where the lifespan of the reactor types has been taken into account, is presented below 
in Figure 2-2. 
  

80 years from 
the start 
 

90 years from 
the start 
 

60 years from 
the start 
 

70 years from 
the start 
 

50 years from 
the start 

40 years from 
the start 



9 

 
Figure 2-2. Illustration of the deposition plan, indicating the deposition location of 
spent fuel canisters from each of the different reactor types. 

2.2  Methods of analysis and associated data 

2.2.1  3DEC 

Radiogenic temperature increase and the associated induced thermal stresses are 
calculated with the three dimensional element code 3DEC v5.0 (Itasca 2013).  The code 
is capable for analysis of coupled thermo-hydro-mechanical analyses of discontinuous 
material such as rock.   The code has two formulations of thermal logic, of which the 
so-called analytical logic allows modelling of numerous discrete time dependent heat 
sources over long thermal times, in which is the case for the deposition of nuclear 
waste.  This code is widely used in rock mechanics, for example by SKB (Hökmark et 
al. 2010). It is important to note that 3DEC uses the sign convention in which 
compressive rock stresses are negative and thus the highest compressive stress is named 
as the minimum principal stress. Within the chapter dealing with 3DEC analyses, the 
maximum principal stress or σ1 refers to the maximum compressive principal stress 
component. 

2.2.2  Midas GTS NX 

Thermal stress induced damage calculations at individual central tunnel scale were 
conducted with Finite Element software, Midas GTS NX (Midas IT 2014). Mechanical 
models with linearly elastic behaviour were used to study the maximum secondary 
stress magnitudes, resulting from thermal stress increase. The stress induced damage 
depths were assessed by the maximum depth resulting from exceeding the Crack 
initiation (CI) threshold and the minimum depth from exceeding the Crack Damage 
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(CD) threshold. This has been perceived as a good method of analysis when stress 
induced damaging of good quality rock under high stress levels are being analysed 
(Martin & Christiansson 2008).  
 
The effect of the thermal stress increase was implemented directly, by applying the 
resulting Thermo-Mechanical stress-state as an in situ stress parameter surrounding the 
tunnel areas. GTS provided the ability to efficiently model the central tunnel and 
repository panel geometry, and to study the stress concentrations and continuity in 3D. 
GTS uses sign conversion, where compressive rock stresses are negative. 

2.2.3  Phase2 

The detailed analysis of the tunnel rock mass and reinforcement behaviour was 
conducted using the Finite Element Method based software Phase2 (Rocscience 2014a). 
The effect of the thermal stress increase was implemented directly, by applying the 
resulting thermo-mechanical stress-state as an input parameter. The advantage of using 
Phase2 is the ease of modification of the failure criteria used in the analysis. Within the 
detailed models of the reinforcement and rock mass failure, a modified ‘cohesion 
softening–friction hardening’ (CSFH) failure criterion was applied. The predicted 
failure mode of the rock mass is considered to be stress-induced failure, representing the 
prevailing rock and stress conditions occurring at Olkiluoto. Consequently, the choice 
of the CSFH failure criterion is justified, as the CSFH criterion is considered to model 
well the stress-induced type of failure in brittle rock conditions under high stresses 
(Carter et al. 2008; Edelbro 2009).  

2.3  Input parameters for modeling 

2.3.1  Rock mass parameters 

Elastic and thermal parameters of the rock mass are based on Olkiluoto Site Report 
2011 and Posiva's Working Report 2012-56 respectively (Posiva 2013; Ikonen & Raiko 
2012). Thermal parameters are selected to correspond to a temperature of 60 ºC, 
covering the general temperature range of the rock mass resulting from the spent fuel 
deposition. The isotropic elastic values, in addition to thermal properties, are presented 
below in Table 2-1.  
 
Table 2-1. Parameter values used in the thermo mechanical analyses (Posiva 2013). 

Parameter Value Unit 
Density (ρ) 2743 kg/m3 
Young’s modulus (E) 55 GPa 
Poisson’s ratio (ν) 0.25  
Uniaxial Compressive strength 108 MPa 
Crack Damage strength 99  MPa 
Crack Initiation strength 52 MPa 
Indirect tensile strength 12.1 MPa 
Coefficient of thermal expansion 9.5E-6 1/C 
Thermal conductivity 2.82 W/(m K) 
Thermal diffusivity 1.34E-6 m2/s 
Specific heat 764 J/(kg K) 
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In order to model the failure of a massive brittle rock mass under high stresses, a 
Cohesion Softening–Friction Hardening (CSFH) material model was applied. The 
CSFH-material behaviour is modelled according to the peak & residual parameter 
assessment of the Mohr–Coulomb failure criterion (Edelbro 2009). The governing 
formulas through which the elastic and plastic material behaviour of the brittle rock 
mass under high stresses can be modelled are presented on Equations (1) - (4) (Edelbro 
2009).  
 

	 


 (1) 

 
The peak cohesion of the rock mass before stress induced failure occurs is calculated 
from the uniaxial compressive strength of the intact rock, σUCS being 108 MPa in case 
of Olkiluoto, and the friction angle of the rock mass being m of 44o (Posiva 2013). The 
friction angle of the rock mass was obtained by using Roclab, with the input parameters 
from Table 2-1 (Rocscience 2014b). 
 

 10°   (2) 

 
The rock mass is considered to be held intact through cohesive properties, before the 
plastic limit is reached. Consequently, the initial friction angle is set low but not zero, in 
order to prevent numerical instability. 
 

0.3   (3) 
 

However, the residual properties of the rock mass, after failure has occurred, are being 
modelled by assuming the remaining strength properties of the rock to be based mainly 
on friction. Therefore the residual cohesion is set to be multiplied by the factor of 0.3 
from the original rock mass cohesion (Edelbro 2009). The resulting residual cohesion is 
of magnitude of 6 MPa, calculated from the Mohr-Coulomb fit by using software called 
Roclab (Rocscience 2014b). However, the residual friction angle is set as the original 
friction angle of the rock mass as 44o, higher than the peak angle before the failure, as 
presented in Equation (2) and (4). 
 

     (4) 
 

2.3.2  In situ stresses 

The in situ stress state is modelled according to the proposed in situ Stress Model 1, 
described in Olkiluoto Site Description 2011 (Posiva 2013). Within the modelling of the 
Thermo-Mechanical coupled stress state, the mean estimates were applied, for depth 
ranges between structures HZ20 and BFZ099, as presented in Table 2-2. The depth 
level between the structures HZ20 and BFZ099 is located at the proposed deposition 
level of -420 m. The mean values of the stress state interpretation between the structures 
agree well with the additional, final results of LVDT-measurements below the HZ20 
structure, which are still being reported. The stress model described in Table 2-2 is 
based on the semi-integrated results of the in situ stress tests data collected at Olkiluoto. 
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Table 2-2. The in situ stress interpretation used within the models (Posiva 2013). 

Range  Vertical depth 
range 

 σH [MPa] σh [MPa] σv [MPa]  
Min [MPa] 0.1+0.032z -1.7+0.027z 0.0240z  
Mean [MPa] 10.9+0.033z 5.3+0.027z 0.0265z HZ20 to BFZ099 
Max [MPa] 21.7+0.033z 12.3+0.027z 0.0290z  
Mean Orient. 
[oN] 

112 202 -  

 

2.3.3  Radiogenic temperature 

Radiogenic heat production of BWR, VVER and EPR spent nuclear fuel is based on 
Table 2-3, presented in the report of Ikonen & Raiko (2012).  The characteristic initial 
power, spacing and total number of canisters is modelled according to Table 2-3, and 
the deposition schedule and location for different canister types is according to Figures 
2-1 and 2-2. The total number of canisters assumes that 20 % of the final deposition 
hole locations are rejected, and that the safety distance from central tunnel wall to the 
centre of the first canister hole is 33.5 m. 
 
In the thermo-mechanical simulation code 3DEC, the heat production can only be given 
in the form of superimposed exponentially decaying curves, which results in a 
maximum error of 12 % in cumulative heat energy production of EPR fuel during the 
first 120 year of deposition. The heat production of BWR and VVER fuels are 
simulated with scaled EPR heat power sources, resulting in an additional error from -6 
%  to +6 %. Summarising these errors results to a maximum error of +10 % for the first 
40 years of deposition, and an error of +16 % for the remaining years from 40 years to 
300 years from the start of the deposition. Consequently, the heat production is 
overestimated for the construction period, thus providing an increased margin of safety. 
In the simulation, all capsules are modelled as point sources, producing heat at the level 
of -422 m below ground surface at the corresponding locations. 
 
Table 2-3. Initial power, canister spacing and total number of canisters for each 
different type of spent nuclear fuel canisters types. 

Type Decay heat power at 
disposal time (W/canister) 

Canister spacing 
(m) 

Total number of 
canisters 

OL1 & 2 (BWR)  1700(1) 8.9(2) 1170(3) 
LO1 & 2 (VVER) 1370(1) 7.5(2) 646(3) 
OL3 (EPR) 1830(1) 10.5(2) 954(3) 
Total   2770 
1) Raiko 2012 2) Ikonen & Raiko 2012 3) Saanio et al. 2012 
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2.3.4  Reinforcement structures 

In modelling of the reinforcement structures, the following nominal and design values 
have been applied. The values were separated for bolt and shotcrete type of structure, 
the values being presented in Tables 2-4 and 2-5 respectively. 
 
Table 2-4. Nominal and design properties for Ø25 mm fully grouted rebar rock bolt. 

Type Nominal value Design value

Tensile Capacity  0.22 MN 0.085 MN

Residual tensile capacity  0.32 MN 0.085 MN

Bolt Tributary area Ø25 mm  491 mm2 491 mm2

Young's modulus of bolt  210 GPa -

Bond Strength  0.04 MN/m -

Shear Stiffness  203.3 MN/m -

Pre-tensioning  0 MN -

 
The shotcrete was connected to the tunnel surface trough an interface, with the 
following normal and shear stiffness values, (Kn, Ks) respectively, as shown in the Table 
2-5. The partial safety factors of the material are included within the design values. 
 
Table 2-5. Nominal and design properties for shotcrete. 

Type Nominal value Design value 
Elastic Modulus (E) 34 GPa  
Poisson's Ratio (ν) 0.2  
Liner Thickness 40 mm  
Compressive Strength 35 MPa 22 MPa 
Tensile Strength 2.25 MPa 1.66 MPa 
Interface normal stiffness (Kn) 150 GPa / m  
Interface shear stiffness (Ks) 10 GPa / m  
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3  TEMPERATURE AND STRESS EVOLUTION DURING THE OPERATIONAL 
PERIOD 

3.1  T-M model description 

The model size used to calculate radiogenic temperature evolution and induced thermal 
stresses is 5 km in the E–S direction, 4.5 km in N–S direction, and having a height of 2 
km, as shown in Figure 3-1. The horizontal model boundaries are fixed in the horizontal 
direction, at the bottom side of the model in all directions; however the rock surface is 
free.  Boundaries are considered to be far away enough not to interfere with the induced 
thermal stresses during the simulated time of 120 years of repository lifetime, as 
presented in Figure 3-2. The rock mass within the model is assumed to be continuous, 
homogeneous, isotropic and linearly elastic, with the parameters obtained from Table 2-
1. No excavations were included within the model, i.e., the resulting stresses can be 
applied as in situ stresses for further analyses.  
 
In the first phase, the model is calculated to force equilibrium with the given material 
parameter values, boundary conditions and in situ stress. The resulting displacements 
are reset before thermo-mechanical calculations. The Thermo-Mechanical (T–M) 
calculations are performed for years 10, 20, 30, 40, 50, 60, 70, 80, 90, 94 and 120 years 
after the start of deposition of the nuclear waste. All of the spent nuclear fuel canisters 
were considered to be installed after 94 years from the start. For each elapsed time from 
the start of the deposition, the calculation is performed in two phases. Firstly, the 
temperature distribution is updated. Secondly the model is calculated to reach the 
thermal expansion-stress equilibrium. All new canisters installed between the elapsed 
calculation timesteps are set to the middle of the time interval; i.e., canisters installed 
between years 30 and 40 are all installed at the time of year 35 after the start of 
deposition, according to the sequencing presented in Chapter 2.1. The minimum 
element size at the canister level is 12.5 m; and further to prevent numerical instability, 
the minimum distance from the heat source to a gridpoint is set to one meter, if less than 
that.  These assumptions ensure that temperatures and stresses are sufficiently correct at 
the tunnel scale, but not in the vicinity of the deposition hole.  The initial temperature is 
assumed to be 0 °C because only the temperature increase has relevance for the 
resulting stresses. 
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Figure 3-1. Size of the model used to calculate radiogenic temperatures and induced 
evolution of the stress field. The central tunnels and deposition tunnels are presented as 
red, while the technical facilities are blue. 
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Figure 3-2. Principal stress tensors in the horizontal plane at the time of 120 years 
after start of deposition in the central part of the model, at a depth level of -422 m. The 
colour indicates the maximum compression values, ranging from 24 MPa (blue) to 40 
MPa (dark red). 

 

3.2  Temperature evolution 

The maximum temperature increase inside the panel areas at the deposition level is 
reached in less than a hundred years after the start of deposition. However, the 
temperatures are still increasing in the central tunnels and technical facilities after 120 
years from the start of deposition.  The maximum temperature increase of 13 °C takes 
place in the NE central tunnels; whereas, in the technical facilities, a maximum of 6 °C 
is observed in the SW parts, as indicated in Figures 3-3 and 3-5. These magnitudes of 
temperature increase are calculated ignoring the cooling effect of ventilation 
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Figure 3-3. Locations of maximum temperature increase (°C) in the central tunnels, 
and in the technical facility area after 120 years. 
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Figure 3-4. Maximum temperature increase evolution in the NE central tunnel and in 
SW curve of the technical facilities. The corresponding locations are marked in Figure 
3-3. 

 

3.3  Stress evolution 

The thermal expansion of the rock increases the horizontal stresses significantly. The 
rock cover has the height of 422 m, while the horizontal dimensions of the heated rock 
volume are of 2.5 km and 1 km. However, due to the free rock surface and relatively 
thin rock cover compared to heated rock mass dimensions as shown in Figure 3-1, the 
vertical stress doesn’t increase. The horizontal in situ stress components at the 
deposition depth range from 25 MPa to 16.5 MPa, while the vertical component is 
estimated to be of the order of 11.5 MPa.  The maximum stress increase of 17 MPa 
takes place in the centre of the deposition panel. 
 
The location of the maximum stress increase varies during the years 50 and 120, as the 
deposition advances.  In the central tunnels, the maximum stress increase of 6 - 8 MPa 
takes place in three locations. The highest increase of thermal stress is located at the NE 
trending section, at time of 70 years after start of deposition, shown in Figures 3-5 and 
3-6. The two other locations of the maximum stress increase are located on the western 
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parts of the deposition level, where the stress increases according to the models is 6 
MPa or less. In the area of technical facilities the maximum stress increase is 2 MPa, 
mostly concentrated at the SW curve.  The increase of the intermediate principal stress 
ranges from 0 MPa to 5 MPa. The minor principal stress is the vertical component, and 
the magnitude of the vertical stress remains the same, or even less than before heating.   
 
The orientation of the maximum compressive stress component can rotate up to 16 
degrees, due to the effect caused by the generation of thermal stresses. In the central 
tunnel, the resulting maximum component of horizontal stress acts more perpendicular 
to the tunnel axis, i.e., thus increasing the secondary stresses around tunnel profile. 
Rotation of the principal stresses from the initial horizontal/vertical alignment at the 
deposition level is minor, less than 5 degrees. 
 

 
Figure 3-5. Contours presenting the maximum compressive stress (σ1), after 120 years 
from the start of deposition. The critical locations for maximum stress increases are in 
the central tunnels and technical facilities. The estimated open times before the 
backfilling are also indicated. Principal stress orientations are also indicated red for 
σ1, green for σ2, and blue for σ3. 
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Location a) in NE trending central tunnel. Location b) in southern SW trending central tunnel. 

Location c) in northern SW trending central tunnel. 
 

Location d) in most SW curve of technical facilities. 

Figure 3-6. Thermally induced evolution of the in situ stress field in four locations, 
representing the local maximum. The corresponding locations are being marked in 
Figure 3-5. The estimated maximum time of the use for each tunnel before the 
installation of backfilling is indicated with orange arrows. 

3.4  The effect of tunnel ventilation 

The tunnel ventilation both increases and decreases the rock temperature—depending 
on the rock mass temperature. After tunnel excavation, the rock mass is still near to the 
in situ temperature, approximately 14 °C at disposal depth with the temperature gradient 
increasing approximately at 0.013 °C per metre (Johansson et al. 2014). After 120 years 
from the start of the deposition of the spent nuclear fuel, the rock mass temperature in 
the near vicinity of the central tunnel is increased by 14 °C, in total, resulting in a 
temperature of 28 °C. In this case, the incoming ventilation air will cool down the rock 
surface. However, the final ambient temperature is dependent on the thermal properties 
of the surrounding rock. 
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To investigate the effect of tunnel ventilation, Suppala et al. (2013) conducted an in situ 
experiment in an investigation niche at chainage 1475 in the ONKALO. In this 
experiment, the niche was instrumented to monitor the movement of a heat pulse in 
rock, originating from tunnel ventilation. The temperature was monitored for 2½ years 
in three boreholes, at nominal distances of 0.5, 1, 2, 3, 4, and 5 m. From the results, the 
rock mass thermal properties were determined. 
 
The monitoring results from the monitoring period are shown in Figure 3-7. During the 
monitoring period, the ventilation air temperature altered between 7.5°C and 12°C. The 
undisturbed initial temperature of the rock was assumed to be 7.7°C. From Figure 3-7, it 
can be observed that ventilation has a strong effect on the rock mass temperature near 
the opening, with the rock temperature at 0.5 m depth changing rapidly. However the 
impact of ventilation on the rock mass at the deepest measurement depth of 5 metres 
was found to be minor, with the temperature fluctuating only within one degree during 
the whole monitoring period. 
 

 
Figure 3-7. Corrected temperatures in the drillhole ONK-PP167. In black is drawn the 
temperature nearest the floor, then temperatures at the nominal distances of 0.5, 1, 2, 3, 
4, and 5 m from the tunnel surface, 3 per each depth (one broken). 

 
Considering the years of experience from conventional rock tunnels, the rock 
reinforcement structures withstand the effect of long term ventilation, especially if the 
ventilation it is kept constant. If the additional thermal load caused by disposal of the 
nuclear waste is considered, the ventilation has a favourable effect in cases where the 
rock mass temperature exceeds the ventilation temperature, and the temperatures near 
the tunnel surface are decreased.  
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4  THERMAL EFFECT ON REINFORCEMENT STRUCTURES 

4.1  Thermal stresses damage analysis 

4.1.1  Mechanical model description 

Based on the radiogenic temperature, stress increment and distribution calculations 
presented in Section 3.3, representative areas of the repository were chosen to be 
analyzed for stress induced damage around the excavations. The designed excavation 
width of 6.5 m and height of 7.5 m at maximum were used to study the thermally 
induced load on the reinforcement structures. Three different parts of the central tunnels 
were chosen, based on the maximum stresses after the thermal period at a time just 
before the particular central tunnel is sealed. The technical facilities and shafts are 
excluded in this study due to negligible increases of stresses, compared to the chosen 
areas for modelling. The three areas for study were the following. 
 

A. NE-part of the access tunnel, maximum stress at 70 years before the access is 
sealed. 

B. SW-part of the access tunnel, maximum stress at 80 years before the access is 
sealed. 

C. NW-part of the access tunnel, maximum stress at 94 years before the access is 
sealed.  
 



24 

Figure 4-1. Representative areas for stress induced damage calculations, in each 
repository panel access tunnel. 

 
The stress-induced damage analysis was conducted with the 3D Finite Element Method 
(FEM) based software, Midas GTS NX (v1.2). The rock mass within the models was 
assumed to be continuous, homogeneous, isotropic and linearly elastic. The resulting 
tangential stress values were compared against the interpreted crack initiation stress 
(σCI) and crack damage stress (σCD) in order to analyze the maximum and minimum 
depth of the stress damage (Posiva 2013). The software was chosen because it could 
effectively model the stress behaviour around a theoretical excavation profile in three 
dimensions. The heat-induced stress components are based on the thermal calculations 
reported in Section 3.3. The stress components were selected from a location where the 
maximum principal stress component (σ1) has the highest magnitude and is orientated 
most perpendicularly to the access tunnel excavations. All models were first calculated 
with just the interpreted in situ stress field, presented in Table 2-2, and afterwards with 
the addition of the thermal induced stress from Figure 3-6. Rock mass parameters used 
in the models are listed in Table 2-1. 
 

A 

B 

C 
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Figure 4-2. Modelling geometry for the area A). 

 

500 m 

500 m 

300 m 
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Figure 4-3. Modelling geometry for the area B). 

 
Figure 4-4. Modelling geometry for the area C). 

500 m 

300 m 

500 m 

500 m 

300 m 

500 m 
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4.1.2  Stress damage after excavation 

In all the models, the maximum principal stress is concentrated at the transition areas 
where the profile changes, at both sides of the raised profile as shown in Figure 4-5. In 
this area, the maximum values for the principal stress can vary between 54 and 58 MPa, 
as shown in Table 4-1. In the normal tunnel profile areas, the resulting maximum 
principal stress has a lower magnitude, between 50 and 54 MPa. There exist higher 
stress peaks at the sharp corners of the tunnel floor. However, from a stability point of 
view, they can be considered of little significance. When the resulting differential stress 
(σ1 - σ3) concentrated around the tunnel is compared against the rock mass crack 
initiation (CI) value of 52 MPa, local damage areas in the profile with a thickness up to 
400 mm can be found. Elsewhere in the normal tunnel profile the depth of stress-
induced damage varies between 0 and 300 mm. The crack damage value of 99 MPa is 
not exceeded anywhere; therefore, the results can be considered conservative. 
 
Table 4-1. Maximum stresses at the curved tunnel roof and maximum damage depths 
after excavation. 

Area Maximum stress 
profile transition 
area (MPa) 

Maximum depth 
of damage in 
profile change 
area (mm) 

Maximum stress 
normal profile 
area (MPa) 

Maximum depth 
of damage in 
normal profile 
area (mm) 

A 54 400 50 0 
B 59 400 55 300 
C 58 400 55 300 
 

 
Figure 4-5. Location A), maximum principal stress magnitude in the curved tunnel roof. 
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Figure 4-6. Location B), maximum principal stress magnitude in the curved tunnel roof. 

 

 
Figure 4-7. Location C), maximum principal stress magnitude in the curved tunnel roof. 
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Figure 4-8. Location A), areas susceptible to stress induced damage, differential stress 
iso-surface (σ1- σ3) > 52 MPa (CI) (Table 2-1). 

 
Figure 4-9. Location B), areas susceptible to stress induced damage, differential stress 
iso-surface (σ1- σ3) > 52 MPa (CI). 
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Figure 4-10. Location C), areas susceptible to stress induced damage, differential 
stress iso-surface (σ1- σ3) > 52 MPa (CI). 

4.1.3  Stress damage during disposal period  

Due to the heating from the deposition of spent nuclear fuel, the maximum principal 
stress rises significantly in the tunnel arch area. The maximum values of the principal 
stresses are still located in the profile transition areas, varying between 75 and 78 MPa. 
In the normal profile areas, the maximum principal stress magnitudes have reached up 
to 71 to 74 MPa. When compared against the crack initiation (CI) value of 52 MPa, the 
middle point of the arch is susceptible to suffering from stress induced damage in all 
locations, and from all the lengths under observation in the model. The maximum depth 
of damage is 900 mm, and it is located in the arch corner of several profile changing 
areas. In the normal profile, the estimated damage depth is around 750 - 800 mm. 
However, the crack damage (CD) value of 99 MPa is not exceeded anywhere within the 
model. 
 
Table 4-2. Maximum stresses at the tunnel arch and maximum damage depths during 
the disposal period 

Area Maximum stress 
profile change area 
(MPa) 

Maximum depth 
of damage in 
profile change 
area (mm) 

Maximum stress 
normal profile 
area (MPa) 

Maximum depth 
of damage in 
normal profile 
area (mm) 

A 78 900 74 800 
B 75 900 71 800 
C 75 850 71 750 
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Figure 4-11. Location A), maximum principal stress magnitude in the curved tunnel roof. 

 

 
Figure 4-12. Location B), maximum principal stress magnitude in the curved tunnel roof. 
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Figure 4-13. Location C), maximum principal stress magnitude in the curved tunnel roof. 

 
Figure 4-14. Location A), areas susceptible to stress induced damage, differential 
stress iso-surface (σ1- σ3) > 52 MPa (CI). 
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Figure 4-15. Location B), areas susceptible to stress induced damage, differential 
stress iso-surface (σ1- σ3) > 52 MPa (CI). 

 

 
Figure 4-16. Location C), areas susceptible to stress induced damage, differential 
stress iso-surface (σ1- σ3) > 52 MPa (CI). 
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4.1.4  Load on reinforcement structures 

The main load on the reinforcement structures comes from the damaged and loosened 
rock mass. In the elastic modelling approach, the loads imposed on the reinforced 
structures are considered to result only from damaged rock volume. This can be 
regarded as very conservative approach, as the crack initiation threshold does not 
necessarily result in an actual release of rock volume hence an extra load.  
 
The load from the damaged rock mass on the middle bolt row and shotcrete can be 
calculated. If the damaged rock mass is assumed as a continuous wedge with an apex 
height of 900 mm and an apex angle of 100°, the load caused by the wedge is 18.3 
kN/m using a partial safety factor of 1.35. The design tensile strength for a Ø25 mm 
rebar bolt (EN 1.4301 steel) is 85 kN and the design shear strength for 40 mm of fiber 
reinforced shotcrete is 64 kN. From a strength point of view, both reinforcement types 
are able to cope with the additional load of stress damaged rock.  
 
Table 4-3. Safety factors of reinforcement against load from damaged rock. 

Area Maximum depth of 
damage (mm) 

Load from 
damaged rock 
mass, kN 

Safety factor of 
rock bolt (Ø25 
mm) 1 bolt every 
2m along tunnel 

Safety factor of 
fibre reinforced 
shotcrete (40mm) 

A 900 18.3 2.3 3.6 
B 900 18.3 2.3 3.6 
C 850 16.3 2.6 4.0 
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Figure 4-17. Calculation example for stress-induced damage load on reinforcement. A 
released wedge is indicated by the red triangle. The colored area represents the 
exceeding of the CI threshold. 

  

4.1.5  Summary of stress damage potential 

Results from all the locations are very similar, if not almost the same. This can be 
expected because all the access tunnels are similarly orientated and have the same 
profiles. There are no dramatic differences in the heat induced component of stress at 
different locations, especially when compared to the magnitude of the stress 
components before the heating. It can be concluded, however, that the additional heat-
induced stress does extend the depth of the potential stress damage considerably. The 
stress-induced damage can be quite extensive when considering the lower damage 
boundary (crack initiation value), reaching up to 900 mm in depth. This said, it must be 
noted that the damage depths can be considered to be on the conservative side as the 
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crack damage strength is not exceeded at any location, nor is it likely that a fully-
released wedge would be formed in the tunnel roof.  In all the load cases studied, the 
currently designed and used reinforcement types and configurations, rock bolts and 
shotcrete are capable of handling the additional load of the damaged rock. 
 

4.2  Detailed tunnel reinforcement modelling 

The central tunnels of the NE-part of the repository were identified as a critical location 
for the stability analysis of the tunnels and the principal design of rock reinforcement. 
The identification of the critical locations for analysis was conducted from the thermo-
mechanical models of the stress state, which were calculated to include the repository 
design layout as presented in Figure 3-5. The central tunnels of the NE-part, concluded 
as the most critical location of the depositional part, are presented as the location A) on 
the Figures 3-5 and 4-1. From the design plan and layout, it was noted that the central 
tunnels within the NE-part of the repository are being planned to stay in use for at least 
the duration of 70 years, the time being calculated from the beginning of the deposition 
of the spent nuclear fuel. However, the deposition of the spent nuclear fuel in the NE-
part of the repository will advance in a symmetrical fashion, resulting in the highest 
stress increases within the repository area due to the high thermal output from the 
canisters, as shown in Figure 3-6. Within the detailed models of the NE-part central 
tunnels, the major principal stress component was considered to be acting perpendicular 
to the tunnel wall. This assumption had to be made, as Phase2 does not support the 
implementation of complete plane strain. With the implementation of complete plane 
strain, the in situ stress field can be arbitrarily oriented with respect to the excavation 
axis, therefore resulting in stress analysis results regarded as 3D (Rocscience 2014a). 
However, with the absence of complete plane strain analysis in Phase2, the major 
principal stress components are considered to be acting perpendicular to the excavation 
axis, resulting in the most conservative stress scenario.  
 
During the construction of the modelling, a thin mesh was formed on the edges of the 
excavation where failure was predicted to occur, in order to increase the calculation 
accuracy on the boundaries. Two different tunnel types were modelled. The first case 
was the designed layout of the NE-part of the central tunnels, and the second case was a 
laser scanned surface of an excavated tunnel from the technical facilities of ONKALO, 
in order to find the effect of ‘flawed geometry’ on stability. The two different model 
geometries with the mesh included, are presented in Figure 4-18 below. 
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A 2D projection of the designed opening of the 
central tunnel. Thin mesh has been applied on the 
boundaries of the excavation, to increase 
calculation accuracy. 
 

A laser scanned surface of an excavated tunnel 
profile. The same accuracy of mesh has been 
implemented on the boundaries.  

Figure 4-18. The excavation boundaries and mesh, used for the modelling of the central 
tunnels with Phase2. 

 
According to the research of Edelbro (2010), the shear strain was found to be the most 
suitable indicator of fallout magnitude or spalling depth, when applying a CSFH 
material model in brittle rock conditions under high stresses (Edelbro 2010). Not all 
sheared elements will form a suitable surface for spalling, nor lead to a fallout of the 
disconnected rock parts. Consequently, it will be important to assess the connecting 
shear bands to form a correct idea of the predicted failure depth. The assessment for 
both the theoretical, and excavated tunnel surfaces are presented below in Figures 4-19 
and 4-20.  
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Yielded element network shear trough. The depth of 
spalling at the roof is 1m. 

Maximum shear strain bands from 0.0005 to 0.005, 
representing the intact rock pieces forming a potential 
fallout. 

Figure 4-19. The predicted failure of the rock mass around a theoretical opening, after 
70 years from the start of deposition of the spent nuclear fuel. 

The shear bands, presented by the maximum shear strain from 0.0005 to 0.005 correlate 
well with the yielded surface. The depth of the stress damage on the roof is 
approximately 1 m, and the stress damage volume can be seen on the Figure 4-19 
trough the interconnecting shear bands. Failure will occurr within the floor, however not 
contributing to the instability of the rock mass around the tunnel in total. 

Yielded element network shear trough. The depth of 
spalling at the roof  ranges from 0.7 m to 1m. 

Maximum shear strain bands from 0.0005 to 0.005, 
representing intact rock pieces forming a potential fallout. 
 

Figure 4-20. The predicted failure of the rock mass around a laser scanned opening, at 
70 years from the start of deposition of the spent nuclear fuel. 
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Less failure is predicted to occur on the laser scanned surface of the tunnel opening, 
only ranging from 0.7 m at the centre to 1 m on the sides of the main failure surface, as 
seen in Figure 4-20. The excavated tunnel is wider than the planned opening; the the 
height of the tunnel is 0.4 m less than the designed height. The geometrical shape of the 
excavated tunnel is distributing the stresses more effectively, than that designed, due to 
the smooth curved shape with the absence of sharp notches at the corners, acting as 
stress concentrators.    
 
The reinforcement structures used within the models were Ø 25 mm rockbolts and 40 
mm layer of sprayed concrete, the details and design parameters being explained further 
in Section 2.3, Tables 2-4 and 2-5. The sprayed concrete was assumed to be connected 
to the rock surface by strong adhesion, in order to represent the real interaction 
occurring at the material boundary of the rock and concrete.  
 
The sprayed concrete used within the reinforcement of ONKALO has a compressive 
capacity of 35 MPa, which is reached in the crown of the tunnel in the modelling of the 
actual tunnel scenario, as shown in Figure 4-21. Parts of the bolts in the model will 
yield through shearing, especially at the crown portion of the tunnel where stress 
induced failure is concentrated. However, the critical strain limit of 0.05 is not exceeded 
at the yielded portion of the bolts, and they will continue to act as active rock support. 
The bolt structures used within Phase2 are determined by the shear capacity of the grout 
mass, being 40 kN in the models. However, even though yielding is present, the load 
bearing capabilities of steel are not reached as the yielding only occurrs in the grout 
mass of the bolts.   
 
The tensile capacity of the sprayed concrete is rather lowand failure of the sprayed 
concrete liner is predicted to occur on the walls of the central tunnels. However, the 
fibres within the concrete matrix are activated after yielding in the concrete layer has 
started to occurr. Therefore, the plastic properties of the sprayed concrete layer can be 
enchanced with a correct amount of fibres, to match the tensile stresses occurring in the 
walls of the tunnel, as shown in Figure 4-21. 
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-1.299 [MN] Axial Force

1.158 [MN] Axial Force

The resulting 
maximum 
compressive stress for 
the sprayed concrete 
liner is 28.9 MPa. 
 
The maximum 
tension stress of the 
liner, occurring on the 
walls, is 32 MPa. 
 
Light blue parts of the 
bolts are considered 
to yield due to 
shearing. 

-0.849 [MN] Axial Force

1.487 [MN] Axial Force

The resulting 
maximum 
compressive stress for 
the sprayed concrete 
liner is 37 MPa. 
 
The maximum 
tension stress of the 
liner, occurring on the 
walls, is 21 MPa. 
 
Light blue parts of the 
bolts are considered 
to yield due to 
shearing. 

Figure 4-21. Peak forces for the sprayed concrete liner. 

 
Phase2 is not capable of modelling Thermo-Mechanical coupling of the stress state with 
correct time dependency. Consequently, the models were calculated ignoring time 
dependency affecting the long-term evolution of the stress state, i.e., the stress increase 
was assumed to be increased in an instant. As the time dependency of the thermal stress 
evolution was ignored, only the highest stresses acting in the rock mass were being 
accounted for in the models, as shown in Figures 3-6 and 4-1.  
 
The current quantity of the analyzed rock reinforcement, Ø 25 mm rockbolts with a 
length of 3 m and 40 mm layer of sprayed concrete, is strong enough to provide a stable 
tunnel opening the during the peak of the long term stress state, with minor damage. 



41 

However, the long term stability and safety can be improved through the 
implementation of the principles of the Observational Method. 
 
The stress increase in the host rock can be seen as a function over time. By using the 
Observational Method approach, the time dependency of the stress state evolution can 
be taken into account. The designed lifetime of the central tunnels can be regarded as 
rather long, a minimum of 70 years, where easy access to the reinforcement structures is 
provided for the whole lifespan. It does not offer any increased margin of safety to 
design the tunnel reinforcement structures at locations of easy access to sustain the 70 
years of lifetime with the increase of stress state, when compared to the Observational 
Method philosophy and reinforcement design approach explained on Chapter 1.2. The 
long term safety and stability of the repository during its lifetime can be guaranteed by 
perceiving the reinforcement strategy in two stages.  
 

 Firstly, by installing the rock reinforcement to sustain the initial stresses and 
short term increases from the start of deposition.  
 

 Secondly, by installing additional reinforcement, if found necessary through 
monitoring and observation of the spaces.  
 

In this way, the effect of the time dependent rock stress increase affecting the 
reinforcement structures can be observed, in addition to creep-based damage, thus 
providing a better level of safety than a single stage design.  
  

4.3  Stress damage on shaft lining 

The maximum stress after 120 years in the shotcrete lining is 2.4 MPa, which is 11 % of 
shotcrete capacity. Thus, the minimum safety factor, given by dividing the fcd of the 
shotcrete by the induced stress, is equal to 9.2. Shotcrete stress magnitudes for different 
levels are presented in Appendix B. 
 

4.4  Structural capacity of reinforcement due to temperature increase 

The structural capacity of the reinforcement structures will decrease in a fire situation 
with temperatures exceeding 100 °C. At normal operating temperatures up to 100 °C 
limit, no reductions to the material parameters are needed. For concrete, the limit strain 
εc1 increases linearly from 0.0025 at 20 °C to 0.0040 at 100 °C (EN 1992-1-2:1995). 
Uneven heating is more harmful than a uniform temperature increase due to differences 
in thermal expansion factors. However, the thermal expansion factors of grout and rock 
mass are fairly close to each other. The factor for rebar is reasonably similar (+20 % 
difference), the duplex steel grades are slightly more (+30 %) and the austenitic steel 
grades (+60 %) will cause internal stresses already at moderate temperature changes. 
The thermal properties of the reinforcement materials are listed in Table 4-4. 
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Table 4-4. Thermal properties of reinforcement structures at 20 °C 

Material Thermal 
conductivity 

 [W/m·K] 

Density 
	[kg/m3] 

Heat 
capacity 

 
[J/kg·K] 

Poisson’s 
ratio 

 

Young’s 
modulus 

 [GPa] 

Coefficient 
of thermal 
expansion 
	[e-6/K] 

Rebar B500B 501 (7850)2 (500)2 0.303 2003 12.03 
EN 1.4301 154 79004 5004 0.304 2004 16.04 
EN 1.4401 154 80004 5004 0.304 2004 16.04 
EN 1.4162 (15)2 (7800)2 (500)2 0.304 2004 (13.0)2 
EN 1.4462 154 78004 5004 0.304 2004 13.04 
Rock (PGR) 3.335 26356 7165 0.257 535 9.768 
Concrete 
C35/45 

1.701 22009 84010 0.203 343 10.03 

1) SRMK C4:2002 2) missing data, closest match substituted 3) EN 1992-1-1:2004 4) EN 10088-
1:2005 5) Hakala & Valli 2013 6) Kukkonen et al. 2011 7) Posiva 2013 8) Åkesson 2012  9) Based 
on quality assurance tests for sprayed concrete 10) Neville 1995 
 
Assuming one restricted surface along the tunnel axis (plane strain), we can estimate the 
upper bound axial stress of the bolt. We assume here that the bolt does not contribute 
significantly to the stiffness of the rock mass. The immediate rock mass and rock 
reinforcement structures directly in the vicinity of the tunnel are kept at installation 
temperature by ventilation. The external heating is applied as an external load which 
deforms the tunnel inwards perpendicular to the tunnel wall surface. The bolt will be 
loaded by this forced movement: 
 

Δ 1 Δ 2.44
°

Δ , (5) 

where 	is the elastic modulus of the steel bolt, 
  is the Poisson’s ratio of the rock mass, 
  is the thermal expansion factor of the rock mass, 
 Δ  is the temperature increase. 
 
If there is no ventilation, the temperature increase will tend to expand the steel more 
than the surrounding grout and rock mass. This may reduce bolt pretensioning, may 
decouple the face plate from the rock mass or may induce distributed tensile cracking in 
the grout. In an idealized steady state, the bolt will be loaded only by the difference in 
the thermal expansion factor, which will eventually induce compression in the bolt and 
tension in the surrounding grout: 
 

Δ 1 Δ , (6) 
where 	is the elastic modulus of the steel bolt, 
  is the Poisson’s ratio of the rock mass, 
  is the thermal expansion factor of the rock mass, 
  is the thermal expansion factor of the steel bolt, 
 Δ  is the temperature increase. 
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4.5  Repository heat-induced BFZ stress-geology interaction 

Valli et al. (2011) conducted stress-geology interaction modelling, in which they 
investigated the effect of increased temperature on brittle deformation zones in the 
repository area. The results can still be assumed to be valid as the main concept has 
remained the same.  
 
Within the models of Valli et al. (2011), the cohesion for Brittle Fault Zones (BFZ) was 
assumed to vary from 0.3 MPa to 6.0 MPa. The friction angle was assumed to be 20°, in 
order to form a conservative approach for the estimation of the fracture slip. The 
thermal load was simulated according to Ikonen (2007), by using the contemporary 
layout of the repository. 
 
The models presented in the research of Valli et al. (2011) were re-calculated with more 
detailed parameters, obtained from the research of Simelius (2014). These parameters 
are presented in Table 4-5. Within the research of Simelius (2014), fracture parameters 
were assessed from mechanical viewpoint, thus forming a better understanding of the 
mechanical properties of fractures in ONKALO. 
 
Table 4-5. Parameters for modeling for fracture slip models (Simelius 2014). 

BFZ Properties Scenario a) Scenario b) 
Cohesion 0.5 MPa 1.0 MPa 
Friction angle 30o 35o 
Normal stiffness 100 GPa/m 100 GPa/m 
Shear stiffness 50 GPa/m 50 GPa/m 
 
The conservative maximum slip was determined to be 3 cm at repository depth after 
120 years from the start of deposition, with no increase after further time as shown in 
Figures 4-22 and 4-23. No noticeable slip was observed on vertical or sub-vertical 
brittle deformation zones. 
 

N E

U

BFZ099

HZ20

N E

U

BFZ099

HZ20

a1) after 40 years, cj =  0.5 MPa, j =  30° a2) After 120 years, cj = 0.5 MPa, j = 30° 
 

Figure 4-22. Scenario a) Shear displacement of brittle deformation zones after 40 and 
120 years from the start of deposition. The maximum displacement of 20 mm is reached 
after 120 years.  
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b1) after 40 years, cj = 1.0 MPa, j = 35° b2) after 120 years, cj =  1.0 MPa, j = 35° 
 

Figure 4-23. Scenario b) Shear displacement of brittle deformation zones after 40 and 
120 years from the start of deposition. The maximum displacement of 32 mm is reached 
after 120 years. 
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5  DISCUSSIONS AND CONCLUSIONS 

5.1  Discussion 

Thermally induced stresses are function of temperature increase, thermal expansion 
coefficient of rock and rock mass deformability.  It is assumed that temperature increase 
is well known, but at least minor uncertainties are related to upscaling of thermal 
expansion coefficient. However, the rock mass deformability is currently under highest 
uncertainty. Both the temperature increase and deformation modulus have a 1:1 effect 
on thermal stresses, whereas the effect of thermal expansion is higher. The values used 
at this report can be considered conservative. 
 
The approach used to assess the damage depth is based on common understanding on 
failure of brittle rock. In POSE experiment it was observed that the failure of the rock 
was mostly governed by heterogeneous features such as sharp mica contacts between 
weak bands of mica rich gneiss and pegmatitic granite (Johansson et al. 2014, Valli et 
al. 2014). This type of failure mode will result in discontinuous damage, favourable for 
nuclear waste disposal. In POSE experiment it was also observed that although the rock 
was damaged in lower stresses, the first damage seemed to relax the stress state. Later in 
the experiment the rock failure was found with limited dimensions in high stresses, 
exceeding even the Crack Damage (CD) threshold value of 99 MPa. When the observed 
in situ failure is being investigated, the conventional brittle failure approach used in this 
report is conservative from the basis of the observations.  

In the Olkiluoto Site Description 2008, a wedge-like failure mechanism was reported 
that can possibly describe the failure mechanism shown Figure 5-1. In the reported case 
the wedge was outlined by foliation surface and fresh rupture surfaces. Based on tunnel 
observations and POSE experiment these failure planes are usually associated with mica 
rich planes. 

 
 

Fracture (dashed red line) forming in weak mica plane 
following the foliation plane. 

Intact rock fails (solid red line) forming a wedge together 
with mica plane. 
 

Figure 5-1. Observed instability at the tunnel roof. 
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5.2  Conclusions 

During the operation period the temperature increases in the central tunnels have a 
maximum of 14 ºC and in the technical facilities 6 ºC without considering the effect of 
ventilation. The horizontal thermal background stress increases in the central tunnels 
before backfilling is 8 MPa, and in the technical facilities area less than 2 MPa. The 
vertical thermal background stress remains about the same. The effect of ventilation is 
favourable and neglected in the analysis.  
 
Based on elastic analysis, the stress-induced damage can be quite extensive when 
considering the lower damage boundary (crack initiation value), reaching up to 900 mm 
in depth. This said, it must be noted that the damage depths can be considered to be very 
much on the conservative side as the crack damage strength is not exceeded in any 
location. Also, there is no guarantee that any such cracking would form discrete and 
detachable rock blocks. Despite deep reaching damage potential, in all the load cases 
studied the currently designed and used reinforcement types and configurations (rock 
bolts, shotcrete) are capable of handling the dead weight of the damaged rock should 
this occur. At normal operating temperatures, and for the structural capacity of the 
reinforcement structures up to the 100 °C limit, no reductions to the material parameters 
are needed.  
 
When bolts, shotcrete lining and rock mass is considered as a combined structure, the 
rockbolts can yield but not fail according to 2D plastic analysis. The shotcrete structure 
suffers bending tensile failure on the sidewalls. Parts of the bolts will yield through 
shearing, especially in the crown portion of the tunnel where spalling is concentrated. 
However, the critical strain limit of 0.05 is not exceeded in the yielded part of the bolts, 
and they will continue to act as active rock support. The tensile capacity of the sprayed 
concrete is rather low, before reaching the plastic limit, and failure of the sprayed 
concrete liner is predicted to occur to some extent on the walls of the central tunnels. 
However, the fibres within the concrete matrix activate after yielding in the concrete 
layer has started to occurr. 
 
The most conservative maximum slip in shallow dipping BFZ structures was 
determined to be 60 mm at repository depth after 120 years. With the empirical 
experience from deep mining, the slips in the order of magnitude of centimeters cannot 
be stopped with reinforcement structures of reasonable dimension. The effect of a 30 
mm slip in rock reinforcement structures is locally destructive; however, fibre 
reinforced shotcrete or steel mesh structures will retain their bearing capacity.  
 
By using the Observational Method approach, the time dependency of the stress state 
evolution can be taken into account. The designed lifetime of the central tunnels can be 
regarded as rather long, a minimum of 70 years, where easy access to the reinforcement 
structures is provided for the whole lifespan. No increased margin of safety can be 
obtained from designing the tunnel reinforcement structures to sustain 70 years of 
lifetime along to sustain the peak stresses at the end of the lifetime, where easy access 
for maintenance and service is provided. The single stage design, based on designing a 
one reinforcement solution for the whole lifespan can be replaced with the 
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Observational Method philosophy, and staged reinforcement design approach explained 
on Chapter 1.2.  
 
The long term safety and stability of the repository during its lifetime can be guaranteed 
by perceiving the reinforcement strategy in two stages. Firstly, by installing the rock 
reinforcement to sustain the initial stresses and short term increases from the start of 
deposition with a monitoring programme in place. Secondly, by installing additional 
reinforcement, if found necessary through monitoring and observation of the 
underground facilities. In this way, the effect of the time dependent rock stress increase 
affecting the reinforcement structures can be observed, thus providing a better level of 
safety than a single stage design.  
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APPENDIX A. REINFORCEMENT TYPES 

A.1 General Approach of reinforcement selection 
 
The rock reinforcement structure types, applied at the construction of the current stages 
of the nuclear waste repository, have been developed ever since the beginning of the 
ONKALO research facility. The applied reinforcement structures and solutions have 
been adapted to the long term safety demands, as well as assuring safety demands 
during construction and operation of the facility. 
 
The main philosophy of the reinforcement design is in line with proven technology used 
in national and international projects in hard bedrock conditions. In these conditions, 
rockbolts are applied to the rock mass to inhibit larger rock block formation and thus 
assure large scale rock stability. In addition, either sprayed concrete, or, as an 
alternative, wire mesh constructions are installed to handle small scale instabilities 
occurring between the rockbolts. 
 
 The long term safety demands of the design of the nuclear waste repository, and the 
operational demands set by certain additional constraints on the reinforcement, impose 
high demands on reinforcement structure types. The most influencing long term safety 
demands and other boundaries on the reinforcement structure types are listed as 
following. 
 

- Restricted use of concrete materials in deposition tunnels, hence no concrete 
constructions in the deposition tunnels are allowed, and the use of low pH grout 
for rockbolts. 

- Different designed life times ranging from 10 to 120 years, depending on the use 
and location of the tunnel. 

- Highly saline groundwater conditions, in addition to the absolute necessity to 
minimize ground water inflow into the tunnels. 

- Rock temperature increase due to deposition of spent nuclear fuel, leading to an 
increase of stress state within the rock mass. 

- Deep rock conditions with high in situ stresses, relative to the rock initial 
strength. 

- Rock that is sensitive to spalling and/or smaller rock parts loosening or falling. 

- Limitations on allowed materials for reinforcement use. 

 
A.2 Rock bolts 
 
During the construction of the research facility ONKALO, different types of rockbolts 
are being used. The currently used rockbolts are the regular rebars, CT-bolts, Kiruna 
bolts, and FIN bolts. The FIN bolts were developed especially for the reinforcement of 
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ONKALO research facility and the repository. The regular rebars, CT-bolts and Kiruna 
bolts all have different disadvantages within the design framework. However, the FIN 
bolt developed by Posiva is a result of research and developments, to optimally adapt 
the rockbolts to the demands and conditions imposed by the design criteria. The main 
characteristics and features of the FIN bolts are the following. 
 

- Due to its anchor and steel plate, they function directly, before grouting. 

- Possible to construct all components in the allowed materials (stainless steel). 

- Protected with a steel pipe, not only allowing the rockbolt to be grouted later on, 
but also additionally protecting the bolt against corrosion. 

- Can be used also to post-grout the rock as well and stop water leakage from the 
rockbolt holes. 

- Steel plates are removable, in case wire mesh needs to be removed temporarily, 
as further explained in Appendix A, chapter A.2. 

The FIN bolt types currently used at the reinforcement of ONKALO are presented in 
Figures A-1 and A-2. 
 

 
Figure A-1. FIN bolt, used in the reinforcement of the ONKALO research facility. 

 
Figure A-2. Schematic of different type of FIN bolt, designed for post-grouting 
purposes in case of leakage. 

 
A.3 Wire mesh 
 
The functionality of wire mesh is not to prevent rock blocks or rock pieces from 
loosening or falling down, but rather to protect the user of the tunnel in case of falling 
rock material. Consequently, it will be necessary to sometimes remove the mesh and 
scale the loose blocks away behind the mesh. During the construction of the research 
facility ONKALO, different types of wire meshes were used, or being tested to be used 
in the future. Wire meshes are necessary to be installed at locations where sprayed 



55 

concrete is not allowed, or where it is considered necessary to keep the rock surface 
visible for further inspection and exploration purposes. Due to the highly saline 
groundwater conditions within the repository level, stainless steel is concluded a 
necessity against corrosion; hence as a result not all types of wire meshes are feasible 
options. The wire mesh construction is built up from mesh plates attached to the rock 
surface by rockbolts or smaller scale rock anchors. The wire mesh plate has the opening 
of 22 mm by 51 mm, or alternatively 40 mm by 86mm. The wires have a thickness of 
around 3 mm each. The plate is 1.25 m by 2.5 m in size. The wire mesh type, currently 
used in ONKALO is presented below, in Figure A-3. 

 
Figure A-3. Wire mesh type and its grid + overlap used in the Demonstration tunnels 

 
 
A.4 Sprayed concrete 
 
Sprayed concrete is used to seal the rock surfaces against smaller rock parts from falling 
down. Sprayed concrete will be additionally reinforced with stainless steel fibres, to 
increase to post-yield capacity of the sprayed concrete. The concept and the recipe of 
sprayed concrete used within ONKALO have been developed by following the 
regulations listed below. 
 

- SFS-EN 12390-3 Hardened concrete testing. Part 3: Compressive strength of test 
specimens. 

- SFS-EN 14487-1 Sprayed concrete part 1: (2006) Definitions, specifications and 
conformity 

- SFS-EN 14487-2 Sprayed concrete part 2: (2007) Realisation. 

- SFS-EN 14488 Testing spraying concrete (2005) 

- BY 50 Concrete norms 2004 

Sprayed concrete to be used must be manufactured in accordance with standard SFS-EN 
197-1, with CE (Conformité Européenne) marking. Accelerators, plasticizers, grain size 
and water cement ratio are well defined in the technical specifications of each part of 
construction. At the moment, Posiva is well advanced in developing sprayed concrete 
with low pH values—which will be reported separately.  
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APPENDIX B. SHAFT REINFORCEMENT ANALYSIS 

B.1 Shaft outline and input data 
 
Stress-induced damage and thermal effects on reinforcement structures in shafts has 
been previously studied as a part of the shaft reinforcement design process. A shaft was 
modelled at four different depth levels, at -280 m, -350 m, -420 m and -455 m. The 
models were constructed with applying the average in-situ stress interpretation, 
presented in Tables B-1 and B-2 (Posiva 2008). Even though the calculations were 
carried out with the previous interpretation of the in situ stress field, they can still be 
considered as a conservative starting point, when compared to the current understanding 
of the stress field magnitude in ONKALO (Posiva 2013). The resulting stress field 
acting on the shaft can be considered less, as the orientation of the horizontal stress 
components does not influence the stress magnitude around a circular opening. 
 
Table B-1. In situ stress components used for calculation for stress induced damage in 
shafts, Case 1, (Posiva 2008). 

Component Dir. 
0 < z < 300 m 300 < z < 900 m 
Mean Mean 

Sigma 1 (MPa) 90° 10 + 0.042 z 13.6 + 0.03 z 
Sigma 2 (MPa) 0° 6 + 0.0265 z 9.45 + 0.015 z 
 
Table B-2. In situ stress components used for calculation for stress induced damage in 
shafts, Case 2, (Posiva 2008). 

Component Dir. 400 < z < 500 m 
  Mean 
Sigma 1 (MPa) 324° 28.8 + 0.03 (z – 400) 
Sigma 2 (MPa) 234° 19.9 + 0.015 (z – 400) 
 
To find the level at which the stress induced damage can occur around the shaft, the two 
dimensional boundary element code Examine 2D was used (Rocscience 2012). Stress 
induced damage was expected to occur when the calculated differential stress (σ1- σ3) is 
higher than the considered stress induced damage limit of 65.6 MPa. This stress induced 
limit was concluded to be 57 % of UCS in Olkiluoto (Posiva 2008, Martin & 
Christiansson 2008). The stress distribution when the first damage occurs is shown in 
Figure B-1. 
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Figure B-1. Maximum tangential stress in a section of the shaft at level -300 m. 

 
When the differential stress is exceeded, there is a possibility of formation of wedges 
around the boundary of the shafts. The wedges are assumed to form a V-shaped notch 
with an assumed angle of 40°, shown in Figure B-2. However, when the excavation is 
carried out vertically, the wedges are not free to move with the gravity. For a 
conservative calculation, it is possible to assume that the blocks are free to fall due to 
gravitational forces, therefore verifying the effect of the 40 mm layer of sprayed 
concrete. 
 

 
 
Figure B-2. Illustration of assumed V-notch shape formed by the stress damage. 

  

40

σ1 
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Table B-1. Formulas and parameters for calculating design values for compressive and 
tensile strength of reinforced and unreinforced concrete (EN 1992-1-1 NADFI chapter 
12.3.). 

Property Parameter Formula  
Fibre reinforced concrete, 
design value for compressive 
strength  

0.85 ∝ ⁄  (B1)

Fibre reinforced concrete, 
design value for tensile 
strength 

 , , ⁄  (B2)

Unreinforced concrete, 
design value for compressive 
strength 

, 0.68 , ∝ , ⁄  (B3)

Unreinforced concrete, 
design value for tensile 
strength 

, 0.60 , ∝ , , , ⁄  (B4)

  
where  αcc  is the factor for long term effect and loading effect 
 fck is the cylindrical compressive strength of concrete (28d) 
 fctk,0,05 is nominal value of concrete tensile strength, 5 % fractile 
 γc is the partial safety factor for concrete (1.35) (for grade 1) 
 
When fibre reinforced shotcrete is used, with the strength class of C35/K45-1, the 
strength of the concrete can be calculated as following: 
 

35	  ^ 1.35 (B5) 
 

0.7 0.3 2.247  (B6) 
 

, ,

,
1.66   (B7) 

 
For unreinforced concrete, a reduction factor is used , 0.6 
 

, ,
, ,

,
1.0  (B8) 

 
The design shear strength of unreinforced shotcrete is: 
 

  (B9) 

 
where  Is the design shear strength of unreinforced shotcrete  
  (N/mm2). 
  Is the compressive force acting on the region (N/mm2). 
  Is the design tensile strength (N/mm2). 
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From a conservative standpoint, it is usually assumed that the additional capacity from 
the acting compressive force is insignificant, thus the formula can be simplified to: 
 

 (B10) 
 
The selected grade of C35 shotcrete has strength of 1.66 MPa, hence shotcrete layer 
with thickness of 40 mm will carry a maximum load of 66.4 kN/m. Formula for 
calculating the maximum depth of stress induced damage is the following: 
 

γ
°
  (B11) 

 
where Fjv Is the load from damaged rock mass (kN) 

γ Is the safety factor of a permanent action “dead load” 1.35 
ρ Is the unit weight of the rock mass 28 kN/m3  
s Stress damage depth (m) 

 
From the Equation (B11) it is possible to conclude that the maximum load that the 40 
mm shotcrete layer can withstand the dead weight from a stress induced damage depth 
of 1.7 m. However this value is not reached in any part of the shotcrete liner installed at 
the shaft. 
 
B.2 Thermal load 
 
The calculation has been carried out using a 1D numerical analysis, with a program 
called Mathcad. The considered height of the shaft is 1205 m. The continuum has been 
split into calculation elements, 241 elements in space, located every 5 m, and 1500 
elements in time. Special conditions have been set for three locations. 
 

- At h = 0 m (node 0, highest location at the shaft) the temperature is 
forcibly kept at 4.5°C (Dirichlet boundary condition). 

- At h = 420 m (node 84, repository depth) there is a heat generator with 
time variable power and a lumped mass, to represent the canister to shaft 
buffer distance. 

- At h = 1205 m (node 241, lowest location) the temperature is forcibly 
kept at 16.5°C (Dirichlet boundary condition). 

The special conditions at h = 420 m are explained in Figure B-7. The hatched area 
represents the lumped rock mass, which simulate a source of power coming from all the 
directions at 150 m of distance from the shaft. The calculation returns then the different 
temperatures at different times, for up to 120 years, and locations along the shaft. The 
principle to be studied is the heat transfer via conduction. Radial symmetry is assumed 
around the shaft. The effect of ventilation on the shaft structure and the resulting Green 
boundary condition is neglected, which results in a conservative calculation 
representing a very long abruption of normal shaft operation. Therefore the partial 
difference equation (PDE) to be solved is: 



61 

 

λ   (B12) 

 
The calculation sequence can be expressed as following: 
 

1. Parameters are initialized and functions defined. 
 

2. The calculation is launched. 
 

3. Timestep 0 is initialized to predefined starting temperature gradient. 
 

4. Updatetemps function is called to calculate the temperatures for timestep 1…n 
 

5. Updatetemps forcibly keeps the boundary conditions and uses the EFDS to 
calculate temperatures to spacesteps 1…n-2 of current timestep. 
 

6. CapsuleP function is called to get the current capsule power. 
 

7. The capsule power is administered to a lumped mass disc which represents the 
buffer between the shaft and the canister deposition panels. 
 

8. Current timestep is ready and is stored into memory for future use (step from 4 
to 8 repeated 1500 times). 
 

9. Graphs are plotted at 1/6th of the total calculation time (0, 20, 40, 60, 80, 100, 
120 yr). 
 

10. To get the change in stress, the temperature change is multiplied with thermal 
expansion factor and with Young’s modulus. 
 

11. The change in stress is combined with in-situ stress by adding them together. 
 

12. Triangular approximation is fitted for easier calculation (the error is acceptable 
at both tails). 
 

Kirsch’s equations are used to obtain the stress change at circular opening (e.g. round 
shaft) walls. 
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B.3 Calculation sequence 
 

Rock mass density  2749
kg

m
3

  Ikonen (2007) 

Rock mass heat conductivity k 2.91
W

m K
  

Kukkonen et al. (2011) 

Rock mass nominal heat capacity cp 712
J

kg K
  

Kukkonen et al. (2011) 

Rock mass heat diffusivity 
k

 cp
   1.487 10

6


m
2

s
  

 

 

Young's Modulus E 57.9 GPa  

kT 9.5 10
6


1

K
  Ikonen (2007) 

Coefficient of thermal expansion 

Depth of modelling area h ma 1200 m  Ikonen (2007) 

Depth of repository level from surface h LST 420 m  Ikonen (2007) 

min = 60 s h 60 min  d 24 h  a 365 d  

lenght and number of temporal and spatial steps (t , Tn, x, and Xn ) 

t 30 d  Tn round
120 a

100 t
0





100  Tn 1500 (120 years) 

 x 5m  Xn

hma

x
1  Xn x 1205m Xn 241

i 0 Xn 1  x
i

i x  

Courant– Friedrichs– Lewy -convergence criterion: 
t

x
2

 0.152  

below 0.50, for all equations to be stable below
0.25, for all equations converge 
below 0.167, for minimizing truncation error 

Rock mass temperature Tinit i
277.5 K

1.5K i x

100m
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Function, which calculates the momentary capsule power as a function of time  

 

Ikonen (2007) 

Function, which updates the momentary temperatures with explicit finite difference method 
(EFDM) 
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Figure B-3. Temperature as a function of depth 
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Results can also be presented as increase of stress 

  

  

  

 
 
Figure B-4. Increase of stress as a function of depth.
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Results can also be presented combined with in-situ stress, for example with the 
average value of maximum principal stress: 

 

Posiva (2009) 

 
 
For design purposes of reinforcement structures, an approximation of the increased in-situ 
stress due to heating can be done. 
 

 
 
Figure B-5. Average maximum principal stress component. 
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The increase of stress is hydrostatic (equal magnitude in every direction). Based on 
Kirsch equations the increase in tangential stress is therefore double compared to the 
increase in in-situ stress. 

^ 

Figure B-6. Design approximation 
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B.4 Discussion 
 
The increase of stress can be obtained by using the following formula, however 
considering that when the rock is unable to expand or contract due to heat induced 
volumetric change. 
 

Δσ ΔT	 	  (B13) 
 

 
 
Figure B-7. Geometry considered for the calculation of thermal induced stress. 
 
 
B.5 Uncertainties related to Thermal increase 
 
There are several unknown factors related to thermal increase, which include the heat 
emission of the capsules as a function of time, capsule deposit density, capsule deposit 
schedule, safety distance from deposit areas, the thermal parameters of the bedrock etc. 
To control this uncertainty the following assumptions were made: 
 

- The average values shall be used for thermal parameters of the rock; 

- Conservatively, the safety radius of the shafts are assumed to be 150 m 
(which roughly corresponds to a safety distance of 50 meters between 
the panels and the technical areas); 

- Conservatively, all the capsules are assumed to be deposited at t = 0 s; 

- The heat emission of the capsules and the deposit density are according 
to research of Ikonen (2007). 
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B.6 Conservative temperature increase 
 
The thermal increase is shown in Figure B-8. On the end deposit level -420 m the stress 
increase is 2 MPa, and it decreases to 0 MPa over a distance of 140 metres. Resulting in 
zero increase at stresses from -280 m level up or -560 m level down.  
 

 
Figure B-8. The design approximation for stress increase 
 
 
B.7 Thermal effect 
 
The calculation to assess the effect of the thermal load to the shafts was carried out with 
a shaft diameter of 3.5 m, using 2D FEM software Phase2 (Rocscience 2014a). The 
shaft was modelled on four different levels, at -280 m, -350 m, -420 m and -455 m. The 
models were constructed with using the average in-situ stress listed in Tables B-1 and 
B-2. Both the directions resulting from the different stress interpretations were used, σ1 
dip direction equal to 90° and 324°. The resulting values of stress at different levels, 
with the thermal induced stress increase, are listed in Table B-4. 
 
Table B-4. Stress magnitudes used for shaft stress calculation at different levels.  

Depth σ1 dip Average (MPa) Thermal induced 
(m) dir. σ1 σ2 σ3 stress (MPa) 
-280 90° 21.8 13.4 7.4 0.0 
-350 90° 24.1 14.7 9.3 1.0 
-420 90° 26.2 15.8 11.1 2.0 
 324° 29.4 20.2 13.8 2.0 
-455 90° 27.3 16.3 12.1 1.5 
 324° 30.5 20.7 14.8 1.5 
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Depending on the depth of the shaft section, the model showed the presence of stress 
induced damage. In Table B-5 the tangential stress magnitude (σθθ) at different levels is 
listed. The values in green are the magnitudes below the stress induced damage limit 
65.6 MPa, and the red values the magnitude above that limit. When the value is higher 
than the damage limit, also the depth of damaged zone is indicated (Lsp). The 
reinforcement layout used for the calculation was a single layer of shotcrete with 
varying thickness of 40 mm, 80 mm and 200 mm. In every case the damage depth is 
well below the previously calculated maximum damage depth allowed for 40 mm 
shotcrete. 
 
Table B-5. Stress magnitude at different levels 

Depth 
Thermal 
induced 

σ1 
dip 

Stress After excavation After heating 

(m) stress (MPa) dir. condition σθθ Lsp (mm) σθθ Lsp (mm)
-280 0.0 90° Average 51.9 0 51.9 0 
-350 1.0 90° Average 57.5 0 59.5 0 
-420 2.0 90° Average 62.7 0 66.7 35 
  324° Average 67.9 50 71.9 135 
-455 1.5 90° Average 65.5 0 68.5 65 
  324° Average 70.5 100 73.5 165 
 
None of the models underlined presence of damage in the shotcrete layer due to 
deformation caused by the heating period. The maximum stress after the heating in the 
shotcrete is 2.4 MPa, much smaller than the limit for the shotcrete which has strength of 
22 MPa. Consequently, the minimum safety factor, given by dividing the fcd of the 
shotcrete by the induced stress, is equal to 9.2. Shotcrete stress magnitudes for different 
levels are presented in Table B-6. 
 
Table B-6. Shotcrete stress magnitude at different levels. 

Depth Thermal induced SC thickness SC stress 
Factor of Safety 

(m) stress (MPa) (mm) (MPa) 
-280 0.0 40 0.00 - 
 0.0 80 0.00 - 
 0.0 200 0.00 - 
-350 1.0 40 1.15 19.1 
 1.0 80 1.17 18.8 
 1.0 200 1.20 18.3 
-420 2.0 40 2.31 9.5 
 2.0 80 2.33 9.4 
 2.0 200 2.40 9.2 
-455 1.5 40 1.73 12.7 
 1.5 80 1.75 12.6 
 1.5 200 1.80 12.2 
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The stresses in Table B-6 were calculated at the internal boundary of the shotcrete layer, 
where the stress reaches its maximum level. In any case, the internal fluctuation of 
stress along the shotcrete section has no significance on the calculation, since the 
difference is minimal. In the most critical case, where the shotcrete stress reaches 2.40 
MPa, the difference between internal and external boundary of the layer is 0.23 MPa 
(9.5% less). The stress distribution of this particular section is presented on the Figure 
B-9. The calculation is carried out for a wider profile, with 4.5 m diameter which shows 
lower stress concentration. 
 

 
Figure B-9. Stress distribution for the 200 mm shotcrete layer at the depth of at -420 m. 
Two separate diameters of 3.5 m on the left, and 4.5 m on the right.  
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