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SEISMIC RELIABILITY ASSESSMENT
METHODOLOGY FOR CANDU
CONCRETE CONTAINMENT STRUCTURES

A report prepared by M.J. Stephens, M.A. Nessim and H.P. Hong, of the Centre for Frontier
Engineering Research, under contract to the Atomic Energy Control Board.

ABSTRACT

A study was undertaken to develop a reliability-based methodology for the assessment of
existing CANDU concrete containment structures with respect to seismic loading. The focus
of the study was on defining appropriate specified values and partial safety factors for
earthquake loading and resistance parameters. Key issues addressed in the work were the
identification of an approach to select design earthquake spectra that satisfy consistent safety
levels, and the use of structure-specific data in the evaluation of structural resistance.

It was found that to minimize the overall level of uncertainty associated with the seismic load
effect, the use of the uniform hazard spectrum (UHS) method for seismic hazard analysis is
preferred. Using this approach and data from sites in eastern North America, it was
determined that the spectral amplitude estimate for the fundamental frequency of
representative containment structures in eastern Canada can be characterized by a log normal
probability distribution with a coefficient of variation on the order of 10. It was further
determined that the relative magnitudes of uncertainty associated with seismic hazard
estimates and structural response estimates is such that the overall uncertainty on the seismic
load effect is dominated by the uncertainty in the seismic hazard estimate.

Material resistance data from various nuclear structures were reviewed and used to develop an
approach for selecting equivalent material resistance values using any structure-specific data
that may be available. The approach is based on estimates of the mean value and coefficient
of variation of the in-situ concrete strength and the actual steel yield strength. This choice
was made because, ideally, these quantities should be available directly for the structure being
assessed. The methodology is structured such that if this information is not available, other
information such as cylinder test data or at least the specified material properties may be used
to estimate the in-situ strengths.

Models for calculating element resistance from equivalent material properties were developed
and incorporated into a reliability model. Reliability analyses, focusing on earthquake
loading, were then carried out for a number of test cases assuming representative geometries
and material properties. The results were compared to target reliability levels and assessed for
sensitivity to differences in key parameters. Based on this, the parameters required to
implement the assessment methodology were defined.

The reliability calculations for representative test cases showed that for reliability checks
associated with the elastic limit state (steel yielding) an unfactored earthquake load
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corresponding to a return period of approximately 500 years is necessary to achieve an
acceptable annual failure probability, defined herein as being in the range of 10"4 to 10'3. For
reliability checks associated with the ultimate limit state (failure) an earthquake load
corresponding to a return period of 2500 years, together with a load factor of 2.5 was found
to give an acceptable annual failure probability, defined as being in the range of 10'6 to 10'5

for ductile failure modes and 10'7 to 10'6 for brittle failure modes. Alternatively it was found
that the proposed ultimate limit state reliability level can be achieved with a longer specified
earthquake return period and a reduced load factor (e.g. a 10,000 year return period with a
load factor of 1.1).

RÉSUMÉ

Une étude a été entreprise pour mettre au point une méthodologie axée sur la fiabilité, dans le
but d'évaluer les enceintes en béton actuelles des centrales CANDU en ce qui a trait aux
surcharges sismiques. Cette étude était centrée sur la définition de valeurs prescrites et de
facteurs de sécurité partiels appropriés pour les charges sismiques et les paramètres de
résistance sismique. Les problèmes essentiels visés par ce travail étaient l'identification d'une
méthode de sélection de spectres sismiques types satisfaisant des niveaux uniformes de
sécurité, ainsi que l'utilisation de données spécifiques dans l'évaluation de la résistance
structurale.

Pour réduire à un minimum le niveau général d'incertitude associé à l'effet des charges
sismiques, on a trouvé que la meilleure solution était d'utiliser, pour l'analyse du danger
sismique, la méthode du spectre de risque uniforme (UHS). Grâce à cette méthode et aux
données obtenues sur le terrain dans l'est de l'Amérique du Nord, on a déterminé que
l'estimation de l'amplitude spectrale de la fréquence fondamentale d'enceintes de confinement
types dans l'est du Canada peut être caractérisée par une distribution lognormale assortie d'un
coefficient de variation de l'ordre de 10. On a également déterminé que les ordres de grandeur
relatifs de l'incertitude associée aux estimations de risque sismique et aux estimations de
réponse structurale sont tels que l'incertitude globale associée à l'effet des charges sismiques
est dominée par l'incertitude des estimations de risque sismique.

On a vérifié et utilisé des données de résistance des matériaux provenant de diverses structures
nucléaires pour mettre au point une méthode permettant de choisir des valeurs de résistance
équivalentes à partir de données spécifiques des structures envisagées. Cette méthode repose
sur des estimations de la valeur moyenne et du coefficient de variation de la résistance du
béton ir. situ, et de la limite élastique effective de l'acier. En effet, idéalement, ce sont des
grandeurs qui sont en général directement disponibles pour l'évaluation d'une structure. La
méthodologie est organisée de telle sorte que si ces données ne sont pas disponibles, on puisse
en utiliser d'autres pour estimer les résistances in situ, par exemple les données d'essai sur
cylindres ou, au moins, les propriétés des matériaux spécifiées.

On a mis au point des modèles pour calculer la résistance d'éléments à partir des propriétés
équivalentes des matériaux, et on les a incorporés à un modèle de fiabilité. Des analyses de
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fiabilité axées sur les charges sismiques ont été effectuées sur un certain nombre de cas types
en partant d'hypothèses de géométrie et de propriétés des matériaux représentatives. Les
résultats ont été comparés à des niveaux de fiabilité cibles, et l'on a évalué leur sensibilité à
des différences dans les paramètres clés. Sur cette base, on a défini les paramètres nécessaires
à la mise en application de la méthodologie d'évaluation.

Les calculs de fiabilité effectués sur des cas types représentatifs indiquent que, pour les
vérifications de fiabilité associées à l'état limite élastique (celle de l'acier), il faut une charge
sismique non pondérée correspondant à une périodicité d'environ 500 ans pour obtenir une
probabilité de défaillance annuelle qui soit acceptable, définie ici comme étant de l'ordre de
10"4 à 10"3. Dans le cas des vérifications de fiabilité associées à l'état limite ultime
(défaillance), on a trouvé qu'il fallait une charge sismique correspondant à une périodicité de
2 500 ans, avec un facteur de charge de 2,5, pour donner une probabilité de défaillance
annuelle acceptable, définie comme étant de l'ordre de 10'6 à 10'5 dans le cas des modes de
rupture ductile, et de 10'7 à 10'6 dans le cas des modes de rupture fragile. Par contre, on a
trouvé que le niveau de fiabilité pour l'état limite ultime proposé peut être réalisé avec une
périodicité spécifiée plus longue et un facteur de charge réduit (par exemple une période de
10 000 ans et un facteur de charge de 1,1).

DISCLAIMER

The Atomic Energy Control Board is not responsible for the accuracy of the statements made
or opinions expressed in this publication and neither the Board nor the author assumes
liability with respect to any damage or loss incurred as a result of the use of the information
contained in this publication.
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1.0 INTRODUCTION

1.1 General

This report is the result of a study carried out by the Centre for Frontier Engineering Research

(C-FER) under contract to the Atomic Energy Control Board (AECB). The study was

undertaken to develop a reliability-based methodology for the seismic assessment of concrete

containment structures that can be used by operators as a framework to establish containment

safety with respect So earthquake loading, or by the AECB as a basis for reviewing seismic

assessment submissions.

The use of a reliability-based approach is consistent with the present move in the industry

toward using this method as a basis for containment design. This is evidenced by the

conversion of the 1993 edition of the Canadian Standard Association's (CSA) Design

Requirements for Concrete Containment Structures for CANDU Nuclear Power Plants

(CAN/CSA-N287.3) into a limit states format. Reliability-based approaches ensure that

consistent safety levels are achieved and that unnecessary conservatism is minimized.

This is the second study carried out by C-FER for the AECB in the area of reliability-based

verification of CANDU containment structures. The first study (Phase I report: AECB INFO-

0485) was aimed at assessing the reliability implied by the load and load combination factors in

CAN/CSA-N287.3-M93 and suggesting modifications to achieve acceptable and consistent

safety levels. In that study, a methodology was established to verify the code design checks

based on their associated reliability levels. The elements of this methodology included:

1. A set of verification test cases. These covered the main structural elements used in
containments, the m*™ structural actions on these elements, the most important loads and
the governing load combinations.

2. A probabilistic approach to estimate the probabilities of failure (reliability levels) associated
with a given design case.

The present study uses the same reliability analysis approach and basic test cases established in

the first report. It also uses the conclusions made in the first phase regarding the best format

for defining specified values and partial safety factors.
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1.2 Objectives and Scope

The objective of the study was to develop a reliability-based methodology for the assessment of

existing CANDU concrete containment structures with respect to seismic loading, and to define

the parameters necessary to implement the methodology. The focus of the study was on

defining appropriate specified values and partial load factors for earthquake loading and

resistance parameters, and not on the structural analysis methods required to calculate load

effects due to earthquakes. The key issues addressed in the work were the identification of an

approach to select design earthquake spectra that satisfy consistent safety levels, and the use of

structure-specific data in the evaluation of smictural resistance.

The tasks carried out to achieve the objective are as follows:

1. Development of methodology. The assessment methodology was developed conceptually
after reviewing reliability-based assessment approaches for other structures.

2. Seismic load model. The seismic models and data required to define a specified load effect
and load factor for the assessment were analysed to select the best approach, and to
quantify the variability associated with the results.

3. Resistance models. Material resistance data from various nuclear structures were reviewed
and used to develop an approach for selecting specified material resistance values and
safety factors, using any structure-specific data that may be available. Models for
calculating element resistance (e.g. in flexure, combined flexure plus axial load, and shear)
from material properties were developed and incorporated in the reliability model.

4. Reliability Analysis. Reliability analyses were carried out for a number of test cases
focusing on earthquake loading. The results were compared to target reliability levels and
assessed for sensitivity to different key parameters. Based on this, the parameters required
to implement the assessment methodology were defined.

1.3 Assumptions and Limitations

1. Knowledge that the structure has withstood certain loads such as pressure test loads or past
earthquake loads was not considered in the assessment procedure.

2. Due to scope limitations, prestressed concrete structures were not considered explicitly in
calibrating the assessment parameters. Since prestressed concrete elements have lower
variability than reinforced concrete elements, the application of the methodology described
in this report to prestressed elements is conservative.
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1.4 Definitions

The following standard definitions (based on CSA Special Publication S408-1981) are used

throughout the report:

limit state: Failure mode of a structural element

Target Reliability: Average reliability level achieved by a set of design checks.

Allowable failure probability: Average failure probability permitted for a set of design checks
(equals the target reliability subtracted from 1.0).

Specified material strength: The specified value of a material strength such as steel grade or
specified concrete cylinder strength. These are used as
unfactored values in the design check.

Specified resistance: The element resistance calculated using the specified material
strengths.

Specified load: The unfactored load value used in the checking equation. This is
usually defined by reference to the probability distribution of the
load (e.g. mean load or load with a return period of 100 years).

Partial factor A multiplicative safety factor applied to the specified value of
load, material strength or element resistance (usually £1 .0 for
load and £1.0 for material strength and element resistance).

Factored load: Specified load multiplied by a partial load factor.

Factored material strength: Specified material strength multiplied by a partial material
strength factor.

Factored resistance: Depending on the code format used, the factored resistance may
be defined as the specified element resistance multiplied by a
partial resistance factor, or as the resistance obtained by using
the factored material strengths.

The following definitions were developed in the study:

Equivalent material strength: The material strength used in the assessment of an existing
structure (without a material strength factor). This is defined as
the value that has the same probability of not being exceeded as
the factored resistance used in design.

Equivalent resistance: The element resistance associated with the use of the equivalent
material strengths in the resistance model.

Over-design factor The amount by which the equivalent resistance of an element
exceeds the total factored design load (expressed as a ratio).
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2.0 ASSESSMENT METHODOLOGY

2.1 Approach to the Assessment

Reliability-based assessment of an existing structure employs the same approach used for

reliability-based (limit states) design. In a design situation, a structural element is considered

acceptable if it meets a set of checks of the form

Total factored load £ Factored resistance. [2.1]

This set includes a separate check for each limit state, and the total factored load for each check

is defined as the Tngxininrn for all possible load combinations. The load and resistance factors

for a given limit state and load combination are calibrated such that a structural element that

satisfies the design check will, on average, meet a specified target reliability level.

In this context, the major differences between designing a new structure and assessing an

existing one are as follows:

1. More information regarding material properties may be available. At the time of design,
only the nominal material properties are available and therefore uncertainties associated with
the relationship between the actual and nominal material properties must be considered.
For a structural assessment, the structure already exists and information such as steel mili
certificates, and concrete cylinder or core test results can be obtained.

2. Time effects on material properties will have already taken place. These include increases
in concrete strength due to curing as well as possible deterioration effects.

3. Information on high loads already withstood by the structure (such as pressure tests or past
earthquakes) may be used to update the resistance distributions.

The implications of these aspects were considered in developing the assessment procedure

described in Section 2.2. Items 1) and 2) are taken into account in the proposed procedure, by

developing a new approach to the definition of the material strengths to be used in the

assessment This approach is based on defining an equivalent material strength to be used

without a strength factor (see Section 4.2 for detailed explanation). In principle item 3) can be

addressed by updating the probability distribution of the material properties based on the loads

that have been resisted. This would require a complete structural analysis under these loads, as

well as detailed probabilistic analyses that are beyond the scope of the present study. This

aspect is therefore not considered further in the report
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22 Assessment Procedure

Bridge evaluation has been the prime area of application of reliability-based methods to the

assessment of existing structures. The approach used for bridges is described in the CSA

Standard on bridge evaluation (Supplement No. 1-1990 to CAN/CSA-S6-88). Considering the

information in that standard, a reliability-based methodology for the seismic assessment of

containment structures was developed.

The steps involved in the evaluation are outlined in the vertical column on the right-hand side of

Figure 2.1. The input information required for each step is also given in the figure. Some of

this information (not underlined in Figure 2.1) is site-specific or structure-specific data that

should be obtained by the engineer carrying out the assessment This information includes

seismic data for the site, the method to be used in structural analysis, load effects due to non-

seismic loads, and, if available, data on material properties such as steel mill certificates or

concrete cylinder test data. The manner in which this information is to be used in the

assessment is described in more detail in other sections of the report.

2.3 Assessment Parameters

The items that are underlined in Figure 2.1 represent the parameters forming part of the

assessment procedure, which are not defined in other studies. The objective of the present

study was to define these parameters. Among them, the seismic load factor is self explanatory.

The remaining items are as follows:

• The seismic analysis method. This was included because there are two distinct approaches
to define the design earthquake spectrum, namely the Ground Motion Scaling (GMS)
method and the Uniform Hazard Spectrum (UHS) method It was one of the objectives of
this project to compare these two methods and recommend the best approach to be used in
the assessment

• Criterion for specified design spectrum. This is defined as the spectrum corresponding to a
given return period. The appropriate probability level was calibrated in the project

• Equations for equivalent material strengths. The equivalent material strengths are defined
on the basis of a given probability of non-exceedance (or lower fractile) of the actual
material resistance in the structure. Specific equations were developed to define these
values based on the type and amount of information available regarding the material
properties in the structure.



-6-

• Allowable failure probabilities. These values depend on the limit state being considered
and are used as a basis for calibrating the specified values as well as the load factors for
both load and resistance.

It is noted that the approach outlined in Figure 2.1 does not use material resistance factors,

resulting in a modification of the checking Equation [2.1] to

Total factored load £ Calculated equivalent resistance [2.2]

in which the calculated equivalent resistance is defined as the resistance calculated using the

equivalent material strengths. The rationale behind this approach is explained in Section 4.2.
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Figure 2.1 Assessment methodology and required input (items in bold are addressed
in this study).
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3.0 LOAD EFFECT MODELS

3.1 Seismic Loads

3.1.1 Analysis Approach

Assessment of the loads induced by seismic excitation requires an estimate of the ground

motion severity and frequency content, and a method to evaluate the effects of that motion on

the structure. In this study, it is assumed that ground motion parameters and load effects will

be evaluated using the response spectrum method of analysis. Using this analysis method, the

seismic excitation of the base of the structure is characterized by a ground response spectrum

and modal analysis techniques are used to determine the associated load effects.

3.1.2 Ground Response Spectrum

The effect of earthquake induced ground motion on a structure can be characterized by a

response spectrum which is a plot of the rnaximnm response (i.e. acceleration, velocity, or

displacement) of a set of single-degree-of-freedom damped oscillators, as a function of

oscillator natural frequency, to a time-history record of the ground motion. For a given ground

motion record, a family of response spectra (spectral amplitude vs. frequency curves) can be

generated for different assumed levels of damping.

For earthquake loads determined using the response spectrum method, the design loads are

based on the structural response to the level of base excitation implied by the design ground

response spectrum associated with a specified return period. The return period corresponds to

a specified probability of exceedance for the spectral amplitude parameters. There are currently

two distinct probabilistic approaches to the determination of the design response spectra for a

given site.

In the traditional approach, referred to herein as the ground motion scaling (GMS) method, a

seismic hazard analysis for a particular site is carried out to determine the peak ground motion

parameters associated with the specified return period. The amplitude of the calculated peak

ground motion parameters are then used to scale standard response spectra to produce a design
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response spectrum. This approach is viikly used and forms the basis for the response spectra

calculation method described in the CAN3-N289.3-M81.

In the GMS approach, the shape of the standard spectra for various damping levels are

established through statistical analysis of the response spectra obtained from representative

historical ground motion records which have been normalized with respect to the amplitude of

their peak ground motion parameter (i.e. acceleration, velocity or displacement). Standard

spectra are typically characterized by the mean plus one standard deviation value (or the 0.90

fractile in CAN3-N289.3-M81) for the set of normalized spectral amplitudes at selected

frequencies.

Because the standard ground response spectrum for a given level of damping is a synthesis of

the shapes of response spectra for earthquakes of different magnitudes and source-to-site

distances, the method implicitly assumes that the spectral shape is independent of magnitude

and distance. This simplifying assumption results in a design response spectrum for a given

site that does not have a consistent probability of exceedance (or return period) over the

frequency range of interest (McGuire 1977).

In addition, since the shape of the standard response spectrum is uncertain, the return period of

the design response spectrum obtained by scaling the standard spectrum will not be the same as

the return period associated with the scale parameter (i.e. the amplitude of the site-specific peak

ground motion parameter). This difference in the return periods associated with the calculated

design response spectrum and the design peak ground motion parameter used for scaling is

difficult to quantify and is typically ignored

To avoid the parameterization and scaling of ground motion records associated with the GMS

method, which creates the return period inconsistencies described above, the uniform hazard

spectrum (UHS) method was developed (McGuire 1974). Using this approach, seismic

hazard analyses for a particular site are carried out directly on the response spectrum parameters

at selected frequencies to determine the spectral amplitudes associated with a chosen design

return period
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Implementation of the UHS method requires reliable ground motion relations for response

spectrum parameters which are only recently becoming available. In addition, the UHS

method requires multiple hazard analyses, one for each frequency of interest, or alternatively at

characteristic frequencies in combination with linear interpolation and extrapolation to response

at other frequencies (Atkinson 1991). However, the additional effort associated with the use of

the UHS method produces a design response spectrum with a more uniform return period over

the frequency range.

A source of conservatism in the UHS methodology is that the design spectrum is constructed

by combining the spectral responses corresponding to a given return period at different

frequencies. This ignores the fact that any single earthquake has a very small likelihood of

resulting in responses corresponding to the chosen return period at all frequencies. Similar to

load combination problems, when the spectral response associated with the chosen return

period is reached at one frequency, it is more reasonable to consider average values for other

frequencies. This aspect is typically ignored in seismic analyses and therefore no information

is available regarding the corresponding degree of conservatism in the design spectrum.

Attention should be given to this problem in future research.

In this study, the degree of conservatism, or lack thereof, in the calculated earthquake load

effects determined using the GMS and UHS methods at different sites for different design

return periods is not specifically addressed (for an overview see Atkinson 1991). What is

addressed, in the context of this study, is the uncertainty associated with the estimate of the

seismic load effects which will be shown to be primarily a function of the uncertainty

associated with the design ground response spectrum. The preceding comments on the

limitations associated with the GMS method suggest that, to minimize the overall level of

uncertainty associated with the seismic load effect, the use of the UHS method for determining

the design response spectra is preferred.

3.1.3 Model Development and Uncertainty Characterization

It is assumed that the seismic load effect is estimated using the modal analysis method. In the

modal analysis method, the natural vibration characteristics of the structure are determined and

response in each mode is calculated for the level of base excitation associated with the design

ground response spectrum ordinate at the corresponding modal frequency. The individual
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modal responses, for modes that contribute significantly to the total load effect, are then
combined using appropriate combination techniques to arrive at an estimate of the overall
structural response.

In this assessment, it will be assumed that the seismic load effect for an individual response
mode, Qj, can be approximated by1

fr) [3.1]
where Cm = model response factor,

Mj = effective modal mass,

CO/ = modal frequency,
(3/ = modal damping level,
S{(ùj,$i ) = spectral acceleration at frequency, CO/, for damping level, (3/.

It will further be assumed that the total combined load effect, Q, can be estimated by the
square root of the sum of squares (SRSS) method given by

Q =

where Cc = modal combination factor.

For axisymmetric nuclear containment structures, the dynamic response of which is typically

dominated by the response of the fundamental mode, the combined modal load effect can

reasonably be approximated by a scale factor times the response of the first mode. Therefore

[3.3]

= single mode approximation factor,

= seismic load effect for the fundamental mode.

1 Since concrete containment structures are intended to respond in an essentially elastic manner when subject to

design earthquake loads the effects of nonlinear (inelastic) system response, and the associated uncertainties, will

not be considered in this study. In addition, the uncertainties associated with soil-structure interaction effects

were considered beyond the scope of this project and are therefore not addressed.
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The total load effect can therefore be expressed in terms of the response of the fundamental

mode by

[3.4]

None of the parameters in Equation [3.4] have well characterized values. For example, a

summary report prepared by an AS CE Working Group on Quantification of Uncertainty

(ASCE 1986) suggests coefficients of variation in the range of 0.05 to 0.10 for mass estimates

(M-\), 0.3 to 0.35 for frequency estimates (©i)i 0.4 to 0.6 for damping estimates (Pi), and

0.17 for the modal combination factor ( Cc) assuming that the SRSS method is used

However, this form of the load effect model cannot be used directly to estimate overall model

uncertainty because there is no information in the literature on the uncertainty level associated

with spectral acceleration estimates (S) which include the effects of modal frequency and

modal damping uncertainty. A further simplification in the load effect model is therefore

required to facilitate an estimate of uncertainty.

If the uncertainty associated with the spectral acceleration estimate for the fundamental mode is

separated from the uncertainty associated with the modal frequency and damping ratio estimates

as follows

[3.5]

where Ca = frequency uncertainty factor,

Cp = damping uncertainty factor,

S1 = spectral acceleration associated with the fundamental frequency co1
for damping level f̂ .

then the total load effect can then be rewritten as

Q = C&fiJtCJCfr. [3.6]

If an overall structure response factor, Cr, is defined as

Cr = CcCmMfaC? [3.7]

and a single mode response factor, Cr, is defined as
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Cr=CsCr [3.8]

then the total seismic load effect model can be simplified to

Q = C'rS,. [3.9]

A study by Ang and Newmark (1977) suggests that the overall response factor, Cr, is log

normally distributed with a coefficient of variation of 0.56. The log normal distribution

assumption is supported by research reported by others (ASCE 1986, Hwang and Hsu 1992).

The single mode approximation factor, Ca, can be inferred from a study by Inoue and Cornell

(1991) to be log normally distributed with a coefficient of variation of about 0.1 for

axisymmetric nuclear containment structures in which the response is dominated by the first

mode. The additional uncertainty associated with the single mode approximation of system

response results in a coefficient of variation of about 0.57 on the single mode response factor,

c).

Based on the above, it will be assumed that the uncertainty associated with the calculation of

the dynamic response for a given level of seismic excitation, based on the response of thé

fundamental vibration mode (Le. the uncertainty on Cr), will be characterized by a log normal

distribution function with a coefficient of variation of 0.6. Note that this assumes that mean

value estimates of dynamic properties are used in the calculation of the dynamic response.

Note also that the added error or bias associated with the use of approximate (or typically

conservative) values for dynamic properties, such as mass density and damping ratio, is not

addressed in the probabilistic characterization of the dynamic response estimate developed

herein.

The remaining uncertainty, on the seismic load effect, is that associated with the estimate of the

spectral acceleration for a given level of damping, at a particular frequency. In an attempt to

quantify this spectral parameter uncertainty, reference was made to probabilistic spectral hazard

estimates which have recently been developed for two nuclear power plant sites located on the

American side of Lake Ontario in New York State (Ginna and Fitzpatrick), by Lawrence

Livermore National Laboratory (1993) using the UHS method of analysis. This data,

compiled by the United States Nuclear Regulatory Commission (USNRC) and made available

to the project by the AECB, is summarized in Table 3.1. It consists of best estimates (i.e.
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mean values) of the spectral amplitude (velocity) at representative frequencies, for return

periods ranging between 500 and 10,000 years.

The data in Table 3.1 were used to fit a probability distribution to the annual maximum of the

spectral parameter for each frequency. This was done by first converting the return period to a

cumulative probability distribution of the annual maximum spectral parameter using the

relationship F = 1—1/7, where F is the cumulative probability and T is the return period.

The cumulative probabilities were used to estimate the mean and standard deviation of the

spectral parameter. The data points were plotted on probability paper corresponding to

different probability distribution types and in each case the distribution parameters were

selected to fit the data based on the least-squares estimate method. The different distributions

were then evaluated for goodness of fit The log normal distribution was found to provide a

best fit to the data. Figure 3.1 shows the data and fitted log normal distributions for different

frequencies.

The uncertainty associated with the spectral parameter estimates for the two sites, expressed as

a coefficient of variation on the annual maxima, are summarized in Table 3.2. For frequencies

between 1 and 25 Hz, the calculated coefficient of variation is seen to be in the range of 7 to

23. A review of modal analysis results, for several existing CANDU containment structures,

indicates that their fundamental frequency ranges between 3 and 8 Hz. This suggests that

coefficient of variation estimates, for spectral amplitudes in the 2.5 to 10 Hz frequency range,

are likely to be representative of the coefficient of variation associated with the dominant

response mode. The average coefficient of variation in this frequency range is calculated to be

about 12.

Similar calculations, assuming a log normal distribution type, were performed on spectral

hazard estimates developed by Leblanc and Klimkiewicz (1993) for four nuclear installation

sites in eastern Canada. The limited data, for return periods of 100 and 1000 years, suggest a

coefficient of variation on the spectral amplitude in the range of 3.8 to 10 at a frequency of

2.5 Hz, for an assumed damping level of 5%. No Canadian site data are available at the

higher frequency levels (e.g. 5 and 10 Hz) which are thought to more closely approximate the

fundamental frequency of containment structures.
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Given the limited amount of data that is available, a coefficient of variation value of 10 is
considered representative; this value being an upper bound estimate to the coefficient of
variation for the Canadian sites and a reasonable approximation to the average value of the
coefficient of variation for the two American sites considered. It will therefore be
assumed in this study that the spectral amplitude estimate, for the fundamental frequency
of representative containment structures in eastern Canada, can be characterized by a log
normal probability distribution with a coefficient of variation of 10.

It is noted that the calculated level of uncertainty associated with the spectral amplitude
estimate is significantly higher than the levels that have been sited in other studies
addressing seismic load effects from a probabilistic perspective (e.g. Hwang et al. 1986).
Further research on this aspect of seismic load effects, particularly for eastern North
American sites, is therefore recommended to confirm the uncertainty level indicated by the
data that were reviewed in preparing this report.

3.1.4 Seismic Load Effect Model

The preceding discussion suggests that the seismic load effect can be approximated by the
product of a spectral amplitude parameter, S, which has been shown to be log normally
distributed with a representative coefficient of variation value of 10, and a structural
response factor, C\ , which is also taken to be log normally distributed with a coefficient
of variation of approximately 0.6. It can be shown that the probabilistic model for the
seismic load effect is therefore log normally distributed as well with a coefficient of
variation of approximately 12.

It is noted that the relative magnitudes of the coefficient of variation values indicate that
the overall uncertainty on the seismic load effect is dominated by the uncertainty in the
spectral parameter estimate. This suggests that the approximate nature of the uncertainty
estimate for structural response will not have a significant effect on the findings of this
study.

3.2 Other Loads

Other loads considered in this project are loads that occur in combination with earthquake
loading for the test cases. Probabilistic descriptions of these loads were developed in the
Phase I study, and these were used in this work as well. Table 3.3 gives a summary of the
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probabilistic models for these loads. The only change made from Phase I is a reduction of the

coefficient of variation of the dead load from 0.07 (used in phase I) to 0.05. This was based

on the conclusion of Phase I that the value of 0.07 may be over estimated and should be re-

examined. A value of 0.05 was suggested by ASCE (1986). It is also noted that floor loads

and concrete dimensions will be better known for an existing structure, resulting in the

potential for further reductions in the coefficient of variation.
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Return
Period

500 years

1000 years

2000 years

5000 years

10000 years

Mean Value Estimates of Spectral Velocity at Reference Frequencies

(cm/ sec)

Fitzpatrick Site

1.0 Hz

1.729

2.765

4.423

7.785

11.090

2.5 Hz

2.007

3.334

5.398

8.919

13.040

5.0 Hz

1.489

2.330

3.846

6.092

8.394

10Hz

.772

1.229

1.793

2.954

3.983

25 Hz

.263

.411

.644

1.108

1.501

Ginna Site

1.0 Hz

1.531

2.563

4.290

8.114

12.080

2.5 Hz

1.827

3.237

5.545

9.798

15.070

5.0 Hz

1.407

2.350

3.927

6.805

9.774

10Hz

.759

1.274

1.963

3.366

4.719

25 Hz

.270

.466

.801

1.380

1.963

Table 3.1 Spectral hazard estimates for selected nuclear power plant sites in eastern
United States (Lawrence livermore National Laboratory 1993).

Frequency

1.0 Hz

2.5 Hz

5.0 Hz

10 Hz

25 Hz

Fitzpatrick
Site

12.2

11.8

8.57

6.88

9.09

Ginna Site

21.6

22.8

14.7

10.6

16.9

Table 3.2 Coefficient of variation associated with spectral
parameter distribution.



Typo

Permanent

Variable-
in-time

Name

Dead

Operating negative
pressure

Operating
temperature

Live Load

Reduced accident
pressure

Earthquake

Symbol

D

Pvo

To

l-o

Pr

Q

Process
TypeO

Fixed-in-time

Fixed-in-time

Fixed-in-time

Pulse
process

Discrete
process

Discrete
process

Distribution
Type

Normal

Deterministic

Deterministic

Gamma

Normal

Log normal

1.0

1.0

1.0

0.36

0.80

V)

0.05

-

-

0.54

0.20

10

-

-

91.7

-

$<«
(months)

-

-

2

-

-

( /year)

-

-

•

same as
earthq.

0.32

Note:

(1) See Nessim and Hong (1993) for definitions of process types.

(2) r = ratio between mean and specified load values

(3) v = coefficient of variation

(4) q = % of time load is applied

(5) 8 = average duration of load each time it is applied

(6) X - rate of occurrence of loading event

(7) Based on specified return period.

»—»
NO

Table 3.3 Summary of probabilistic load models.
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4.0 RESISTANCE MODELS

4.1 Resistance Format

Two methods have been used in structural codes to define the factored resistance, Rf, used in

the design check. The first method (e.g. ACI Standard 318-83) is based on an overall

resistance factor, <j>, that is applied to the calculated specified resistance of the element, so that

Rf=$R(f'c,fy) [4.1]

where fc and fy are the specified values of the concrete strength and steel yield strength, and

fî(.,.) is the resistance model.

The other format is based on applying separate material strength factors to the specified material

strengths, and using the factored material strengths to calculate the factored element resistance.

In this case, the factored resistance is given by

fy=Wc'c.<My) [4-2]

This format is used by the CSA building code CAN3-A23.3-M84, which is used as a reference

code for the containment design code CAN/CSA-N287.3.

In the Phase I report, the format in Equation [4.1] was used because of its simplicity and

suitability for design verification. For a design code calibration, typical values of the

variabilities in material strengths are assumed, and these can be translated into typical

variabilities of element resistance. The latter can be used directly in the design code calibration.

By contrast, typical values are not appropriate for the assessment of an existing structure, if

data regarding the actual material strengths are available. For example, if concrete core tests

show a low variability of the in situ concrete strength, the assessment check must not penalize

the structure by assuming a 'typical' variability.

Consideration of structure-specific data is therefore an important part of the assessment

procedure. Structure-specific data would be available independendy for concrete and steel.
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This is consistent with Equation [4.2], and the assessment procedure was therefore based on
this format.

4.2 Characterization of Material Strengths

4.2.1 Approach Used In Design Code

The approach presently adopted in the relevant design code (CAN3-A23.3), for defining the
material strengths in the design check, is to use the specified material strengths in Equation
[4.2], along with the partial factors <pc and <j>s, to calculate the factored element resistance. The
use of the specified material strengths is only a matter of convenience since these values are
directly available to the designer. In reality, the element resistance depends on the in situ
material strengths. To achieve consistent safety therefore, the code material strength factors are
selected such that the resulting factored material strength corresponds to a pre-defined
probability of non-exceedance for the in situ strength.

The code calibration process required to define <pc is illustrated in Figure 4.1. The first step

(step 1 in the figure) is to establish a relationship between f^and the mean value of the in situ

strength fj in the form

where ac is a constant The second step (see Figure 4.1) is to calculate the factored in situ
strength fj as a function of the mean, //, and coefficient of variation, v;- of fj. Assuming that
fj is normally distributed, this relationship is as follows

ï bcVj) [4.4]

where bc is a function of the probability of non-exceedance associated with //. Substituting

[4.3] into [4.4] gives

bcVj)fc [4.5]

Since by definition // = tyc fc, Equation [4.5] gives



-22-

For steel yield strength, the procedure is the same except that there is no distinction between
specified and in situ strengths. Therefore step 1 defines the relationship between the specified
and mean yield strengths (see Figure 4.1). The resulting equations for steel are as follows:

f's=fs(l-bsvs) [4.8]

& sv s) [4.9]

in which fs and v5 are the mean and coefficient of variation of the steel yield strength, fs is
the factored steel yield strength and as and bs are constants.

In a design situation, the mean values and coefficients of variations of material strengths are
assumed to have a typical (fixed) value for all structures, so that 0C and <ps have constant values
as well.

4.2.2 Equivalent Material Strength Values Used in the Assessment

In this project, the steel yield strength and in situ concrete strength have been used as a basis
for the assessment This choice was made because, ideally, these quantities should be
available directly for the structure being assessed (e.g., from concrete core tests or steel mill
certificates). In such cases, it would be unnecessary to use the specified material resistance
values. If this information is not available, other information such as cylinder test results or at
least the specified values may be used as a basis to estimate the in situ strengths.

With reference to Figure 4.1, the present approach is to select the factored material strength
directly from the probability distribution of the in situ concrete strength, as the value with a
specified probability of non-exceedance. If this value is selected such that it has the same
probability of non-exceedance as the factored strength used by the design code, then a material
strength factor of 1.0 could be used. This means that a material strength factor is not
necessary.

The probability of non-exceedance for the factored material strengths implied by the Canadian
concrete design code can be calculated from Equations [4.6] and [4.9]. For the concrete in situ
strength for example, the values of Sg, (j>c and V/ used in the code calibration can be used to
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calculate bc and the corresponding probability level. From the code calibration studies (Mirza

and MacGregor 1982), these parameters are given by BQ - 1.04 for fc = 3000 psi,

<j>c = 0.6 for ultimate limit states and V/ = 0.175, leading to bc = 2.4 and a probability

level of 0.8%. For fc = 4000 psi concrete, ac changes to 0.95 leading to a probability level

of 1.7%. Similarly for steel, as = 1.13, <|>s = 0.85 and v s = 0.11 leading from

Equation [4.9] to bs = 2.25 and a probability level of 1.2%.

These calculations show that the factored material strengths for ultimate limit states, associated

with element failure, are selected by the design code to be at a probability of non-exceedance of

approximately 1% on average. This probability level will therefore be used as a basis for the

material strengths used in the assessment, including the steel yield strength, and the in situ

compressive and tensile concrete strengths. Since resistance factors are not required for these

values, the term factored material strengths is no longer appropriate. Because these were

calculated to be probabilistically equivalent to the factored material strengths, they will be

referred to as the "equivalent material strengths".

Elastic limit states, associated with serviceability criteria such as reinforcement yielding, are

checked using the unfactored material strengths. Therefore the corresponding probabilities of

non-exceedance can be calculated using the same approach, except that <|>s and <f>c are both

equal to 1.0. This leads to a probability of 15% for the unfactored steel yield strength. For

concrete, the probability level ranges firom approximately 40% for fc = 3000 psi to 60% for

fc - 4000 psi. At service load levels, the concrete strength typically does not control the limit

state or where it does (i.e. in the case of tensile strength for cracking loads) an additional

strength reduction factor is typically built into the checking equation. The apparent

inconsistency in probability levels between steel and concrete therefore does not significantly

affect reliability.

For consistency in the assessment methodology, the equivalent material strengths proposed for

the evaluation of elastic limits will be based on a probability of non-exceedance of 10% for

both steel and concrete. The chosen non-exceedance probability for elastic limit state checks

was conservatively rounded downwards from the 15% probability level indicated for

reinforcing steel yield strength on the basis that this rounding would not have a significant

effect on the calculated probability of elastic limit state exceedance.
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Equations that can be used to calculate the equivalent material strengths for ult'njate and elastic

limit states, from different types of structure-specific data, are presented in Sections 4.2.3 and

4.2.4.

4.2.3 Estimate of In situ Strength

4.2.3.1 In situ Concrete Compressive Strength

If during construction the concrete mix is designed to just meet the CSA concrete materials

code acceptance criteria for strength (clause 17.5 in. CAN3-A23.1-M77), it is implied that

f'c +1.4oc28 for c c 2 8 £ 3.5 MPa [4.10a]

4 3-5 MPa Ï

where fc28 is the mean cylinder strength at 28 days, andcr^ is the standard deviation of

cylinder strength at 28 days.

Based on a review of 28-day cylinder strength data compiled from construction records for the

Pickering-A and Gentilly-2 generating stations, which is summarized in Table 4.1, it was

found that the standard deviation on cylinder strength is relatively constant with a mean value

of approximately 3.5 MPa for concrete with specified strengths ranging between 20.7 and

34.5 MPa (3000 to 5000 psi).

The minimum expected average 28 day cylinder strength, based on Equation [4.10], is

therefore given by

Cylinder strength predictions based on this equation are compared with actual cylinder strength

data from Pickering-A and Gentilly-2 in Table 4.1. Agreement is shown to be good with the

predicted mean strengths being slightly lower than the actual mean strengths.

The coefficient of variation on actual cylinder strength data is seen to be in the range of

0.09 to 0.13, suggesting an average value of approximately 0.11. An average of 0.11 is also

reported by Ellingwood (1983) for concrete in American nuclear containment structures. In
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the absence of actual cylinder test data, it is therefore reasonable to assume that v c = 0 .11.

(Note that this assumption is consistent with Equation [4.11] since for concrete with a specified

strenrth in the middle of the range of interest (i.e. fc = 27.6 MPa), a standard deviation of

3.5 MPa on the implied mean cylinder strength corresponds to a vc of 0.108.)

Based on the above, the 28 day cylinder strength can be estimated in probabilistic terms by

[4.12]

where rcis a random variable relating 28 day cylinder strength to specified strength having a

mean value rcof 1.0 and a coefficient of variation v c of 0.11 (or the measured value if

cylinder strength data is available). Historical data suggest that rc is normally distributed

(Mirza et al. 1979).

Cylinder strength can be transformed into an estimate of core strength by

[4.13]

where rcr/c is a random variable relating core strength to cylinder strength. Based on tests

carried out on field cured slabs, Ellingwood (1983) suggests a normal distribution type with
rcrlc =0.80 and v ^ = 0.08.

Core strength can in turn be transformed into an estimate of in situ strength by

' / " O / ^ e r [4.14]

where T-lla is a random variable relating in situ strength to core strength. A study by Mclntyre
and Scanlon (1990) suggests that rjfcT is essentially constant with a value 1.08.

Finally, to convert strength estimates based on 28 day values into estimates of strength at age,
an additional transformation relationship is required of the form

f/ = M/28 [4.15]

where Xc is a parameter that reflects the in situ strength gain of concrete with time.



-26-

For an assumed structure age of at least one year, ACI committee 209 recommends an in situ

strength increase of 1.16. The British Code of Practice CP 110:1972 suggests an age factor of

1.24 at one year and the ASCE Working Group on Quantification of Uncertainty (ASCE 1986)

recommends a value of 1.2. It is noted that considerably greater in situ strength increases are

possible given suitably moist curing conditions. However, Neville (1981) advises that in situ

strength gains are typically much less than field cured cylinder data would suggest

A consensus estimate of Xc= 1.2 is therefore recommended with the understanding that the

only reliable way to take into account potentially higher strength gains is through a

comprehensive coring program which would directly reflect the in situ strength gain associated

with ageing. The uncertainty, associated with the chosen age effect parameter, has not been

suitably addressed in die literature. It will therefore be treated as a deterministic quantity (i.e.

no uncertainty).

Based on the above relationships the following models are proposed for estimating the in situ

compressive strength of concrete:

Given specified concrete strength only (i.e. fc), assume v c =0.11. From Equations

[4.12], [4.13], and [4.14] it follows that the mean in situ compressive strength at 28 days can

be estimated to be

/«28 =1.08( / c r ) = 1.08(0.8/c) = 0 .86 / ;+4 .3 (MPa) [4.16a]

Adjusting for concrete age effects using Equation [4.15] gives

fi = 1.2/j28 = 1.03/c + 5.2 (MPa) [4.16b]

and a first order approximation to the in situ coefficient of variation is given by

] 1 7 2
= [v? + = [0.112 +0.082]172 = 0.14 [4.16c]

Given standard concrete cylinder test data (i.e. fc and v c ), from Equations [4.13]

and [4.14] it follows that the mean in situ compressive strength at 28 days can be estimated to

be
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fi2B = 1.08(^0.) = 1.08(0.8fc) = 0.86fc [4.17a]

Adjusting for concrete age effects using Equation [4.15] gives

f; = 1.2f/28=1.03fc [4.17b]

A first order approximation to the in situ coefficient of variation is given by

[ 9 o -|1/2 r 9 9l1/2 r 9 iV2

vc + vcr] = [v£ + 0.082] = [v§ +0.0064] [4.17c]
r

Given concrete core test data (i.e. ]„ and vcr ), from Equation [4.14] it follows that the

mean in situ compressive strength at coring age is given by

f/ = 1.08fcr [4.18a]

When the in situ coefficient of variation is to be estimated from core data, the following

equation is recommended to offset for the added variability resulting from the coring process

(Mclntyre and Scanlon 1990)

r •> ii/2
v/=[ver -0.002] [4.18b]

Note that Equation [4.18b] is valid when the core sample size is sufficient to minimize the

small sample size uncertainty associated with the estimate of v ^ . When fewer than

approximately 30 core tests are used to estimate fa and v^ , the estimate of v;- obtained from

Equation [4.18b] should be increased (see Mclntyre and Scanlon 1990).

4.2.3.2 In situ Concrete Tensile Strength

The tensile strength of concrete is generally assumed to be proportional to -ff^. Tests have

shown however that there is considerable uncertainty associated with this assumed relationship

between tensile and compressive strength. Based on work reported by Mirza et al. (1979), it

will be assumed that the in situ tensile strength of concrete is proportional to ft, which is given

by
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[4.19]

where rn is a normally distributed random variable with a mean value fn of 1.0 and a

coefficient of variation vn of 0.13.

Based on the above relationship, the following models are proposed for estimating the in situ
strength parameter ft :

Given specified concrete strength only (i.e. fc), assume v c =0.11. From Equations

[4.16] and [4.19] it follows that the mean value of the in situ strength parameter ft can be

estimated to be

- r •
, =[1.03fc + 5. (MPa) [4.20a]

and a first order approximation to the in situ coefficient of variation is given by

v ,= =0.15 [4.20b]

Given standard concrete cylinder test data (i.e. fc and v c ), from Equations [4.17]

and [4.19] it follows that the mean value of the in situ strength parameter ft can be estimated

to be

(MPa)

A first order approximation to the in situ coefficient of variation is given by

1/2 T
J

1/2
0.0185+-^-

4

[4.21a]

[4.21b]

Given concrete core test data (i.e. !& and vcr ), from Equations [4.18] and [4.19] it

follows that the mean value of the in situ strength parameter ft at coring age is given by
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~ i 1 / 2 (MPa) [4.22a]

A first order approximation to the in situ coefficient of variation is given by

|V2
-0.0020 T

J
v;2.11/2

0 . 0 1 6 4 + ^ [4.22b]

Equation [4.22b] is valid when the core sample size is sufficient to minimize the small sample

size uncertainty associated with the estimate of v ^ . When fewer than approximately 30 core

tests are used to estimate fcr and vc f , the estimate of V; obtained from Equation [4.22b]

should be increased (see Mclntyre and Scanlon 1990).

4.2.3.3 In situ Steel Yield Strength

The basic relationship between the actual yield strength and the specified yield strength of mild

steel reinforcement is given by

fs = rsfy [4.23]

where rs is a random variable relating specified strength to actual strength. Mirza and

MacGregor (1979) suggest that for both Grade 40 and Grade 60 steel, the mean actual to

specified yield strength ratio Ts is 1.13. For steel taken from many sources, they suggest that

v s = 0.12 for Grade 40 steel and v$ = 0.10 for Grade 60 steel. They note that for steel from a

single source the coefficient of variation is considerably lower (0.04 £ v s £ 0.07). In the

absence of project specific steel data sufficient to characterize the variability in yield strength, it
is reasonable to assume that v s = 0.11 for mild steel reinforcement with a specified yield

strength of between 276 MPa and 400 MPa.

The variability in yield strength characterized by r5 is usually assumed to be log normally

distributed. However, log normal distributions with large mean values and small standard

deviations can be well approximated by a normal distribution type. To allow standardization of

the proposed method for evaluating the equivalent material strengths, the variability in steel

yield strength will therefore be assumed to be normally distributed.



-30-

Based on the above relationship the following models are proposed for estimating the in situ
tensile strength of mild steel reinforcement:

Given specified yield strength only (i.e. fy)', from Equation [4.23] it follows that the

mean yield strength can be estimated to be

y [4.24a]

and the coefficient of variation is given by

v s = 0 . 1 1 [4.24b]

Given mechanical strength test data (i.e. /s and v s ), use the measured values directly.

4.2.3.4 Loading Rate Effects

Structural response to significant earthquake loading implies that elements will be subject to
loading rates much higher than was assumed in the development and calibration of CSA code
CAN3-A23.3-M84 which is referenced by CAN/CSA-N287.3 (MacGregor 1976). This is an
important consideration because under dynamic loading both concrete and reinforcing steel
exhibit an apparent strength gain in both compression and tension.

For concrete, EUingwood (1983) suggests that a representative estimate of the loading rate
associated with significant earthquakes is about 7 MPa per second (1000 psi per second).
MacGrcgor (1988) states that rates as high as 200 MPa per second (30,000 psi per second) are
possible in severe earthquakes. Based on Ellingwood's suggested loading rate and a widely
referenced compressive strength vs. load rate relationship developed by Jones and Richart
(1936), the compressive strength increase is estimated to be about 10% relative to the strength
at standard testing rates. Experimental data summarized by Neville (1981) suggest a similar
value for the same loading rate. No data were found regarding the tensile strength increase
associated with comparable loading rates. However, extrapolation of test data summarized by
Neville (1981) suggests that a strength increase of 10% is a conservative estimate of the
strength increase in tension at a loading rate of approximately 7 MPa per second.
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A multiplicative strength adjustment factor of 5C = 1.1 is therefore proposed to account for the

increase in both the compressive and tensile strengths of in situ concrete subject to seismic load

effects.

For steel, it will be assumed that a representative loading rate is approximately 50 MPa per

second (based on an assumed loading rate of 7 MPa per second in the surrounding concrete

and taking into account the relative stiffnesses of steel and concrete). For this loading rate, a

study by Rao, Lohrman and Tall (1966) would suggest an increase in yield strength of

approximately 24 MPa relative to the so-called static yield strength. The study suggests that

this strength increase is essentially independent of the nominal yield strength level, particularly

for steels with yield strengths in the range applicable to mild steel reinforcement. This level of

strength increase is consistent with that proposed by Ellingwood (1983) for Grade 40 and

Grade 60 reinforcing steel.

Since the yield strength increase is assumed to be essentially constant, an additive strength
adjustment factor of Ss = 24 MPa is proposed to account for the increase in the yield strength

of conventional reinforcement subject to seismic load effects.

The uncertainty associated with the dynamic load rate factors for concrete and steel has not

been specifically addressed in the literature. These quantities will therefore be treated as

deterministic values.

4.2.4 Equivalent Material Strengths

The equations required to determine the equivalent material strengths for use in element

resistance calculations are summarized in this section. Recall that for the ultimate limit state,

the equivalent material strengths have been defined to correspond to a strength level with a 1%

probability of non-exceedance. These values are to be substituted into the appropriate ultimate

strength equations instead of 0 ^ , $cyfc and $sfy. Recall also that for the elastic limit state,

the equivalent material strengths have been defined to correspond to a strength level with a 10%

probability of non-exceedance. These values are to be substituted for fc, -\jfc and fy in the

appropriate elastic strength equations.
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For concrete in compression, the equivalent material strength with a dynamic loading rate
allowance is given by

f'i=(l-bcVi)5cfj [4.25]

where fj and v;- are given by Equations [4.16], [4.17] and [4.18].

For concrete in tension, the equivalent material strength parameter with a dynamic loading
rate allowance is given by

f't=O-bcvt)Scft [4.26]

where ft and vf are given by Equations [4.20], [4.21] and [4.22].

For reinforcing steel, the equivalent material strength with a dynamic loading rate

allowance is given by

f5=(1-frsvs)(fs + 5 s) [4.27]

where fs and v s are known from test data or are determined from Equation [4.24].

The dynamic load rate factor for concrete Sc is 1.1 and the factor for steel Ss is 24 MPa.

For the ultimate limit state check, bc = bs= 2.33 to achieve a 1% probability level assuming a

normal distribution type.

For the elastic limit state check, bc = bs = 1.28 to achieve a 10% probability level again

assuming a normal distribution type.

4.3 Element Resistance Models

4.3.1 Design Actions

The main structural actions that control the design of concrete containment structures and
element types associated with each design action were identified in the Phase I study. A
representative subset of the element types considered in Phase I was chosen for reliability
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assessment in this study. The structural elements and associated design actions considered

include: (1) a base slab element subject to pure flexure; (2) a cylindrical wall element subject to

combined flexure and axial tension; (3) a roof dome element subject to pure tension; and (4) a

rectilinear wall element subject to in-plane shear.

Based on a review of structural drawings, for existing containment structures provided by the

AECB, typical sections were defined for each element type. The geometric parameters and

specified material properties assumed for each test section are summarized in Table 4.2.

As in the previous study, the reliability associated with each design action was assessed under

two distinct limit states; firstly, the ultimate limit state which is associated with failure of the

element, and secondly, the elastic limit state associated with yielding of the reinforcing steel.

4.3.2 Resistance Models for the Ultimate Limit State

The ultimate capacity of elements subject to flexure, tension, or combined flexure and axial

tension was calculated using the conventional theory of ultimate strength design for reinforced

concrete which assumes the following: strain compatibility between steel and concrete with

plane sections remaining plane, a stress-strain curve for reinforcing steel that can be

approximated as bi-linear elastic-plastic, and a stress-strain relationship for concrete that

ignores concrete strength in tension and approximates concrete strength in compression by an

equivalent rectangular stress block that is associated with a maximum corapressive strain in the

concrete of 0.003 as defined in clause 102.7 of CAN3-A23.3-M84.

For wall elements subject to in-plane shear, particularly short walls with height-to-length

ratios, />*//*, less than one, there is no generally accepted theoretical model that accurately

predicts ultimate strength. In the current edition of CAN3-A23.3, wall elements subject to in-

plane shear can be designed by either the simplified method (clause 11.3) or the general method

(clause 11.4). The simplified method, based on the traditional truss analogy for shear, grossly

underestimates the shear capacity for low-height walls (Barda et aL 1977). The general method

requires that the shear capacity of short wall elements be evaluated using a strut and tie model

which does not readily lend itself to the characterization of shear capacity in terms of an

equation suitable for reliability calculations.
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An alternate approach, similar to that proposed by Ellingwood (1983), was therefore taken in

which the in-plane shear capacity of low-height shear walls was estimated based on an

empirical equation developed by Barda et al. (1977) which is loosely based on the traditional

truss analogy for shear. In the factored resistance format appropriate for ultimate strength

checks, the equation for shear capacity is given by

Vf = vfbwdw [4.28a]

with

v, = $J[0.83-0.2&{hw/lw)]$c^+jjjy+pAsfy\ for hw/lw <. 1.0 [4.28b]

where bw, dw, hw, and lw are dimensional parameters, N{ is the factored axial load acting

on the wall and pv is the vertical reinforcement ratio. Note that an overall element resistance

factor, <t>m, has been introduced, in addition to the partial factors on material strength $ c and

<]>s. The overall element resistance factor was included to permit adjustments in the calculated

reliability levels for elements failing in a brittle mode (i.e. shear) without affecting the

reliability levels for elements failing in a ductile mode (i.e. flexure and/or tension).

4.3.3 Resistance Models for the Elastic Limit State

The elastic capacity of elements subject to flexure, tension, or combined flexure and axial

tension, defined in terms of yielding of the reinforcing steel, was calculated using elastic beam

theory as it applies to reinforced concrete. The analysis approach adopted herein is based on

the elastic transformed section method which assumes strain compatibility between steel and

concrete with plane sections remaining plane, and a linear relationship between stress and strain

for both steel and concrete. The method further assumes that concrete carries no load in

tension and that the steel reinforcement can be transformed into an equivalent area of concrete

based on the relative stiffness of steel and concrete.

A theoretical model that predicts the elastic (first yield) capacity of wall elements subject to in-

plane shear, suitable for use in a reliability assessment, was not found in the literature. An

empirical equation, based on a regression analysis of the shear wall test data given by Barda

et al. (1977) was therefore developed to estimate the reliability associated with the onset of
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yielding of the reinforcement in low-height shear walls. In the resistance format appropriate

for elastic limit checks, the equation for shear yielding is given by

Vy = vybwdw [4.29a]

with

{ [ ( ) ] ^ } for W w *1-0 [4.29b]

Note that the available test data for shear induced yielding do not include results for wall panels

with in-plane axial loads. The above equation therefore does not include an axial load term.

Note also that whereas the partial factors on material strength have been omitted, as is normally

the case for equations associated with serviceability checks, the overall element resistance

factor, 4>m, is retained for the reasons outlined in Section 4.3.2.

4.3.4 Resistance Model Uncertainty

For reliability assessment, the resistance models described in Sections 4.3.2 and 4.3.3 are

fonnulated in probabilistic terms wherein the material strength parameters are treated as random

variables. In this study, structural dimensions are treated as deterministic quantities because

research has shown (Hong et al. 1990) that for massive elements the effects of uncertainty in

dimensions is negligible. There is however additional uncertainty associated with the models

used to determine the element resistance. This model uncertainty can be characterized by a

model error factor that is assumed to be a normally distributed random variable with a mean

value and coefficient of variation that have been established through tests.

For ultimate strength in flexure, MacGregor et al. (1983) suggests a model error factor with a

mean value of 1.01 and a coefficient of variation of 0.046. For tension, the ultimate strength is

strictly a function of the reinforcement strength, the uncertainty of which is reflected in the

material strength parameter, the model error factor is therefore taken to be a constant with a

value of 1.0. Linear interpolation between these limits was used to define the error factor for

combined flexure and axial tension.
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There is insufficient information in the literature to estimate the model error parameters for in-

plane shear in low-height wall elements. In this study, a model error factor with a mean value

of 1.0 and a coefficient of variation of 0.12 was assumed. The mean value estimate follows

from the fact that the proposed shear strength model is a best estimate equation based on tests.

The coefficient of variation was inferred based on research into the strength of reinforced beam

elements failing in shear (MacGregor et al. 1983).

In the absence of specific information in the literature on the model uncertainty associated with

the elastic limit state (defined in terms of steel yielding), it was assumed that the model error

factors that are appropriate for the ultimate strength models are reasonable approximations to

the error factors that apply to the elastic limit models.
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Probability
Density

Factored
Strength

Specified
Probability of non-

Exceedance

Specified
Strength

Mean
Strength

Concrete strength
parameters

Steel strength f _
parameters s

Probability Distribution of
In-Situ Material Strength

Strength

Figure 4.1 Illustranon of the calculation of factored concrete strength
in the CSA Design Code.
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Specified
Strength

MPa
(psi)

Gentilly - 2
Complex '1>
(1974 -1982)

20.7
(3000)

27.6
(4000)

34.5
(5000)

Pickering - A <2>
20.7

(3000)

28 day
Cylinder
Strength

tc28

MPa
(psi)

27.6
(4005)

36.0
(5220)

40.3
(5845)

28.2
(4090)

Standard
Deviation

on Strength
(Jc2fl
MPa
(psi)

3.45
(500)

3.45
(500)

3.65
(530)

3.43
(493)

Coefficient
of Variation
on Strength

Vc28
MPa

0.125

0.096

0.091

0.12

Predicted
Cylinder

Strength*3)
<C2B

MPa
(psi)

25.6
(3710)

32.5
(4715)

39.4
(5715)

25.6
(3710)

Test-to -
Predicted
Cylinder
Strength

Ratio

1.08

1.11

1.02

1.10

( 1 ) comprehensive data set compiled by Quebec Hydro.
(2) compiled by C-FER from limited survey of reactor building concrete strength data
(3) strength prediction based on Equation [4.11].

Table 4.1 Summary of representative concrete strength data.



Phase 1 ID

1N.1E

2N.2E

3N.3E

17N, 17E

Design Action

Flexure

Flexure plus
axial tension

Tension

In-plane shear

Specified Material
Properties

f'c
(MPa)

25 0)

25 0)

25 0)

25 0)

(M?a)
276(2)

(Grade 40)

276 (2)
(Grade 40)

276(2)
(Grade 40)

414(2)
(Grade 60)

Geometric Parameters

h
(mm)

1500

1200

500

—

d
(mm)

1300

1080

425

—

d'
(mm)

200

120

75

—

P

0.0017

0.0035

0.010

—

P'

0.0017

0.0035

0.010

—

hw/lw

—

—

—

0.5

Pv

—

—

—

0.010

Note:

(1 ) coefficient of variation on concrete cylinder strength nc assumed to be 0.11
(2) coefficient of variation on steel yield strength ns assumed to be 0.11

b - unit width b compression face

,A-, p - A s / b d

A P'-A'./bd

tension lace

pv-Av/bwlw

_ . . . Shear Wall Elenwnl
Ftoxur* and/or AxW Tension Etomwil

Table 4.2 Geometric parameters and material properties for representative test sections.
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5.0 ANALYSIS AND RESULTS

5.1 Introduction

The purpose of the analysis described in this section is to complete the quantification of the

parameters required to implement the assessment check given in Equation [2.2]. These

parameters are outlined in Figure 2.1. The UHS method of seismic analysis has been

identified as the preferred seismic analysis approach, based on the discussion in Section 3.1.2.

The proposed methodology for estimating the equivalent material strengths is described in

Section 4.2.4. Load factors for loads other than the seismic load effect were taken as given in

Table 6.1 of the containment structure design code (CAN/CSA-N287.3).

The remaining undefined parameters are the specified return period of earthquake loading and

the earthquake load factor. The return period for earthquake load must be selected such that,

when the specified earthquake load effect is factored and used with the previously selected

assessment parameters, the allowable probabilities of failure are met for both the ultimate and

elastic limit states. This Section presents the selected allowable probabilities of failure and

describes the reliability analyses carried out to define the specified earthquake loads (return

periods) and earthquake load factors that are required to meet these probabilities.

5.2 Allowable Failure Probabilities

Appropriate allowable failure probabilities for structural elements depend on the failure

consequences, which depend in turn on the type of structural element. For example, the

consequences associated with failure of a column are more severe than those associated with

failure of a slab because the former leads to failure of other elements that are supported by the

column. The failure consequences also depend on the failure mode as reflected in the type of

limit state. Ultimate limit states are more severe than elastic limit states and should therefore

have a lower allowable probability of failure. For ultimate limit states, a further distinction is

made between ductile and brittle failures. Failure of a ductile element is less serious than

failure of a brittle element, since a ductile element will continue to sustain the load after failure,

giving sufficient warning to avoid human and environmental safety risks.
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An examination of these aspects, for nuclear containment structures, leads to the conclusion

that element type does not have a significant impart on failure consequences. The reason for

this is that the critical elements in a containment structure are all external elements that have the

same function of containing hazardous materials that may be generated in an accidental

situation. Therefore, it is reasonable to assume that the consequences of failure are uniform for

all element types.

Remaining life is a factor in determining the allowable failure probability for structures that

deteriorate throughout their design life. In such cases, the governing factor is the probability of

failure at the end of the design life. If the end-of-life probability of failure is set at a fixed

value, the allowable probability of failure at any point in time will depend on the remaining life,

and will generally increase as the remaining life decreases. For nuclear containment structures,

deterioration is generally not a major issue and it is therefore suggested that the annual

probability of failure should be uniform throughout the design life.

The main factors that influence the allowable failure probability for containment structures are

therefore the limit state and the failure mode. The values adopted here are based on those

suggested in Phase I. The only modification made is to include a new category with a

reduction of one order of magnitude in the allowable failure probability for elements that fail in

a brittle mode. This leads to the following allowable annual failure probabilities:

• 1CH to 1O3 for elastic limit states.

• lfr6 to 1O5 for ultimate limit states associated with a ductile failure mode (flexure, tension,
and combined flexure and tension).

• 1O7 to 10*6 for ultimate limit states associated with a brittle failure mode (shear).

As noted in the Phase I report, it must be emphasised that these values were selected

subjectively by the project team based on a review of similar values for nuclear accidents and

other structure types. While they are considered reasonable, definitive values can only be

developed with considerable effort to achieve consensus among all interested parties (i.e.,

industry, regulators and the public).
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5.3 Reliability Analysis

5.3.1 Test Cases

Governing structural actions and representative element types associated with each action are as

described in Section 4.3. A typical section for each clement type was established, and the

geometric and material parameters for each test section are summarized in Table 4.2. Test

cases applicable to each section were selected from the larger set of test cases developed in the

Phase I Report The reduced set of basic test cases that were used for reliability assessment in

this study arc summarized in Table 5.1. For each lest section, two test cases were considered.

The first case (Table 5.1a) is associated with the ultimate limit state and is based on a factored

load combination in the 'normal' loads section of the service load category as defined in

Table 6.1 of CAN/CSA-N287.3-M93. The second case (Table 5.1b) is associated with the

elastic limit state and is based on an unfactored load combination in the 'environmental' loads

section of the abnormal/environmental load category as defined in the same table.

Also given in Table 5.1 are the percentage contributions to the total load effect of each load in

the combination. These are typical values based on the opinion of experienced nuclear

containment designers. To cover the full range of possible seismic load contributions,

variations of each test case were created by varying the percentage contribution of the

earthquake load between 10% and 90%, while keeping the same relative contributions of all

other loads.

5.3.2 Analysis Method

The probability of failure was estimated for each test case as follows:

1. Equivalent material strengths were estimated from the corresponding probability
distribution parameters (mean value and coefficient of variation) using the methodology
described in Section 4.2.4.

2. Equivalent section resistances were determined from the equivalent material strengths using
the resistance models described in Section 4.3.

3. The total factored load effect was set equal to the equivalent resistance. This assumes that
the reliability is being estimated for sections that just meet the assessment check. Since
elements may be over designed, some cases that assume excess capacity over the factored
load were also considered. For these cases, an 'over-design factor' was defined as the
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ratio between the equivalent resistance and the total factored load, and the total factored load
was then calculated as the equivalent resistance divided by the over-design factor.

4. Based on the load factors and percentage contributions of the different loads in each
combination, the specified values of all loads were determined for each test case.

5. Using the statistical parameters for each load type as summarized in Table 3.3, the
appropriate probabilistic model for each load was determined.

6. Using the reliability model defined in Phase I (modified to include element resistance
calculations as described in Section 4.3.4), and the probabilistic load and material strength
models mentioned in steps 1) and 5), the probability of failure for the four test sections was
calculated for each test case.

Using a set of base case assumptions, the analysis procedure was carried out for all the test

cases described in Section 5.3.1. Based on these results, the more significant parameters were

identified and further analyses, that focus on the influence of these parameters, were carried out

on selected test cases. The results of the analysis are summarized in Section 5.4.

5.4 Results

5.4.1 General

The reliability analysis was aimed at defining return periods for the specified earthquake and

load factors for the earthquake load effect that are appropriate for the ultimate (failure) limit

state and elastic (yielding) limit state. This was done by assessing the effect of the return

period and load factor on the probability of failure, and choosing values that meet the allowable

probability levels. To assess the validity of the conclusions for different structures in different

sites, sensitivity to the following parameters was considered in the analysis:

• The coefficient of variation of the earthquake load. As demonstrated in Section 3.1.3, this
parameter may vary significantly depending on the site, the frequency range of interest, and
seismic analysis method.

• The maximum possible earthquake response (referred to as the cut-off value). It is believed
that there is a physical limit on the magnitude of an earthquake that could occur in a given
location and this translates into an upper limit on earthquake load effects. Because of the
extended upper tail of earthquake loading, particularly for earthquakes in eastern North
America, the calculated probability of failure can be sensitive to the upper tail cut-off value.
There is no information in the literature to help define this cut-off value and it is therefore
varied in the analysis to assess its impact on the conclusions.

• The over-design factor (defined in Section 5.3.2). The uncertainties associated with
earthquake loading are such that it may be difficult to demonstrate conclusively that the
allowable failure probability is met for some elements. However, if the element is over
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designcd with respect to earthquake loads, the degree of over design may be sufficient to
make up for these uncertainties, so that a positive assessment can be made. For this
reason, the effect of element over design on the failure probability is assessed.

5.4.2 Base Case Assessment

The following assumptions were made in the base case analysis:

• A representative coefficient of variation of 12 was assumed for the maximum earthquake
load effect for sites in eastern North America based on the analysis described in Section
3.1. The analysis also showed that the earthquake load effect uncertainty is dominated by
the uncertainty associated with the spectral parameter estimate. For reliability analysis
convenience, it was therefore assumed that all of the load effect uncertainty is associated
with the spectral estimate. This simplifying assumption implies that the return period for
the load effect is equal to the spectral parameter return period, which is not strictly correct,
but the error associated with this simplifying assumption will not significantly affect the
findings.

• For the ultimate limit state, the return period of the earthquake load was set at 2500 years
(2% probability of exceedance in 50 years). This value is consistent with the return period
recommended by Reiter (1983) and adopted by Hwang et al. (1986) in a probabilistic
assessment of design criteria for the so-called 'safe-shutdown earthquake'. For the elastic
limit state, the return period was set at 500 years (approximately 10% probability of
exceedance in 50 years). The chosen return period for the limit state associated with
yielding is consistent with that recommended for the so-called 'operating basis' design
ground motion in the CSA standard for LNG facilities (CSA 1989).

• For both the ultimate and elastic limit states the load factor on the earthquake load effect
was set at 1.0.

• For both the ultimate and elastic limit states the overall shear resistance factor <J»m was set at
1.0.

The calculated failure probabilities associated with these assumptions are summarized in

Table 5.2. The tabulated results show that annual failure probabilities for ultimate limit state

cases fall in the range of 6 x 10'5 to 1 x 1(H and failure probabilities for elastic limit state

cases fall in the range of 1.2 X 10"3 to 1.4 x 10-3. None of the calculated probabilities fall

within the proposed allowable failure probability ranges (see Section 5.2). Significant

reductions in failure probabilities, ranging from about one to two orders of magnitude, are

required for all test cases associated with the ultimate limit state. Failure probabilities calculated

for test cases associated with the elastic limit state are only slightly beyond of the proposed

allowable range and could be considered acceptable.
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5.4.3 Sensitivity Study

The effect of changes in the assumed coefficient of variation for the earthquake load effect is

illustrated for a representative ultimate limit state test case (i.e. flexure) in Figure 5.1. The

figure shows that the calculated reliability is insensitive to the assumed coefficient of variation

for values in excess of about 10.

The effect of changes in the specified return period for the earthquake associated with the

ultimate limit state is illustrated again for the flexure test case, in Figure 5.2. The figure shows

that to achieve a reduction in the annual failure probability down into the range of l(h5 to 10"6,

with an earthquake load factor of 1.0, would require a change in the return period from

2500 years to a value in excess of 10,000 years.

The effect of variations in the proportion of the total load effect associated with the earthquake

load are illustrated for the ultimate limit state, flexure test case in Figure 5.3. If no upper limit

on the earthquake load effect is assumed (i.e. no cut-off), the annual failure probability is seen

to be relatively insensitive to the earthquake load proportion provided that it constitutes a

significant fraction of the total load effect (i.e. a load fraction greater than about 0.5). The

effect of introducing an earthquake load cut-off is also illustrated in the figure. It is seen that

changes in cut-off values (load level cut-offs corresponding to spectral amplitudes ranging

from three to six times the amplitude associated with the specified return period) have a

significant effect only if the earthquake load fraction is less than about 0.5.

The effect of over design on the failure probability for the ultimate limit state, flexure test case,

is illustrated in Figure 5.4. If no earthquake load effect cut-off is assumed, the annual failure

probability is seen to be reduced by an order of magnitude, as the over-design factor is

increased from 1.0 to 2.0. If earthquake load cut-offs are introduced, the effect of over design,

on the failure probability, is even more pronounced. The figure shows that the allowable

failure probabilities proposed for the ultimate limit state (i.e. 10*5 to 10~6 for ductile failure

modes) can be achieved, with the base case return period and load factor, provided that

earthquake load cut-offs are introduced and the element is shown to be over designed; the

necessary degree of over design being dependent on the load effect cut-off level that can be

justified for the site in question.
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The effects of earthquake load effect proportion, load effect cut-offs, and over design, on a

representative elastic limit state test case (i.e. flexure), are shown in Figures 5.5 and 5.6. The

figures show that the probability of failure is not significantly influenced by cither the

earthquake load effect proportion or the load effect cut-offs (assuming that the cut-off levels are

the same as for the ultimate limit state). The observed insensitivity to cut-offs stems from the

fact that the specified return period for elastic limit states is relatively low resulting in a

significant probability of it being exceeded. This probability is much higher than the

probability content in the truncated portion of the distribution (beyond the cut-off value) so that

the effect of a cut-off, or distribution truncation, on the failure probability is minimal

It is noted that the chosen earthquake load effect cut-offs (at multiples of the 2500 year value)

correspond to load effea cut-off return periods that range from approximately 62,000 years for

a cut-off of six times the 2500 year value down to 17,000 years for a cut-off of three times the

2500 year value (the values given being conditional upon an assumed coefficient of variation

on the earthquake load effect of 12). This range of effective cut-off return periods is consistent

with the range considered by Hwang et al. (1986). It is assumed that a cut-off of six times the

2500 year value is likely a conservative estimate of the cut-off value, whereas a cut-off of three

times the 2500 year value may be somewhat on the unconservative side.

5.4.4 Revised Assessment

The results of the base case analysis and subsequent sensitivity analyses suggest that for the

ultimate limit state, assuming an earthquake load factor of 1.0, the specified return period

required to achieve an acceptable failure probability is unacceptably high (i.e. greater than

10,000 years) given the current state-of-the-art in seismic hazard analysis and the level of

uncertainty in seismic hazard estimates associated with very long return periods. The

introduction of a load factor greater than 1.0, the acknowledgement of a physical limit on the

earthquake load effect (i.e. an upper cut-off), and maintaining the specified return period at

2500 years, is proposed as a reasonable way to achieve an acceptable reliability level. In

addition, for the ultimate limit state associated with shear, an element resistance factor <J>m of

less than 1.0 is indicated to achieve the proportionately lower failure probability level suggested

for brittle failure modes.
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Parametric analysis suggests that an earthquake load factor of 2.5, combined with a load effect

cut-off at six times the specified return period value (i.e. acceleration/velocity cut-off at six

times the 2500 year value), will reduce the calculated probability of failure for ultimate limit

states associated with ductile failure modes down to approximately 1 x 10^5. The parametric

analysis also suggests that, for the ultimate limit state associated with brittle shear failure, an

element resistance factor tym of 0.65 will achieve the desired further reduction in the

probability of shear failure down to approximately 1 x 10"6.

The calculated failure probabilities for all of the ultimate limit state test cases, based on the

proposed load factor, cut-off value, and shear resistance factor, are given in Table 5.3. Also

shown in the table are the failure probabilities associated with no load effect cut-off and with an

even lower cut-off value (i.e. three times the 2500 year acceleration/velocity) to illustrate the

sensitivity of the calculated failure probabilities to the assumed cut-off value. Obviously

significant additional reductions in failure probabilities are possible, if lower cut-off values can

be justified.

It is noted that the combined effect of a specified return period and a load factor greater than 1.0

is equivalent to a longer effective return period with a load factor of unity. For an assumed

coefficient of variation of 12 on the earthquake load effect, a specified return period of 2500

years combined with a load factor of 2.5 is equivalent to an effective return period of

approximately 12,000 years. The same ultimate limit state reliability levels could have been

achieved in this assessment using a load factor of 1.65 and a specified return period of

5000 years, or a load factor of 1.10 and a specified return period of 10,000 years. The

earthquake load factors required to achieve a level of reliability consistent with that resulting

from the use of a specified return period of 2500 years and a load factor of 2.5, are given in

Table 5.4 for specified return periods ranging between 1000 and 12,000 years.

For the elastic limit state, the base case return period of 500 years in combination with an

earthquake load factor of 1.0 is assumed to provide an adequate level of reliability. However,

a reduction in the failure probability level associated with shear yielding, by adopting the

element resistance factor ($>m of 0.65 required for ultimate strength reliability, is proposed to

acknowledge the brittle nature of the shear yielding process.
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The calculated failure probabilities for the elastic limit state test cases, based on the proposed

parameters are given in Table 5.3. Note that for the reasons given previously the probabilities

of failure are insensitive to load effect cut-off values.

Having established candidate earthquake return periods and load factors, and a reasonable, if

somewhat conservative upper cut-off on the earthquake load effect, the sensitivity of the

calculated failure probabilities to variations in the earthquake load proportion and the degree of

over design was revisited. The effects on reliability for ultimate limit state test cases associated

with flexure are illustrated in Figures 5.7 and 5.8, and for shear in Figures 5.9 and 5.10.

Figures 5.7 and 5.9 show that allowable failure probabilities of 1 x 10*5 for ductile flexure

failures and 1 x lO6 for brittle shear failures will not be significantly exceeded provided that

the unfactored earthquake load effect proportion does not exceed about 0.5 of the total load

effect Figures 5.8 and 5.10 show that over design on the order of 20 to 30% (i.e. an over-

design factor of 1.2 to 1.3) corresponds to an order of magnitude reduction in the calculated

failure probabilities.

The effects on elastic limit state reliability of variations in the earthquake load proportion and

the degree of over design has already been shown in Figures 5.5 and 5.6 since no change in

base case return period or load factor was required. These figures show a complete lack of

sensitivity to these parameters for the elastic limit state.

Finally, the effect of variations in the assumed coefficient of variation for in situ material

properties is shown for a representative ultimate limit state test case in Figure 5.11. The flat

slopes and tight grouping of curves suggests that the chosen probability of non-excecdancc for

the equivalent material resistance (i.e. 1% probability level) is appropriate. A similar result was

observed for the elastic limit state justifying the 10% probability level chosen for the equivalent

material resistance.

53 Summary

Subject to the assumptions stated in previous sections of the report, the findings of the

reliability analysis are as follows:
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For factored load combinations in the service load category - an ultimate limit state
reliability level that is consistent with the proposed allowable annual failure probability
range (10*6 to lO-5 for ductile failure modes and 1O7 to 10^ for brittle failure modes) can
be achieved with an earthquake load effect based on a specified return period of 2500 years
in conjunction with a load factor of 2.5. Alternatively the same reliability level can be
achieved with a longer specified earthquake return period and a reduced load factor (e.g. a
5000 year return period with a load factor of 1.65 or a 12,000 year return period with a
load factor of 1.0).

Implied in the reliability calculations for ultimate limit states is an earthquake load effect cut-
off at six rimes the specified 2500 year value. For the assumed probabilistic
characterization of the earthquake load effect in eastern North America (i.e. log normally
distributed with a coefficient of variation of 12), the chosen cut-off corresponds to a return
period of approximately 62,000 years. If ,a significantly lower cut-off value can be
justified, a reduction in the earthquake load factor and/or return period may be warranted.

For unfactored load combinations in the abnormal'environmental load category - to achieve
an elastic limit state reliability level that is consistent with the proposed allowable annual
failure probability range (lO-4 to lO"3), an unfactored earthquake load effect based on a
specified return period of 500 years is suggested.

The reliability calculations for elastic limit states are shown to be insensitive to earthquake
load effect cut-off values.

For low-height shear wall elements - the shear resistance equations proposed for ultimate
strength calculations and elastic strength calculations require an overall multiplicative
resistance factor of 0.65 to achieve the reduced failure probabilities necessary to
acknowledge the brittle nature of shear failure modes.
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Case

1

2

3

4

Phase I ID

1N

2N

3N

17N

Design

Action

Flexure

Flexure /
tension

Tension

Shear

% Load Combination

D

58

68

50

19

Lo

5

3

5

6

Pvo

—

—

—

25

0

37

29

45

50

a) Ultimate limit states (normal load combination).

Test

Case

1

2

3

4

Phase I ID

1E

2E

3E

17E

Design

Action

Flexure

Flexure /
tension

Tension

Shear

% Load Combination

0

55

192

138

10

Lo

5

8

12

5

Pr

-20

-217

-250

—

Pvo

—

—

—

15

To

-10

-50

-50

20

0

70

167

250

50

b) Elastic limit states (environmental load combination).

D = dead loads - permanent dead weight of structural and shielding elements and parts,
and includes loads from permanently located equipment, and permanent hydrostatic
pressure

Lo = live load due to movable equipment

Pt = reduced accident pressure load - a differential pressure acting across the containment
elements, generated by a postulated failure of any minor pipe that has not been
designed for the design basis earthquake

Pvo = loads due to operating negative pressure that may exist continuously throughout the
entire operating, shutdown, or test period

Q

To

= earthquake load

= loads induced by thermal effects that may occur during construction, test, or normal
operating and shutdown conditions, including the most critical transient or steady
state condition (during start-up and shut down) and linear expansion

Table 5.1 Test cases.
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Design Action

Flexure

Flexure & Tension

Tension

Shear

Ultimate

Limit State *

7.4 x ID"5

[10* to IO-5]

6.0 x 10-5

[10* to 10-5]

1.0 x 10"4

[10* to 10"5]

9.2 x 10-5

[10"7to 10*]

Elastic

Limit State *

1.3 x 10-3

[ K H t o 10-3]

1.3 x 10-3

[ lO^to IO-3]

1.4 X 10-3

[10-* to 10-3]

1.2 x 10-3

[HHto 10-3]

'Note: Number range in braces indicates proposed allowable failure probability range.

Table 5.2 Failure probability estimates for base case analysis.



Design Action

Load Effect
Cut-off

Flexure

Flexure & Tension

Tension

Shear <5)

Ultimate Limit State 0.2)

None

2.6 x 10-5

[10-6 to lO-5]

2.3 x 10-5

[10-6 to 10-5]

3.1 x 10-5

[ ia 6 to 10-5]

1.2 x 10 5

[10"7to 10-6]

6a <6>

1.1 X 10-5

[10-6 to 10 5]

0.9 x 10-5

[10"6to 10-5]

1.6 X 10-5

[10-6 to lu'5]

1.1 x 10-8

[ 1 0 7 t o 10-6]

3a (7)

< 1 x 10-7

[10-6 to 10-5]

< 1 x 10-7

[10-6 tO 10-5]

< 2 x 10-7

[10-6 tO 10-5]

< 1 x 10-8

[10-7 tO 10-6]

Elastic Limit State (3.4)

None

1.3 x 10-3

[10-4 to 10-3]

1.3 x 10-3

[10-4 to 10 3 ]

1.4 x 10-3

[10-4 to 10 3 ]

4.6 x 10-4

[10-4 tO 10-3]

6a (6)

1.3 x 10-3

[JO4 tO 10-3]

1.3 X 10-3

[10-4 to JO3]

1.4 X 10-3

[10-4 to 10-3]

4.4 X 10-4

[10-4 tO 10-3]

3a (7)

1.3 x 10-3

[10-4 to JO"3]

1.3 x 10-3

[10-4 to 10-3]

1.4 x 10-3

[10-4 to JO"3]

4.0 x 10-*

[10-4 to 10-3]

Note: [Number range in braces indicates proposed allowable failure range]
( 1 ) Specified earthquake return period for ultimate limit state is 2500 years.
(2) Earthquake load factor for ultimate limit state is 2.5.
(3) Specified earthquake return period for elastic limit state is 500 years.
(4) Earthquake load factor for elastic limit state is 1.0.
(5) Element resistance factor for shear is 0.65.
(6) Earthquake load cut-off at 6 times 2500 year load.
(7) Earthquake load cut-off at 3 times 2500 year load.

oo

Table 5.3 Revised failure probability estimates.
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Specified
Earthquake Return

Period

(years)

1000

2500

5000

10.000

12.000

Earthquake Load Factor
Required for

Ultimate Limit State Checks <1)

No Cut-Off

6.65

3.70

2.44

1.63

1.48

Cut-Off at 6a <2)

4.49

2.50

1.65

1.10

1.00

Cut-Off at 3a (3)

3.28

1.83

1.20

0.81

0.73
Note:
(1)

(2)
(3)

Tabulated values are conditional upon an earthquake load effect characterized by
a log normal distribution type with a cov of 12

Earthquake load cut-off at 6 times the 2500 year load
Earthquake load cut-off at 3 times the 2500 year load

Table 5.4 Earthquake load factors required to achieve allowable annual failure probabilities.
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6.0 CONCLUDING REMARKS

6.1 Summary

A study was undertaken to develop a reliability-based methodology for the assessment of

existing CANDU concrete containment structures with respect to seismic loading, and to define

the parameters necessary to implement the methodology. The focus of the study was on

defining appropriate specified values and partial safety factors for earthquake loading and

resistance parameters, and not on the structural analysis methods required to calculate load

effects due to earthquakes. Key issues addressed in the work were the identification of an

approach to select design earthquake spectra that satisfy consistent safety levels, and the use of

structure-specific data in the evaluation of structural resistance.

It was found that to minimize the overall level of uncertainty associated with the seismic load

effect, the use of the uniform hazard spectrum (UHS) method for seismic hazard analysis is

preferred. Using this approach and data from sites in eastern North America, it was

determined that the spectral amplitude estimate for the fundamental frequency of representative

containment structures in eastern Canada can be characterized by a log normal probability

distribution with a very high coefficient of variation on the order of 10. It was further

determined that the relative magnitudes of uncertainty associated with seismic hazard estimates

and structural response estimates is such that the overall uncertainty on the seismic load effect

is dominated by the uncertainty in the seismic hazard estimate (i.e. the uncertainty associated

with the estimate of spectral acceleration or velocity).

Material resistance data from various nuclear structures were reviewed and used to develop an

approach for selecting equivalent material resistance values using any structure-specific data

that may be available. The approach is based on estimates of the mean value and coefficient of

variation of the in-situ concrete strength and the actual steel yield strength. This choice was

made because, ideally, these quantities should be available directly for the structure being

assessed (e.g., from concrete core tests or steel mill certificates). The methodology is

structured such that if this information is not available, other information such as cylinder test

data or at least the specified material properties may be used to estimate the in-situ strengths.
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Models for calculating element resistance from equivalent material properties were developed

and incorporated into a reliability model. Reliability analyses, focusing on earthquake loading,

were then carried out for a number of test cases assuming representative geometries and

material properties. The results were compared to target reliability levels and assessed for

sensitivity to differences in key parameters. Based on this, the parameters required to

implement the assessment methodology were defined.

The reliability calculations for representative test cases showed that, for reliability checks

associated with the elastic limit state (steel yielding), an unfactored earthquake load

corresponding to a return period of approximately 500 years is necessary to achieve an

acceptable annual failure probability, defined herein as being in the range of 10*4 to 103. For

reliability checks associated with the ultimate limit state (failure), an earthquake load

corresponding to a return period of 2500 years, together with a load factor of 2.5 was found to

give an acceptable annual failure probability, defined as being in the range of 10-6 to 10-5 for

ductile failure modes and 10-7 to 10*6 for brittle failure modes. Alternatively it was found that

the proposed ultimate limit state reliability level can be achieved with a longer specified

earthquake return period and a reduced load factor (e.g. a 5000 year return period with a load

factor of 1.65). Taking this approach to the extreme, a specified return period of approximately

12,000 years together with a load factor of 1.0 will achieve the recommended level of

reliability. Implicit in the reliability assessment is an assumed earthquake load effect cut-off at

a load level corresponding to six times the load associated with a return period of 2500 years.

In addition, to achieve the lower failure probabilities appropriate for brittle failures modes it

was necessary to introduce an overall resistance factor of 0.65 on the shear strength and shear

yield equations developed herein for reliability assessment
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6J2 Recommendations for Future Work

Based on the sensitivity of the findings of this study to certain key parameters and

assumptions, it is recommended that further research be carried out in the following areas:

• allowable failure probabilities - the values adopted in this study, based on the
recommendations of the Phase I report, were selected subjectively by the project team
based on a review of similar values for nuclear accidents and other structure types. While
they are considered reasonable, definitive values can only be established through
discussions involving all interested parties (i.e., industry, regulators and the public).

• probabilistic characterization of earthquake 'loads - the probability distribution type and
distribution parameters for the annual rnaxjmnm earthquake load effect were determined
from a very limited amount of spectral hazard data obtained primarily from sites in the
eastern United States. The parameters chosen to characterize the earthquake load effect
therefore may not be ideally suited to and/or entirely representative of sites in Eastern
Canada.

• earthquake return period and cut-off- while the choices made for the earthquake return
period and cut-off value for ultimate limit state checks are considered reasonable, they
should be reviewed from a scismological perspective to assess their appropriateness for
sites of interest in eastern Canada.

From a more general perspective, the following aspects of seismic hazard analysis warrant

further study:

• seismic hazard analysis - there are large uncertainties associated with the process of
deriving the probability distribution of the spectral parameters from seismological data and
attenuation relationships. This aspect was not addressed in the study and should be
investigated in the future.

• design response spectrum - the design spectrum is by definition an envelope of the spectral
amplitudes for all applicable earthquakes over the frequency range of interest. The
spectrum corresponding to a single earthquake is therefore likely to be less severe than the
design spectrum over most of the frequency range. This introduces a source of
conservatism that should be examined.

Finally, to assess the applicability and workability of the proposed assessment methodology it

is suggested that a trial assessment of an existing structure be undertaken by C-FER working in

collaboration with an organization having experience in the analysis and design of concrete

containment structures.
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