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Foreword
I would like to thank you for attending the Third U.S. Department of Energy

(DOE) Natural Phenomena Hazards Mitigation Conference in St. Louis, Missouri. I
hope this meeting was productive for you in meeting new people, sharing ideas, hearing
about ongoing programs, and taking results of previous studies back to your office for
further dissemination.

This conference has been organized into 15 presentation, panel, and poster
sessions. The sessions included an overview of activities at DOE Headquarters; natural
phenomena hazards tasks underway for DOE; two sessions on codes, standards, orders,
criteria, and guidelines; two sessions on seismic hazards; equipment qualification; wind;
PRA and margin assessments; modifications, retrofit, and restart; underground structures
with a panel discussion; seismic analysis; seismic evaluation and design; and a poster
session.

Seismic instrumentation manufacturers were invited to display and demonstrate
their instruments. A workshop on walkdown procedures to mitigate natural phenomena
hazards was held following the conference. This allowed participants to gain first-hand
practical experience on how to conduct walkdowns and improve natural phenomena
safety at their sites.

This conference provides a mechanism to disseminate current information on
natural phenomena hazards and their mitigation. It provides an opportunity to bring
together members of the DOE community to discuss current projects, to share
information, and to hear practicing members of the engineering community discuss their
experiences from past natural phenomena, any changes to building codes, and future
trends.

Over the past 16 years at the Lawrence Livermore National Laboratory, the
Nuclear Systems Safety Program, has been working in the area of natural phenomena
hazards with the U. S. DOE, Office of Risk Assessment and Technology, and their
predecessors. During this time we have developed seismic, extreme wind/tornado, and
flood-hazard models for DOE sites in the United States. Guidelines for designing and
evaluating DOE facilities for natural phenomena have been developed and are in use
throughout the DOE community. A series of state-of-the-practice manuals has been
developed to aid in design, evaluation, and upgrades. A Natural Phenomena Hazards
Bibliography is included in these proceedings.

Finally, I would like to thank the conference participants, session chairs,
organizing committee, conference staff, and paper and poster presenters for their efforts
in making the conference a success.

Robert C. Murray
Conference Chairman
Lawrence Livermore National Laboratory
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Conference at a Glance

Tuesday, October 15,1991

8:30 a.m. • 10:00 a.m. Opening Remarks / DOE Initiative

10:30 a.m. -12:00 noon Natural Phenomena Hazard Project Tasks

12:00 noon -1:30 p.m. Lunch / Speaker

1:30 p.m. - 3:00 p.m. Codes, Standards, Orders, Criteria, and Guidelines

3:30 p.m. - 5:00 p.m. Codes, Standards, Orders, Criteria, and Guidelines (continued)

6:30 p.m. - 9:30 p.m. Reception / Riverboat

Wednesday, October 16,1991

8:30 a.m. • 10:00 a.m. Seismic Hazards

10:30 a.m. -12:30 p.m. Seismic Hazards (continued)

12:30 p.m. -1:30 p.m. Lunch

1:30 p.m. - 3:00 p.m. Equipment Qualification

3:30 p.m. - 5:00 p.m. Wind

5:00 p.m. - 6:30 p.m. Poster Session

7:00 p.m. - 9:30 p.m. Banquet

Thursday, October 17,1991

8:30 a.m. -10:00 a.m. Probabilistic Risk and Margins Assessments

10:30 a.m. -12:00 noon Modifications, Restart, and Retrofit

12:00 noon -1:30 p.m. Lunch / Speaker

1:30 p.m. - 3:00 p.m. Underground Structures

3:30 p.m. - 6:30 p.m. Panel Discussions on Underground Structures

Friday, October 18,1991

8:30 a.m. - 10:00 a.m. Seismic Analysis

10:30 a.m. -12:00 noon Seismic Evaluation and Design

12:00 noon -1.00 p.m. Lunch

1:00 p.m. - 6:00 p.m. Workshop on Walkdown Procedures

6:00 p.m. Adjourn
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NATURAL PHENOMENA ISSUES • A 1990*8 CHALLENGE FOR DOE*

Richard J. Serbu
Director

Risk Assessment and Technology Division
Office of Safety and Quality Assurance

U.S. Department of Energy

•This paper was presented as a luncheon talk during the conference.

INTRODUCTION

Good afternoon. I appreciate this opportunity to
discuss DOE's Natural Phenomena Hazards
Safety Mitigation (NPHMP) with you. I plan to
focus my remarks in the following areas:

First, I want to describe the elements of the
DOE NPH Program, and how they support
Departmental and National Safety Objectives.

Second, I want to address some major NPH
issues and needs facing the Department; and,

Third, I will summarize the DOE agenda and
how we intend to address some of the needs.

To put things in perspective, it is worth noting that
the DOE NPH program has the scope of a national
program. As you are aware, natural phenomena
that occur world-wide can occur at various DOE
sites as well. The necessity and means to mitigate
their effects are much the same for DOE as they are
to the nation. Consequently, DOE is in the
forefront in the development and use of standards
and guidance for national and international use.

During the past year, several DOE NPHMP
concerns have been raised based upon operational
feedback from the Department's recently-
strengthened accident and occurrence reporting
systems, and based on input from the recently-
formed NPH program liaison group. Property
losses and injuries from natural hazards events
at DOE sites have significantly increased during
the past few years, and are nearly an order of
magnitude higher than experienced in earlier
years. DOE sites incurred losses of nearly $10
million during 1990 • 1991. These losses are due to
NPH events that can be characterized as
"expected" events-events that are likely to occur
within our lifetime or the lifetime of the facility,
rather than the much larger "design basis" events

which generally have return periods of 10,000 or
more years. Our concern is that these losses may
be a symptom of management neglect. We know
that workers and the public typically accept
common risks, whereas they seem to be
disproportionately concerned with high
consequence-low probability risks.

We have had some successes in NPH mitigation
at DOE. Effective, site-initiated programs at LBL,
SLAC and LLNL reduced damage and injury
during the Loma Prieta Earthquake that caused
catastrophic losses elsewhere. But even for the
Loma Prieta Earthquake our loss experience was
high.

Several DOE administrative and technical
buildings were severely damaged during the 1980
Livermore earthquakes and major nonstructural
damage was caused site-wide. The restoration
and repair costs and additional seismic hazard
studies costs totalled about $5CM. Some of the
repair costs were as much as one-third of
replacement costs, and involved multi-year line
item projects.

Flooding problems have become more frequent
since some facilities were constructed. Faster and
more frequent runoff due to lack of flood control
and upstream development affect the Oak Ridge
Y-12 site and the Bendix Plant in Kansas City.
This is a common problem, affecting neighboring
communities and other agencies as well.

The DOE Pantex Plant has periodic million dollar
losses due to 100+ mph winds, and related storm
damage. Hanford and the INEL were impacted by
the Mt St. Helens eruption.

The DOE sites in the San Francisco Bay area
suffered losses of nearly $5M from freezing in
December 1990, even though cold weather forecasts
had been made. DOE Orders now call for a freeze
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plan at DOE sites. (Also DP has issued a
memorandum alerting the Field to the coming
winter, and EH will be issuing a Safety Bulletin
on freezing.)

Our losses are not comparable to the billions of
dollars lost nationally and internationally due to
recent earthquake and hurricanes, and we believe
that current DOE Directives already support an
improved NPH risk-based design, and that
guidance documents provide performance goals to
achieve this.

NPHPROORAM

The Office of the Assistant Secretary for
Environment, Safety, and Health has the DOE
lead responsibility of initiating and coordinating
DOE projects and activities for reduction of the
effects of natural phenomena hazards (NPH) on
workers, DOE property and the public. The
Natural Phenomena Hazards Safety Programs
Group of my particular Division, Risk
Assessment and Technology, has responsibility
for managing these programs for EH.

To meet this responsibility, the Natural
Phenomena Hazards Mitigation Program of EH
functions in consultation and coordination with
other offices, such as NE, DP, NS, ER, RW, and
EM to establish policy, standards, and criteria.
EH promulgates these through DOE directives,
implementing guidance and field reviews, and
provides technical support and assistance for
implementation of natural phenomena programs.
EH also conducts oversight of DOE activities, and
manages development and outlay programs.

While the primary focus for NPH is on seismic,
wind, tornado, and flood, all natural hazards are
to be addressed. EH also represents DOE on the
Interagency Committee on Seismic Safety in
Construction (ICSSC), on other Federal
committees, and on the US/Japan Bilateral on
Wind and Seismic.

1SSITRS

Let's discuss some issues that I think are
important.

First, we need to identify and understand the NPH
vulnerabilities of existing buildings, facilities,
and operations, not only for earthquakes, but for

other phenomena as well, and to get on with fixing
them.

The seismic safety program at LBL is a good
example of what can be done. LBL was among the
first to establish a site-wide seismic safety
program. Their mitigation efforts - designed by
yesterday's standards - saved lives and upwards
of $60M in potential losses from the Loma Prieta
earthquake, and precluded the probable 1-2 years
of research interruption that could have resulted.
These tremendous savings cost only $4M, due to
creative solutions engineered over a period of IS
years.

We support continuing research and development
programs that will improve our future knowledge
of NPH and mitigation. However, we should be
especially attentive to utilization of existing
technology to make fixes today.

The LBL mitigation program, begun 20 year* ago,
used 1960's codes and standards. In the 1990's, we
can also use the many examples and lessons
learned from actual earthquakes, volcanoes,
floods, hurricanes and high winds, lightning, and
freezing events •- some at DOE sites. All of this
technology, however, hasn't been made available
to the practitioner.

With regard to NPH, the Department has been
putting emphasis on new construction. A major
revision of the General Design Criteria Order
(DOE 6430.1A) is underway. The revision
introduces siting criteria with respect to flood
plains, provides amplified and improved sections
for natural phenomena, and formalizes DOE
policy of using a graded approach to design for
earthquakes, floods, winds, and tornadoes.

However, the General Design Criteria Order
states that DOE policy is to apply the same
standards to additions and alterations as to new
construction, but that the original design criteria
apply to existing structures. Although DOE life-
safety policy, integrated throughout DOE Orders,
would mandate an effort to identify and address
existing life safety issues and risks (In this usage,
I mean risk to include hazards and risks!), such a
policy is not explicitly stated anywhere, and
"compliance" has relied upon field initiatives.
The DOE does not have an active program to
systematically assess existing life safety risks in
its facilities, and, indeed, there is not yet a formal
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process or informal guidance from HQ for those
wishing to do so.

Identifying and addressing existing risks is not
easy to do. DOE managers are aware that there
are unidentified life safety risks (i.e., hazards
and risks) in the existing facilities, and have
focussed on reviewing existing Safety Analysis
Reports (SARs), and with writing encompassing
SARs where they don't exist to further key on these
hazards and risks. The challenge is one of
identifying the nuclear and non-nuclear risks in
over 12,000 buildings, with consistency in criteria
and approach, and liien prioritizing the risks for
corrective action.

We recognize that consistency in approach to
determine risks, and prioritization of the fixes,
require DOE guidance on procedures. EH, NE,
DP, and NS recently conducted a Hazards
Classification Workshop to obtain a consensus
approach to classification of the potential hazard
posed by unmitigated facilities. A revised SAR
Order, now out for review, proposes that the
resulting hazards classes be used to determine
whether a SAR will be written and what level of
review and approval it will receive.

A draft Hazard Audit Procedures Guide is in
preparation under a contract managed by NE, and
we look forward to reviewing it. In final form, it
and other guidance will need to address common
industrial hazards, non-nuclear as well as
nuclear hazards, and processes for determining
facility and worker vulnerability to a wide range
of NPH and other initiating events.

There is also a need for Federal policy and
requirements for evaluation of existing buildings,
and fixing the deficiencies found. The Federal
building at one DOE (OR) office has been judged to
be a life-safety hazard (based on consensus
evaluation standards). Fixing it is bound up in
the bureaucracy of dealing with Federal agencies
who have their own priorities, but are willing to
continue studying the problem - versus
addressing the fixes. At increased risk are
nearly 800 DOE and other agency employees in a
building constructed to late 1960's standards,
which did not include any seismic standards or
quality construction.

Congress and the GAO are currently involved in a
study to estimate the seismic vulnerability of

Federal buildings. The 1990 enabling legislation
for the NEHRP program tasked FEMA (in
coordination with other agencies) to develop
methods for evaluation and retrofit of existing
Federal buildings. The GAO study is attempting
to get a handle on the extent of the deficiencies and
fixup costs.

As a principal mechanism for identifying NPH
risks, we will need to assure that NPH is
adequately included in (the Department's)
oversight activities. To date, oversight activities
addressing the NPH aspects of DOE programs and
facilities have been largely fortuitous of ajLhofi-
We are just now getting operational seismic
walkc'owns into the Tiger Teams through the
Technical Safety Appraisal process. I note that the
INEL and LANL sites responded positively to the
recently developed seismic walkdown procedures,
and. indeed, have welcomed the availability of
this expertise. However, there are over 12,000
buildings in DOE, plus nearly as many other
structures, and the Tiger Teams and TSAs will
only visit a few of these.

The techniques, as they are developed, need to be
transferred to the Programs Offices and cites for
use in their self-inspections. I am pleased to note
that OR has looked at buildings housing Federal
employees and that DP has initiated a Systematic
Evaluation Program (SEP) at Rocky Flats, that
includes both wind and seismic hazards. DP may
use the walkdown procedures and experience base
developed through an LLNL project. This Rocky
Flats (SEP) program needs to be emulated at other
sites. Seismic and other NPH considerations
must be included in safety analyses, both for new
construction, and when Safety Analysis Reports
(SARS) are reviewed and updated.

As a part of the oversight process, we also need to
expand the use of the independent review process
for seismic and wind design, not only for new
projects, but especially for retrofit and repair.
While it is general knowledge that cost benefits
have been achieved through 3rd party or "peer
review", programs are reluctant to utilize the
resources available. One DOE site office saved
"millions" using 3rd party review on a wind and
seismic upgrade project, yet has not utilized such
reviews for other major projects.

DOE Orders require this independent review of all
projects, and the UBC provides such a service for
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member organizations. The membership fee is
only $75 (sic). What are we waiting for? Only
about ten of the sites are participating. To our
knowledge, only LBL does a 3rd party review on
every project •• in this case it is mandated by a
University of California policy that applies only
in California at sites where their people work.
Clearly, this has been neglected in oversight as
well.

Policy standards and documented methodology
can help, but they must be used if we are to achieve
cost effective and quality fixes to existing
problems.

We recognize that effective packaging of existing
knowledge is needed, and that efforts at
technology packaging and transfer have already
been made. LLNL used lessons learned in the
1980 Ldvermore quakes to assist DOE in
developing seismic safety guidance, and the SAN
office sponsored a DOE Bay area contractor
symposium to share technology and lessons-
learned from the 1989 Loma Prieta Earthquake.
Strong motion seismic instrumentation programs
at some sites have brought about a better
understanding of site earthquake hazards and the
behavior of structures, reducing the uncertainties
associated with the design loads.

The DOE program is developing guidance
documents, conducting workshops and
conferences, issuing Newsletters and Safety
Bulletins. But this is not enough, DOE also needs
the organizations represented in the audience to
initiate and propose creative and effective
solutions to address site-specific needs.

A second issue is meeting the challenges of
implementing the Executive Order on Seismic
Safety. There will be major impacts on those
programs and organizations outside of DOE that
receive financial assistance through DOE
programs, including Congressionally funded
projects. The E. 0 . requires DOE and other
agencies to assure that Federal standards are used
to build earthquake-resistant buildings.

We are working with Procurement to revise the
Financial Assistance Rules (in 10CFR600) and
with ER, CE, FE to revise rules on loans and loan
guarantees to require use of seismic standards.
We plan to assist DOE programs and
organizations in the implementation of other

aspects of the E. O. through the development of a
DOE NPH Safety Order. DOE is currently
working with other agencies (through the ICSSC) to
develop and implement Federal guidelines
related to the E. 0.

A third issue deals with DOE involvement in the
International Decade on Natural Disaster
Reduction (IDNDR). This involvement includes
Federal, national and international NPH
programs. We need to make available our talents,
products and ideas in helping to solve problems on
a world-wide scale, problems of which we here are
dealing on a DOE-site level. (By the way, this
could mean getting involved in your local
community to resolve NPH concerns, especially at
hospitals, schools, and other essential facilities.)

DOE plans to recommend adoption of a revised
Seismic Safety Guide and a Seismic Detailing
Guide to the National Earthquake Hazards
Reduction Program Interagency Committee.
Also, we plan to propose use of the Seismic Safety
Guide in support of the US effort for the Decade.

NPH AGENDA

As I discussed the previous NPH issues, needs,
and efforts underway to deal with them, I noted
examples of what it took to put DOE HQ, Field and
Contractor NPH Safety programs in place. Those
efforts were supported through the initiatives of
individuals and organizations. We've already
cited the LBL experience that saved lives and
produced a seismic guide for use by others. The ad
hoc processes and organizational relationships
have contributed in the past, but there is a clear
need to structure an NPH Program, to use the
(revised) DOE line organization, and meet the
Department's safety priorities.

The Office of the Assistant Secretary for ES&H is
committed to a strong cooperative effort for NPH
mitigation within the Department, with full
participation of DOE program offices and
contractor organizations. In the Risk Assessment
and Technology Division, Jim Hill will continue
as Manager of the NPH Safety Programs.

Mitigation program planning will expand to
focus, not only on protection of the public and the
environment, but also on safety of building
occupants where there are serious injury and
death concerns. We must reduce the risk to
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occupants from the events, through improvements
in the structures and ancillary equipment and
lifelines, and through appropriate training in
responding to those events.

EH will encourage and support substantial
participation in the National Earthquake Hazard
Reduction Program and related activities of the
Decade for Natural Disaster Reduction. This will
include dissemination of knowledge developed by
DOE, and of our lessons learned from disasters.

EH will be developing a NPH policy and a related
order on NPH Safety Programs for the Department
(mainly seismic), will be developing related
guidance, and will be providing advice and
assistance for line program implementation and
planning. (EH's role encompasses all DOE
activities, except for nuclear, which are under NE
purview).

Finally we plan to integrate DOE and Interagency
resources in support of understanding the risks
from earthquakes, deriving schemes for
prioritising the fixes, and deriving methods for
cost-beneficial solutions.

CLOSING

What is our message to you? The DOE NPH
program requires an effort on the part of all
organizations within DOE and all levels. You
need to be a part of this 3-fold effort 1st-
understanding the site-wide risks due to expected
and major natural phenomena events predicted
for your site. Next -- comes prioritization for
corrective actions. Finally » creative and cost-
effective methods for making structures and
operations resistant to the damaging insults.

This is a major effort, and we can't afford to wait.
World-wide events have shown the potential cost
in lives and damages. You pay the price, up front,
in design and construction, later, in fixes and
backfits, or finally, through losses of life and
property, and in program interruptions.
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Session I
Opening Remarks/DOE Initiative
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NPH-NEW SPIRIT OF ST. LOUIS

James R. Hill
U. S. Department of Energy

Office of Environment Safety and Analysis

WELCOMING REMARKS

On behalf of the Office of Environment, Safety,
and Health (EH) welcome to St. Louis and the
Third Department of Energy Natural Phenomena
Hazards <NPH), Mitigation Conference. EH is
pleased with the efforts of the Organizing and
Technical Committees. I am personally enthused
with the "phenomenal" registration of some 200
participants for this conference. Your
involvement, representing most areas of the
Department's program and technical expertise,
together with the large number of quality papers,
assure a successful meeting. I believe that the
dedicated efforts of Dr. Robert Murray, Lawrence
Livermore National Laboratory, contributed
significantly to a conference that we will all
enjoy. Bob and the LLNL staff-Lilian Decman,
Dawn Mate, and Mark Eli are to be commended
for their fine efforts.

N F H P r o g r a m ]T>f>velr>pTiv>T>t

You now join in the NPH efforts begun some 16
years ago by LLNL for EH and DOE, and even
prior to that by the Lawrence Berkeley Laboratory.
These efforts have resulted in the involvement of
nearly every agency in the Department, most DOE
contractor organizations and their consultants,
and other Federal agencies in DOE's NPH
Programs. We have products and programs that
we as engineers and scientists should be proud of.
Recently, an NPH infrastructure has been
developed and consists of nearly 1000 individuals
with various technical disciplines. I think that
much of this can be attributed to a "Spirit" of NPH.
Like Lindberg's Spirit of St. Louis, our
contributions benefit the communities we live in
and become part of the larger International effort
for a Decade of Natural Disaster Reduction.

This NPH Conference also provides an
opportunity for technology and idea sharing.
Those of you present benefit directly from the
presentations of the 16 sessions and should be
prepared to share information with others when

you return home. The Proceedings of the
Conference will be published to aid in the process
of technology transfer and to provide reference
material for others.

I would like to focus on some of the milestones and
accomplishments of the NPH program and bring
you up to this conference. Much has been
accomplished because the development of
activities has been from the viewpoint of the user.
As a result, a broad b*« of Headquarter, field,
contractor and consultants have provided
resources in support of the program elements.

NPH

1975 Meeting of* small croup to establish the
needs and sei th» course for the new NPH
program.

1980 Nearly 100 participants attend the DOE
seismic tafet> conference in Berkeley to
learn of LLNL and Sandia Laboratory's
experience* dunnf and following the 1980
Livermore earthquakes.

1985 The Firtt DOE Mitigation Conference was
held in La» Vej i i followed by six short
courses reUtrd u the newly developed UCRL
15910 De»ifn and Evaluation Guidelines for
DOE Facilities Subjected to Natural
Phenomena Hatards

The first DOE Achievement Awards were
presented to David Coats and Robert Murray
for their leadership and management of
NPH Projects for the DOE.

1989 The first Workshop on the philosophy and
practical use of the UCRL 15910
"Guidelines" was conducted in
Albuquerque. Since then, Workshops were
conducted in Seattle, Charleston, Boston,
Denver, and Chicago with Salt Lake City
and San Diego set for 1992. More than 300
participants have "graduated" from these
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workshops taught by the experts who
developed the Guidelines.

The Second DOE NPH Conference was held
in Knoxville with 150 people participating in
the 3 day event.

1990 The start of the Natural Phenomena
Hazards Newsletter called PHENOMENAL
NEWS was initiated and became an
immediate success. Published quarterly,
PHENOMENAL NEWS brings the NPH
community technical information on DOE's
NPH activities and related mitigation
programs of Federal and International
committees.

The DOE Bay Area Seismic Safety Seminar
hosted by SLAC was the occasion for
presenting the DOE Distinguished Associate
Awards to Donald Eagling and Frank
McClure of LBL for their contributions to
Seismic Hazard Mitigation.

1991 Seismic Safety Walkdowns were initiated at
several sites including use in the Technical
Safety Appraisal at Los Alamos National
Laboratory.

The Third DOE NPH Conference gets
underway in St. Louis with a recorc1

attendance and a quality programs.

1992 Finds us looking at a busy year with
completion of additional guidelines, conduct
of workshops on the Guidelines and on base
isolation and volcanoes, interacting with the
U.SVJapan Panel on Wind and Seismic
Effects, and formalizing the DOE Seismic
Safety Program.

You might note that these highlights were just a
few of the happenings and much more could be
said about what has been accomplished at the
many DOE sites represented by participants at this
conference.

RECOGNITION OF NPH ENGINEERS

It is my pleasure to recognize four of our
Conference Participants for their achievements
and significant service given to the Department of
Energy and to our Country in the areas of seismic
safety and other natural hazards. As a result of

their efforts the Department has presented each of
these outstanding professional engineers with the
highest of recognitions.

The first two awards were presented during the
opening exercises at the 1985 Las Vegas
Conference to David W. Coats, Jr, and Robert C.
Murray of the Lawrence Livermore National
Laboratory for:

Significant and sustained leadership
and management of natural phenomena
hazards mitigation projects for the
Department of Energy during 1975-1985

by representatives of the Manager, San Francisco
Operations Office and the Office of Environment,
Safety and Health, DOE, Headquarters.

Please join me in recognizing Dave Coats and Bob
Murray for their leadership in the NPH Program.
We commend both men for the fine efforts they
continue to make in the mitigation of NPH.

The next two awards were presented during the
1990 DOE Bay Area Seismic Safety Seminar held
at the DOE Stanford Linear Accelerator Site to
Donald G. Eagling and Frank E. McClure of the
Lawrence Berkeley Laboratory.

Citation for Donald G. Eagling:
In recognition of 40 years of seismic
hazards mitigation and for leadership
to the Department of Energy as
Department Head—Plant
Engineering, Lawrence Berkeley
Laboratory, Author of the Seismic
Safety Guide, and expert consultant on
seismic safety programs.

Citation for Frank E. McClure:
In recognition of 46 years of seismic
hazard mitigation and for your
leadership to the Department of Energy
as Senior Structural Engineer,
Lawrence Berkeley Laboratory,
member of the Committee on
Earthquake Engineering, and expert
consultant on seismic safety programs.

Please join me in recognizing Don Eagling and
Frank McClure. Both individuals have retired
from LBL, but are continuing to be active in
support of the Department's NPH mitigation
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programs. We commend both men for their
continuing support.

STANDARDS DEVELOPMENT

The following comments summarize current
efforts on NPH standards development under the
National Earthquake Hazards Reduction
Program (NEHRP) and on those related to DOE's
NPH Program. The NEHRP Program was
initiated by the President in 1978, as a result of the
Earthquake Hazards Reduction Act of 1977. The
purpose of the Act is to reduce the risks to life and
property through NEHRP program elements that
include the development of seismic design and
construction standards. As a result of recent
actions by the President and Congress, the
following standards activities are underway:

• The Executive Order (EO) on Seismic Safety,
of January 5,1990, requires the use of seismic
standards (substantially equivalent to the
NEHRP "Provisions") by all Federal
Agencies who design and construct buildings.
DOE seismic requirements, for construction at
DOE sites, are deemed to comply with the EO
because the ICBO/UBC seismic provisions,
required by DOE 6430.1A, were found by the
lnteragency Committee on Seismic Safety in
Construction (ICSSC) to meet EO criteria.
DCE financial assistance rules and
procedures are being changed to assure that
construction resulting from DOE grants,
loans, etc., meets NEHRP seismic standards.

• The NEHRP Reauthori2ation Act of 1990,
includes a requirement for the Federal
Emergency Management Agency (FEMA),
supported by the National Institute of Science
and Technology (N1ST) to submit a "Plan for
Developing and Adopting Seismic Design and
Construction Standards for Lifelines" to
Congress by June 30,1992. EH provides DOE's
representative to the Interagency Steering
Group and coordinates DOE's efforts on this
activity with DOE Power Administration and
Office of Energy Emergencies
representatives. Our efforts have focused on
electric power transmission systems.

• The act of 1990 also required the President to
adopt, not later than December 1,1994,
standards for assessing and enhancing the
seismic safety of existing buildings

constructed for or leased by the Federal
Government. The NIST is working through
the ICSSC Subcommittee on Standards to
develop seismic evaluation and strengthening
guidelines to meet the above objectives. DOE is
represented on this subcommittee by several
DOE and DOE contractor staff. The first task
is to identify existing Agency seismic
mitigation programs. Those programs that
have been effective will be used to provide a
foundation upon which to build new standards.

In separate but related activities, the National
Research Council Building Research Board's
Federal Construction Council issued
Technical Report No. 101 in 1990 on "Federal
Retrofit Programs for Building Seismic
Safety" and Report No. 109 in 1991 on the
symposium, "Retrofitting Buildings for
Seismic Safety".

In addition to support of the above efforts, EH and
NE have responsibilities in a DOE Standards
Program. Under this activity, DOE program
organizations can propose standards (including
those on NPH) for application to: individual DOE
programs, DOE wide activities, or for
recommendation as national standards. A paper,
by Dr. Kimball in this session will discuss the
efforts of the DOE Seismic Safety Working Group
to develop an interim DOE Standard for use of
seismic hazard models in defining seismicity at
DOE sites in the Eastern United States. Other
Standards are being developed for geotechnical
investigations and for determination of site-
specific wind hazard models. Further, we expect to
use the seismic, wind, and flood design and
evaluation methods of UCRL 15190 as the basis for
a DOE NPH Standard.

CLOSING

I would like to personnaly thank the members of
the organizing and technical committees of this
conference who worked hard to generate high
quality papers and helped develop the conference.

In closing, we thank the many individuals
throughout the DOE complex that have participated
by attending a workshop, seminar, o? conference.
We also appreciate ideas, suggestions or
comments made by you to improve DOE programs.
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DEPARTMENT OF ENERGY SEISMIC WORKING GROUP

USE OF LLNL AND EPRI PROBABILISTIC SEISMIC HAZARD CURVES

INTERIM POSITION*

JeffKimball
Director

Facilities Engineering Division
Office of Engineering and Operations Support (DP-621)

Defense Program
U. S. Department of Energy

•(The complete interim position with supporting Appendix is available in a DOE memorandum dated
March 19,1992 DP-621: J. Kimball)

BACKGROUND

The issue of the seismic hazard to be used in
safety or risk assessments has recently been
raised at a number of DOE facilities. One of the
technical issues associated with this topic is the
existence and use of two different methodologies
for the development of seismic hazard curves by
Lawrence Livermore National Laboratory
(LLNL) and the Electric Power Research Institute
(EPRI). Experience to date has shown that
application of these methodologies can yield
significantly different results. In response to this
situation, a Seismic Working Group (SWG) has
been formed at DOE Headquarters to coordinate
the application of these methodologies within DIE
in a consistent manner, and to cooperate in an
effort to address the differences between the two
methodologies.

The difference between the LLNL and EPRI
studies takes on Departmental importance for
several reasons: (1) results from these studies are
applicable to locations in the Eastern United States
(east of 104W) and have been used by a number of
DOE sites and contractors; (2) the current usage of
these studies is inconsistent from site to site; (3)
the Department General Design Criteria (DOE
Order 6430.1A) requires that seismic design be
evaluated based on probabilistic seismic hazard
without explicitly identifying what methodology
should be used; and (4) various Departmental
organizations are using safety goals to evaluate
facility performance and design which can be
sensitive to the probabilistic seismic hazard curve
used.

The DOE SWG developed several near term
objectives. These objectives are:

1) Develop an understanding of how DOE field
offices and support contractors are using the LLNL
and EPRI seismic hazard studies;
2) Develop an understanding of what studies have
been initiated or completed to investigate the
causes of the significant differences between the
LLNL and EPRI studies at DOE facility sites;
3) Document the significant differences
regarding the use of the LLNL and EPRI studies at
the various DOE sites;
4) Provide an interim position regarding how the
LLNL and EPRI studies should be used to assess
seismic issues for existing and future facility
seismic designs:
5) Provide recommendations regarding efforts to
address the differences between the LLNL and
EPRI seismic hazard curves that result in more
stable estimates of seismic hazard.

The purpose of this paper is to describe the
fourth objective; namely the DOE interim
position. This paper will address the first three
objectives by reference as needed to support the
interim position. The interim position explicitly
applies to all DOE sites east of the about 104W (but
excludes Rocky Flats), except for sites within about
50 kilometers of active seismogenic sources, such
as the Paducah, KY site. DOE sites in the Western
United States should be aware of the position,
particularly when developing site-specific
probabilistic seismic hazard curves. It is expected
that the interim position will be operative for about
1.5 to 2 years. DOE, in cooperation with the U.S.
Nuclear Regulatory Commission and EPRI is
initiating a seismic hazard program which is
expected to result in more stable seismic hazard
estimates. These results would supersede the
interim position at that time.
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The discussion provided belo»v is organized
as follows: Because there is extensive discussion
and evaluation of the existing seismic hazard
curves, the interim position is provided first. The
text which follows reviews the existing
probabilistic seismic hazard curves, and provides
the basis for the development of the specific factors
selected for the interim position.

INTERIM POSITION

A: For those sites that have both LLNL and EPRI
probabilistic seismic hazard results the
recommended approach is:
1) Use the peak ground acceleration probabilistic
median seismic hazard curves from both the
LLNL (with expert S) and EPRI studies.
2) Enter the two studies at the target probability
(i.e., at 2xlOE-4 for high hazard facility) per
UCRL-15910 and geometrically average the
resulting two peak ground accelerations.
3) Multiply the resulting peak ground
acceleration by 1.65 to represent uncertainty in the
hazard analysis.
4) Using the peak ground acceleration from 3
above, anchor a median standardized spectral
shape such as the spectral shape defined in
NUREG/CR-0098 (Newmark and Hall), or a
deterministic site-specific derived median
spectral shape, In all cases the spectral shape
should be consistent with the rock or soil site
conditions at the site in question.

B: For those sites that have only the LLNL or
EPRI probabilistic seismic hazard results the
recommendation is to use the above factor on an
adjusted median curve. The factor selected to
adjust the median is 1.3 (i.e., LLNL median
result divided by 1.3 or EPRI median result times
1.3). This factor represents the representative
difference between the LLNL and EPRI median
hazard curves at both reactor sites and DOE sites.
In following the interim position, however, all
sites which have both results must use the position
developed using both results.

C: For those sites who choose to develop a
deterministic site-specific spectral shape,
information contained in the probabilistic
seismic hazard analysis should be used to
establish the appropriate magnitude and distance.
This will require that the dominant earthquake
source(s), magnitude(s) and distance(s) be
determined. Such an analysis should be

completed for both the peak ground acceleration
and for a lower frequency best associated with the
maximum spectral velocity (in the 1 to 5 hertz
frequency range). Thus, this will require the use
of the Uniform Hazard Spectra. The
recommended steps to complete this analysis are
outlined below:
1) At the probability of interest (i.e., 2xlOE-4 for
high hazard facilities) determine the dominant
magnitudes (M's) and distances (R's) for peak
ground acceleration (PGA) and maximum
spectral velocity (MSV). For example:

PGA: M(l); R(l)
MSV: M(2); R(2)

It is recommended that the stability of the M:R
combinations be assessed at other probabilities
(such as 5 to 10 times lower than the probability of
interest) given the issues raised with the Uniform
Hazard Spectra, which are described in later
sections of this position.
2) Develop the (deterministic) median response
spectra for each M:R combination: For example
M(1)R(1) median spectra and M(2)R(2) median
spectra. Guidance can be found in U.S. Nuclear
Regulatory Commission Standard Review Plan
Section 2.5.2 regarding methods to develop site-
specific spectral shapes.
3) Scale the spectra for each M:R combination to
the corresponding ground motion parameter
value associated with the appropriate annual
probability from UCRL-15910. For example, scale
the median spectra for M(1):R(I) to the PGA with
the appropriate annual probability (i.e., 2xlOE-4
for high hazard facilities), and scale the
M(2):R(2) spectra to the MSV with the same
annual probability.
4) Envelope the two resulting spectra to create a
single response spectrum.
The steps above are thought to represent one
approach to developing site-specific spectra for use
with probabilistic peak accelerations. DOE is
evaluating this approach for technical adequacy.
Other approaches may also be proposed and will be
evaluated by DOE for technical adequacy.
The engineer/designer may either use the above
single envelope spectra or analyze twice, one for
each M:R combination, using the more
conservative result for design purposes.

D. The interim position does not explicitly apply
to Probabilistic Risk Assessment (PRA's)
studies. PRA's being completed should evaluate
both LLNL and EPRI hazard curves individually
to ensure that there is an adequate seismic
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understanding of the dominant seismic
sequences. Thus, these results should be used in a
relative sense. The absolute seismic PRA
numbers should not be relied on considering the
issues associated with the individual EPRI and
LLNL hazard curves.

The advantage of the above approach is that the
most stable hazard estimate is used while
recognizing the existing uncertainty. The
difficulty of this approach relates to how the
correction factor is estimated. The correction
factor was developed by reviewing the LLNL and
EPRI results (fractiles ranging from the 15% to
85%) for the commercial nuclear power plants in
the eastern United States. This recommendation
is thought to represent a reasonable interim
solution, and was developed to address the
limitations in existing hazard analyses
discussed below. The specific value for the
correction factor is thought to be conservative in
that future work will demonstrate that the mean
hazard curves are lower than values
recommended by this interim position. The
discussion below also summarizes the
development of this factor.

CURRENT DOE ORDERS AND
REQUIREMENTS

The design methods currently being used by
DOE are contained in UCRL-15910, "Design and
Evaluation Guideline for Department of Energy
Facilities Subjected to Natural Phenomena
Hazards", the implementing reference in DOE
Order 6430.1A, the DOE General Design Criteria.
UCRL-15910 is based on the use of probabilistic
performance goals for different facility, use
categories and specifies that the seismic design
basis for DOE non-reactor facilities is to be
determined using hazard exceedance
probabilities.

Unfortunately, UCRL-15910 is silent in two
critical respects. First, there is no specific
guidance for DOE sites to complete a probabilistic
seismic hazard analysis at set time intervals. As
a result the hazard analyses summarized in
UCRL-53582, the TERA studies, late 1970s
vintage, are dated. Considerable research and
development efforts in the fields of seismo-
tectonics and ground motion estimation since
1980 allow for better modeling of uncertainties in
analysis, more accurate determination of the
major contributors to seismic hazard, and more
confidence in absolute numbers. Additionally,

significant amounts of more recent seismic
information is available. At some aites the
existing TERA results appear to be extremely
high at the higher probabilities (> 1OE-3) to such
an extent that the results are questionable. The
interim position is needed in order to incorporate
this more recent information into seismic hazard
determination as soon as possible, and to address
the concerns with the TERA study. Unfortunately,
the recent studies that have been completed using
the new information are widely divergent in
hazard results.

Figure 1 illustrates the issue at hand by
showing the median, mean and 85th percentile
probabilistic seismic hazard results for the
Savannah River Site for both LLNL and EPRI.
Figure 1 shows the extreme difference between the
two studies for the mean and 85th percentile and
the general consistency between the median
results. This leads to the second issue related to
UCRL-15910, the issue of uncertainty.

UCRL-15910 is silent regarding how
uncertainty should be factored into the
probabilistic performance goal and seismic
hazard assessment which directly affects the
selection of the peak ground acceleration. While
UCRL-15910 specifies that the median response
spectral shape should be used, it does not explicitly
define whether the probabilistically defined peak
ground acceleration is associated with a median
or mean value, or some other value. The existing
TERA curves are labeled "best estimate" values
which are most closely associated with median
values using current approaches. The DOE
Eastern United States sites that have updated site
specific probabilistic seismic hazard results have
had to address the LLNL and EPRI uncertainty
issues as well. At present, assessments has been
completed inconsistently from site to site. The use
of the interim position will provide a consistent
approach which will clarify these uncertainties
from site to site.

BASIS FOR RECOMMENDATIONS

The discussion provided below is a brief
summary of the evaluations that have been
completed to date to investigate, in detail, the
causes of the significant differences between the
LLNL and EPRI seismic hazard methods. It
should be noted that detailed evaluations of the
differences between the two studies have only been
completed at a few sites. This makes it difficult to
reach definitive conclusions regarding the
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generic causes of the differences between the two
methods. The reader is referred to the references
cited in the discussion below to obtain more
detailed discussion regarding the key issues
related to the seismic hazard curves.

Three investigators have evaluated in some
detail the LLNL and EPRI seismic hazard
methods. These investigators are LLNL (LLNL,
1937, LLNL 1989), Jack Benjamin and Associates
(McCann, 1991) and Risk Engineering Inc.
(McGuire, 1990a, 1990b, 1991). The following are
summary issues as a result of these studies. The
summary issues are meant to capture key points
that the investigators have made.
Lawrence Livermore National Laboratory
Summary Issues:
* With respect to uncertainty estimates,
uncertainty in zonation and ground motion
attenuation are, in general, the most significant
sources of uncertainty in the LLNL study. When
compared to the EPRI results, there appears to be a
large difference in the uncertainty estimates
associated with the seismicity parameters (both
activity rates and slope of the recurrence curve).
* The contribution of the background zone is
extremely important for sites in relatively low
seismicity regions. Great care should be taken in
estimating the seismicity parameters of the zone
which contains the site. In some cases the host
zone for a given site has no assumed seismicity
above magnitude 5.0 in the EPRI study.
* Validation tests show that when using exactly
the same input the EPRI and LLNL algorithms
give similar results.
* The seismic hazard results are extremely
sensitive to the input of ground motion attenuation
expert 5, particularly for rock site conditions.
LLNL recognizes that an analysis such as they
performed contains certain combinations of
assumptions which will lead to estimates that are
true outliers. It is LLNL s opinion that this fact
makes the mean a relatively poor choice to use to
compare the hazard between sites because it is
more sensitive to outliers than other estimators,
such as the median. Median estimates of seismic
hazard appear to be stable estimators of the
seismic hazard at a site.
* The number and weights assigned to ground
motion models used in the LLNL and EPRI
studies are very different. There is a larger
number of models encompassing a large range of
opinions in the LLNL study compared to the EPRI
study.

• LLNL found that the probability of exceedance
of a giv n ground motion value is, in general,
close to a lognormal probability distribution. The
EPRI distribution of die hazard appears to be
skewed strongly toward the low probability of
exceedance, A key difference between the two
studies relates to differences in the way that the
expert opinion was elicited, particularly with
respect to uncertainty assessments.

Risk Engineering, Inc. (RED Summary Issues

• REI found that the uncertainty provided by a
given expert in the LLNL study was much larger
than the uncertainty provided by the EPRI expert
teams. REI concluded that there were
unrealistically large uncertainty bands on
seismicity parameters for four of the LLNL
seismicity experts, particularly for the Charleston
seismic source zone. One seismicity expert (in
one extreme case) included a recurrence interval
of 20 days for a magnitude greater than 5.0 for the
Charleston source. This same expert had an upper
end to the recurrence range for magnitude 5.0 of
2290 years, which is longer than the recurrence
estimates for the 1886 Charleston event.
• REI concluded that there was insufficient
feedback to allow comparison of the resulting
LLNL seismicity expert interpretations with
historic seismicity data. In general, the
recurrence intervals for all of the LLNL
seismicity experts may be anomalously short
when compared to historic seismicity.
• REI has also found that the EPRI team of Dames
and Moore does not fully account for historic
seismicity near the Savannah River site (SRS).
One reason for this is the fact that the SRS host
source zone was given a low probability of
activity. REI recommended that the Dames and
Moore seismic source input not be used to
calculate the seismic hazard at SRS.
• REI has compared the attenuation functions
selected by EPRI and the LLNL attenuation
experts with available strong motion data in the
Eastern North America, and in particular with
the data generated by the 1988 Saguenay
earthquake. They concluded that no individual
attenuation function fits the Saguenay
observations over the entire distance range of 40 to
200 kilometers. Additionally, they found that the
attenuation model selected by LLNL attenuation
expert 5 is generally inconsistent with observed
data.
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• REI has also criticized the method by which the
attenuation model used by LLNL attenuation
expert 5 was derived. This model was obtained by
combining intensity versus amplitude
regressions from California and intensity
attenuation relationships from Eastern North
America. The intensity versus amplitude
relationship from California may not be the same
in Eastern North America due to differences in
ground motion frequency content, duration, and
wave type between the two regions. In addition, the
substitution process used leads to biased results.
REI has recommended that LLNL attenuation
expert 5 be deleted from seismic hazard
calculations.

Jack Benjamin and Associates (JBA) Summary
Issues

JBA developed diagnostic tools to provide a
close examination of the factors that contributed
the largest percentage to the seismic hazard
results. These comparisons showed that
differences in the mean hazard result between
LLNL and EPRI are controlled by low degree of
belief parameter assessments. The overall
conclusion of JBA is that the process of expert
elicitation and uncertainty evaluation are
extremely important. Some of the more important
observations are described below.
• The LLNL constant percentile seismic hazard
curves are based on 2750 individual seismic
hazard curves. The highest curve (1/2750 or .04
percent) contributes 13 percent to the mean hazard
curve at Savannah River. This curve is
associated with a 1/7.6 chance of exceeding 0.259
annually at the Savannah River Site. This value
appears to be extremely high given the historical
seismicity in the southeastern United States. The
highest 21 hazard curves (21/2750 or .80 percent)
contribute about 50 percent to the mean hazard
curve.
• The seismicity parameters associated with
some of the highest seismic LLNL hazard curves
may be affected by the way that an expert
intensity-based recurrence relationship is
translated into a magnitude based recurrence
relationship. This could result in anomalously
high activity rates and/or low recurrence slope
Cb') values. JBA concluded that the largest
difference between the LLNL and EPRI results
were due to difference between the seismicity
parameters and upper magnitude cutoffs.

• The LLNL and EPRI attenuation models were
compared to a set of empirical Eastern United
States data, for peak acceleration and response
spectral values. It was found that several
attenuation models fit the empirical set a
frequencies less than about 5 hertz. LLNL
attenuation expert number 5 fit the data
particularly poorly at the low frequencies.

In addition to the above information, the SWG
held a meeting on March 11,1991, with the specific
purpose of obtaining from these three
investigators their input related to the causes of
the differences between the two studies.Based on
the above, the SWG has evaluated these studies
and has reached the following conclusions:
• There is a high degree of similarity between the
LLNL and EPRI seismic hazard studies ranging
from overlap of experts used to general overlap in
parameter input from the experts. The key
difference between the two studies relates to the
topic of uncertainty assessment, particularly
"modeling uncertainty" assessment for all input
variables. Identified issues relate to the process of
expert opinion elicitation, particularly the issues
of how and whether experts assess and
understand uncertainty.
• The SWG has concluded that the mean seismic
hazard curves from the LLNL and EPRI study
should not be used as the seismic hazard curve to
implement UCRL-15910 or as the single seismic
hazard curve for probabilistic risk assessments.
The work of McCann (1991) demonstrates that the
LLNL mean is sensitive to the upper tail of the
hazard curve distribution (above about 90th
percentile) at the Savannah River Site. Given the
location of the mean hazard curve at the sites
evaluated by LLNL (LLNL 1989), i.e., generally
above the 85 th percentile, it is likely that the above
conclusion would hold at many locations. The
seismic hazard curves at fractiles above about the
85th perceniile may not represent realistic
seismicity estimates. While the above generic
statement is controversial, it is clear that there is
doubt regarding these highest fractiles, and this
doubt is serious enough at the present time to
support the judgement that fractiles above the 85th
percentile should not dominate the choice of
seismic input. It should be noted that LLNL staff
have recognized the issue related to the highest
fractiles and have taken steps to evaluate the
expert input related to this issue as part of their
study being completed for the New Production
Reactor.
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• The above conclusion may be generally
extended to the EPRI study. McGuire (1990a and
1990b) has recommended that, based on
comparison to historic seismicity, that some of the
EPRI team input could be questioned as
underestimating the frequency of earthquakes.
Additionally, LLNL (1937) has noted that the
process used to include attenuation models is
different between the two studies. The EPRI
seismic hazard curves are based on one
attenuation expert while the LLNL results are
based on input from several experts. In a relative
sense, there is the potential that attenuation
uncertainty is underestimated in the EPRI study.
These issues degrade confidence in the fractiles
below about the 15th percentile and above about the
85th percentile from the EPRI study, which could
impact the reliability of the mean.
• There has been concern regarding the ground
motion model selected by LLNL attenuation
expert 5. LLNL (1987) has recognized that the
input from attenuation expert 5 can dominate the
upper fractiles of the hazard results, particularly
for rock site conditions. Both McCann (1991) and
McGuire (1990a, 1990b and 1991) have expressed
two concerns related to LLNL attenuation expert
5. The development of the model has been
questioned, regarding the assumptions made and
the methods used to develop an appropriate
intensity based attenuation model for the Eastern
United States based on Western ground motion
data. Additionally, the model has been compared
to existing strong motion data from the East, and
questions have been raised regarding how well
the model fits the data compared to attenuation
models selected by other experts. These two factors
suggest that the hazard fractiles from the LLNL
study which are dominated by LLNL attenuation
expert 5 should not be used to define the ground
motion. This supports the above assessment that
the mean hazard curve from the LLNL study may
not be realistic. This conclusion may extend
down to LLNL constant percentile hazard curves
below the 85th percentile.
• The Uniform Hazard Spectra defined by the
LLNL and EPRI studies represents the
combination of standard spectral shape models
with direct spectral ordinate models. The
standard spectral shape is typically based on
statistical analysis of large (M>6) earthquakes
while the direct spectral ordinate method is based
on a specified magnitude and distance. The
uncertainty distributions associated with
Uniform Hazard Spectra appear to be less stable

than the peak acceleration seismic hazard
curves. These differences degrade confidence
that the Uniform Hazard Spectral shape actually
represents equal hazard spectra, and thus they
should not be used.
• The seismic hazard curves which appear to be
most stable are the median seismic hazard
curves, from both the LLNL and EPRI studies.
Additionally, the uncertainty assessment in both
studies regarding the difference between the
medians and the 15th percentile and 85th
percentile should be accounted for in the interim
position.

Assumptions for the Interim Recommendations

Based on the above conclusions, the following
assumptions have been developed by the SWG.
• The interim recommendations should result in
a consistent estimate of probabilistic seismic
hazard (degree of conservatism) from site to site.
The relative consistency from site to site is an
important element in implementing the criteria
in UCRL 15910 (i.e. UCRL 15910 performance
goals and hazard exceedance probabilities are
predicated on the use of consistent hazard
estimates).
• Use of either the LLNL and EPRI results should
not be to the exclusion of the other. While specific
portions of each study have come under question,
the studies represent landmarks in the
assessment of probabilistic seismic hazard, and
should both be used to make seismic decisions.
• Uncertainty should be explicitly incorporated
into the selection of the ground motion at a given
probability of exceedance.
• The mean seismic hazard curve should be used
if the criteria are associated with single value
probabilistic seismic hazard input, such as the
hazard exceedance probabilities defined in
UCRL-15910. If there is doubt that existing mean
estimates are realistic (as is the case) then a
pseudo-mean should be developed. Given the
current concerns with both the LLNL and EPRI
results the pseudo-mean should not be based on the
fractiles below the 15th percentile and above the
85th percentile from either study.
• When available, site specific soil conditions
should be explicitly included in the seismic
hazard estimates, and in the development of an
appropriate response spectra. For soil sites, an
explicit determination should be made to assess
the potential for site amplification.
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Approach Selected

As part of determining which approach was
best to select, DOE requested that Dr. C. A. Cornell
assist in reviewing the existing LLNL and EPRI
results at the 69 commercial nuclear power plant
sites (NPP). Information in the form of hazard
curves and hazard curve ratios (ratio of the 85th
percentile to the median, for peak ground
acceleration and several response spectral
ordinates) was provided to Dr. Cornell and DOE
by Risk Engineering Inc. under contract to
Martin Marietta Energy Systems, Oak Ridge.
Their support is gratefully appreciated. This
information was reviewed to determine if there
were any consistent trends in the uncertainty
estimates within the individual LLNL and EPRI
studies, and to determine what the trends were
between the two studies. Figures 2 and 3 display
typical information provided. These figures show
the ratio of 85th percentile to the median for 10
hertz spectral frequency for the LLNL and EPRI
studies respectively.

Appendix A provides the full set of
information on the hazard curve ratios for the
peak ground acceleration and the spectral
frequencies of 25,10,5,2.5 and 1 hertz. Several
levels of ground motion are also shown on each
figure. Figures Al to A6 display the geometric
mean of the ratio between the 85th percentile and
the median for the EPRI results and the LLNL
results with and without attenuation expert 5.
Figures A7 through A24 display the entire set of
reactor data and the geometric mean, 15th and
85th percentiles of the data. As discussed below,
the above data can be used to derive a pseudo-
mean correction factor for the seismic hazard
curves. Dr. Cornell's report is provided as
Attachment 1 to the interim position. The more
important trends observed are:
• The site-to-site variability in the ratio of
85th/median in both the LLNL and EPRI studies
are very similar, for all ground motion cases
reviewed. This result is displayed on Figure 4
which shows the ratio for a peak ground
acceleration of 0.209 for the NPP sites. The LLNL
data shown on Figure 4 includes ground motion
expert number 5. The range of the above ratio
within either the LLNL or EPRI studies is about a
factor of 2 to 2.5 for the majority of the NPP sites.
• The difference in the ratio of the 85th/median
between the LLNL and EPRI studies is very
similar in a wide variety of cases. For peak
ground acceleration the difference between LLNL

and EPRI is represented by about a factor of 3 to 3.5
with attenuation expert #5 included, falling to
about a factor of 2 if expert #5 is not included.
This trend holds true for spectral velocities down
to about 2.5 hertz. This trend is displayed on
Figure 5 which shows the geometric mean of the
ratio of the 85th percentile to the median for peak
ground acceleration.
• As shown on Figures 2 through 5 and in
Appendix A, the absolute value of the ratio of the
85th/median is drastically different between the
two studies. The representative value at a peak
ground acceleration of 0.209 is about 3.5 for the
EPRI study, and about 7.2 for the LLNL study
without ground motion expert 5 (about 11.2 with
ground motion expert 5 included). In general, if
LLNL attenuation expert #5 is excluded, the ratio
for the LLNL results decreases by about 20 to 40
percent.
• The absolute value of the ratio of the
85th/median is dependent on the response spectral
frequency. The ratio value increases as the
spectral frequency decreases, with a more drastic
trend observed for the EPRI data. The use of the
lower frequency information is complicated by
the observation that the attenuation models
selected by the LLNL and EPRI studies result in
different spectral shapes. As discussed above,
some attenuation models provide direct spectral
estimates while others are associated with
standard spectral shapes such as the
Newmark/Hall spectral shape. These two
different approaches can be one of the factors
which result in larger ratio at the lower
frequency.
• The difference between the LLNL and EPRI
median hazard curves is generally less than a
factor of 2. This result is displayed on Figure 6 for
a peak ground acceleration of 0.209 for the LLNL
results including attenuation expert 5. Table 1
also provides summary statistics for the ratio of
the medians, broken down by rock and soil site
conditions, with and without LLNL attenuation
expert #5. The largest difference between the
LLNL and EPRI medians is for soil sites where
the uncertainty in ratios is relatively large. This
is thought to reflect differences between the two
studies regarding how soil conditions could
impact ground motion estimates.

Based on the review of this information, the
approach selected for the interim position is as
follows: The trends in the ratio of the LLNL/EPRI
medians and individual LLNL or EPRI
85th/median can be used to derive a pseudo-mean

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

17



correction factor. Trends observed are relatively
stable, which result in the advantage that a
specific correction factor can be derived to result
in consistent hazard estimates from site to site.
This is thought to be superior to the other
approaches in that specific reliance on the LLNL
or EPRI 85th percentile hazard curves may not be
warranted given their extreme differences, and it
is not necessary to derive complex weighing
methods to combine the two studies.

The derivation of the specific correction factor
is built around the most stable seismic hazard
curves, the LLNL and EPRI median curves. The
recommendation provided below is based on
using the hazard results with LLNL attenuation
expert 5 included. The rationale for this decision
relates to the fact that resulting peak accelerations
have a conservative bias, making engineering
assessments more stable in that final resolution
to the LLNL/EPRI issue is 1.5 to 2 years away. If
engineering assessments conclude that major
upgrades are necessary for existing facilities, an
explicit assessment should also be made using the
pseudo-mean peak accelerations without LLNL
attenuation expert 5. Given the concerns
previously discussed, and the fact that the
uncertainty ratios show the strong influence of
expert 5, the decision was also made to provide
results both including and excluding LLNL
ground motion expert 5 from the uncertainty
assessment. The sensitivity of this decision will
be discussed below.

In addition to the above, a decision was
required regarding the specific spectral
frequency and level of ground motion to base the
correction factor on. The preferred frequency
would be one that shows a high degree of relative
stability and be of engineering significance, such
as between 2.5 and 10 hertz. These frequencies
were not selected given the above discussion and
concerns regarding how the Uniform Hazard
Spectrum were derived. Given these issues the
decision was made to use the peak ground
acceleration. The level of ground motion selected
was 0.209 peak acceleration, the value thought to
be near the Design Basis Earthquake for many
DOE high hazard facilities.

Calculations of Correction Factor

Attachment 1, provided by Dr. Cornell,
describes the specific formulation of the pseudo-
mean correction factor. The general steps, using
the information at a peak acceleration of 0.209,

are as follows (the number provided for these steps
exclude LLNL attenuation expert #5): Quantify
the difference between LLNL and EPRI for the
ratio of the 85th percentile to the median for 0.209
(about 2) and derive a composite 85th/median
factor using this value and the EPRI absolute ratio
of the 85th/median (composite ratio about 5; a
similar result is obtained by calculating the
geometric mean of the EPRI and LLNL 85th
/median ratios); assume an underlying
lognormal distribution and derive a
mean/median hazard multiplier (about 3.6);
using this hazard multiplier and representative
slopes of seismic hazard curves derive a ratio for
mean/median ground motion.
Using the above steps, a range of ground motion
multipliers was derived considering
representative slope* of LLNL and EPRI seismic
hazard curves at probabilities less than about
2xlOE-4 per year. The range for peak
acceleration was 1 4 to 1.55 without LLNL ground
motion expert 5 For simplicity, a representative
value of 1.5 is wlwud The range for peak
acceleration is 1 !if> to 1 76 if LLNL ground motion
expert 5 is included. *ith a representative value
being 1.65. DOK i» carefully reviewing the LLNL
and EPRI seismic Kaxard date to determine if the
range in slope* uwd accurately represents the full
range over all pr^*t>iU*«»» linked to UCRL-
15910. This includ't probabilities as high as
2xlOE-3 per year 7>» %l>pe% of the LLNL and
EPRI seismic hazard data appear to change as the
probability i» incr»»w<l particularly for the EPRI
data. DOE »il! drirrnun* if these observations
require a modif.cat.i* u the correction factors
recommended •»«<••

Examples

The approach «a« ukrd to develop
representative peak ground acceleration
estimates for five sites. Savannah River,
Portsmouth, Oak Ridge, Princeton and
Brookhaven. Table 2 shows the peak ground
acceleration values for the three probabilities
defined in UCRL-15910 for low, moderate and
high hazard facilities, the actual LLNL and EPRI
median, mean and 85th percentile values at these
probabilities, and the older TERA estimates.
Table 3 shows the resulting estimate of the pseudo-
mean value, and a comparison to the older TERA
estimates reported in UCRL-15910. As was noted
above, DOE does not recommend the use of '.he
peak acceleration values reported in UCRL-15910,
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because these estimates are relatively old, and
were based on seismic hazard studies which did
not fully address uncertainties in seismic
hazard. Also shown on Tables 2 and 3 are values
derived when LLNL attenuation expert #5 is
excluded. As can be seen the exclusion of LLNL
attenuation expert #5 does not have a drastic
affects on the approach selected. Table 3 also
shows the recommended approach for Brookhaven
and Princeton, sites that only have the LLNL
seismic hazard curves.

As shown in Table 3, the recommended values
are generally equal to or lower than the previous
estimates provided in UCRL-15910. This result is
significant when considering that the older
hazard curves are most appropriately correlated
with median estimates. Thus, the LLNL and
EPRI median results both suggest that median
seismic hazard estimates have decreased since
the late 1970's. Tables 2 and 3 also show that if the
option selected had directly used the mean or 85th
percentile data, the derived pseudo-mean is likely
to have been heavily influenced by the LLNL
curves.

The interim position explicitly applies to all
DOE sites east of the about 104W (but excludes
Rocky Flats), except for sites within about 50
kilometers of active seismogenic sources, such as
the Paducah, KY site. DOE sites in the Western
United States (west of 104W) should be aware of
the position, particularly when developing site-
specific probabilistic seismic hazard curves. The
effective date for this position is June 15,1992.

FUTURE EFFORTS

In an effort to improve any future probabilistic
seismic hazard studies, the SWG requested that
Sandia National Laboratory prepare a Program
Plan for the Evaluation of EPRI and LLNL
Seismic Hazard Methodologies and Development
of Recommendations for a Consensus
Probabilistic Seismic Hazard Methodology for the
1990s. This proposal has been discussed with the
U.S. Nuclear Regulatory Commission and EPRI
with the intent that the work would be supported by
the three agencies. The results of this work would
include a procedure for estimating the likelihood
of earthquake ground motion in the Eastern
United States that are accepted by the participating
government agencies and the electric power
industry. The results of this work would replace
this interim position. This work will initiate in

the second quarter of fiscal year 1992 and will be
completed approximately 18 months later.

The SWG is also following the ongoing efforts
of the Nuclear Regulatory Commission
regarding potential modifications to the NRC's
seismic criteria and regulations. The Nuclear
Regulatory Commission efforts as they become
available will be reviewed to determine if any
modifications to the Interim Position are
necessary.
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DOE NATURAL PHENOMENA POLICY
DEVELOPMENT

V. Gopinath
B. K. Singh

Office of Nuclear Safety Policy & Standards
Office of Nuclear Energy

U.S. Department of Energy

ABSTRACT

Lawrence Livermore National Laboratory (LLNL) was asked to assist the
Department of Energy, Office of Nuclear Safety Policy and Standards, in
preparation of natural phenomena hazards policy and a plan consisting of
short and long term tasks needed to implement the policy. This work was
conducted by LLNL staff with assistance from experts in natural
phenomena. This paper presents the proposed natural phenomena policy
and recommendations for their implementation.

BACKGROUND

It is the policy of the Department of Energy (DOE)
that the general public be protected such that no
individual bears significant additional risks to
health and safety from the operation of a DOE
facility above the risks to which members of the
general population are normally exposed. As
such, it is the Department's intent that DOE
facilities be designed, constructed, and operated to
assure the protection of the public, workers, and the
environment. An important element in assuring
safety of DOE facilities is protection against
natural phenomena hazards.

In order to implement a safety policy for natural
phenomena hazards, a unified, consistent body of
regulations, orders, and implementing
procedures need to be developed which assure
uniform implementation across the DOE complex.
Important elements in such a policy include:

1) The use of established safety goals to serve
as targets for performance

2) Adherence to appropriate national and
international standards in the design,
construction, and operation of facilities
wherever applicable

3) Continuous reevaluation and
improvement of safety utilizing the latest

4)

information from operational experience
and developments in science and
engineering

Maintaining a balance of safety,
production goals, and cost.

The concept of safety goals in the form of
numerical risk targets is not new but the use of
such targets has been increasing as applied to
natural phenomena hazards. Recent applications
include the Uniform Building Code (UBC), DOE's
New Production Reactors, and requirements for
advanced reactors.

PROPOSED POLICY

Lawrence Livermore National Laboratory
(LLNL) was asked to assist the DOE Office of
Nuclear Safety Policy and Standards in the
preparation of natural phenomena hazards policy
and a plan consisting of short and long-term tasks
needed to implement the policy, [Ref. 1]. The
proposed policy is illustrated in Figure 1. The top-
level regulations, which address four areas, have
been developed in the form of criteria intended to
ensure overall safety of DOE facilities when
subjected to the effects of natural phenomena. The
natural phenomena to be considered include
earthquakes, tsunami, winds, hurricanes and
tornadoes, floods, volcano effects and seiches.
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FACILITIES SITES

Consideration of natural
phenomena

Combination of natural
phenomena with other
concurrent loads

Relative risk potential
of structure!, systems ft
comport* rt»

Performance
Categories

Figure 1. Essential elements of proposed natural phenomena hazards policy.

Natural phenomena criteria have been developed
in the following areas:

Facilities

* General design criterion for new
facilities
- Requirement for new facilities

* General evaluation criterion for existing
facilities
- Requirement for evaluation and

reevaluation of existing facilities

* General design criterion for additions,
modifications, and upgrades for existing
facilities
- Requirement for changes to existing

facilities

The steps needed to implement these three criteria
include:

- Obtain site specific data needed to develop
natural phenomena hazard estimates.

- Document hazard descriptions for each
natural phenomenon.

- Classify structures, systems, and components
into performance categories.

- Evaluate natural phenomena loads
appropriate for the performance category
considered.

- Identify normal and accident loads.

- Calculate response to all loads.

- Combine response to natural phenomena loads
with response to normal and accident loads.

- Compare combined response (demand) with
structures, systems, or components capacity.

- Provide or check for design details such that
desirable natural phenomena behavior can be
achieved.

- Redesign or identify where capacity is
exceeded.

- Conduct independent peer review of the
natural phenomena design or evaluation.
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• Natural phenomena hazards evaluation
criteria for new and existing sites

- Requirement for natural phenomena
hazard models for all sites

The steps needed to implement this criterion are
the following:

- Obtain site specific data needed to develop each
individual natural phenomena hazard.

- Develop an uniform method for quantifying
each hazard.

- Develop hazard descriptions for each natural
phenomenon.

- Review site specific data and hazard
methodology periodically; update hazard
descriptions as needed.

These four general criteria are intended to ensure
an adequate understanding of the natural
phenomena hazards at the Department of Energy
sites and to ensure that both new and existing
facilities can mitigate the effects of natural
phenomena.

The intent of these policy statements in the form of
general criteria is to identify "WHAT" needs to
be done to ensure adequate protection against
natural phenomena. There is an overall need for
consistency throughout the DOE complex related to
natural phenomena including, consistent
terminology, policy, and implementing
procedures.

IMPLEMENTATION OF GENERAL DESIGN
AND EVALUATION CRITERIA

New structures, systems, and components (SSC's)
at DOE facilities shall be designed to withstand the
effects of natural phenomena hazards. Existing
SSC's at DOE facilities shall be evaluated for
natural phenomena hazards to determine
compliance or non-compliance with natural
phenomena hazard design provisions as
expressed in implementing documents such as
UCRL-15910 [Ref. 2], and to assess the need for
strengthening. The design/evaluation bases of
SSC's shall reflect: (1) appropriate consideration
of the natural phenomena which could affect the
site on a probabilistic basis with due consideration

for uncertainties in current knowledge, (2)
appropriate combinations of the effects of normal
and accident conditions with the effects of the
natural phenomena, and (3) their relative risk
potential. The following sections amplify each of
these topics:

(1) Design/evaluation bases must reflect
appropriate consideration of the natural
phenomena which could affect the site on a
probabilistic basis in order to provide
criteria by which facilities can achieve
levels of safety as measured by performance
goals. Probabilistic methods are not the only
methods that can be used to define vibratory
ground motion. Methods generally labeled
deterministic have also been widely used
and accepted in the evaluation of facilities.
The use of both types of methods to estimate
vibratory ground motion generally adds,
credibility to the assessment of a design
basis earthquake, provides a consistent
check, and assists in obtaining consistent
estimates from site to site. To be
meaningful, probabilistic evaluations must
appropriately consider the uncertainties in
current knowledge. Performance goals, as
defined in Ref. 2, should be considered
targets to achieve, not absolute values which
must be achieved. This provision for
probabilistic evaluation is a departure from
criteria for existing nuclear power plants in
which natural phenomena have been
developed in a deterministic manner
considering the most severe occurrences that
have been historically reported.
Consideration of natural phenomena
hazards on a probabilistic basis enables
development of design/evaluation criteria
based on performance goals consisting of
annual probability of facility damage due to
natural phenomena. Developing
design/evaluation criteria using
probabilistic performance goals as a target is
a rational approach and an improvement
over current light water reactor criteria.

(2) Appropriate combinations of the effects of
normal and accident conditions with the
effects of the natural phenomena can be
accomplished by prescribing industry
accepted load combination rules, for
example, those given in Standard Review
Plan 3.8.4.
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(3) The relative risk potential for DOE facilities
or of the structures, systems, and components
making up DOE facilities may be accounted
for by providing several sets of
design/evaluation criteria with increasing
conservatism (i.e., producing decreasing
probability of damage). This graded
approach provides different levels of
criteria, such as:

* criteria in which no consideration of
natural phenomena is necessary, where
safety is not an issue;

* criteria consistent with normal building
codes, where life safety to on-site
personnel is an issue of importance;

* criteria between normal building codes
and nuclear power plants;

» criteria consistent with that used for the
design of nuclear power plants, where
off-site release of hazardous material
must be prevented.

Each set of criteria is intended to meet a
performance goal which is appropriate for the
safety function to be performed or for the risk
potential of the structure, system, or component
being considered. The performance goal is
expressed as an annual probability of damage to
the safety function. The performance goal is met
by following criteria which specify: (1) an annual
probability of exceedance for the natural
phenomena hazard from which input loadings are
determined; (2) response evaluation methods and
permissible response levels with a controlled level
of conservatism; (3) requirements for design
details; and (4) requirements for peer review and
quality assurance.

Considering the wide variety of DOE facilities
with varying risk potential, it is appropriate to
develop sets of criteria of varying conservatism
for the design of new facilities or the evaluation of
existing facilities. Assignment of a probabilistic
performance goals to each set of design/evaluation
criteria provides a convenient measure of the level
of conservatism appropriate to the importance of
the safety function or risk potential of structures,
systems, and components making up DOE
facilities. With probabilistic performance goals
as a target for design/evaluation criteria, it is

necessary to express input loadings from natural
phenomena hazards on a probabilistic basis. The
use of probabilistic natural phenomena hazard
assessments provides a reasonable and modern
approach for accounting for the uncertainty
associated with maximum historically recorded
events as well as for accounting for potential
events in excess of those recorded over the
relatively short period of time in which such
events have been observed.

Implementing documents will be needed to
provide guidance on "HOW" to comply with the
natural phenomena criteria presented. The
remainder of this paper discusses topics for which
implementing documents need to be developed or
adapted from existing documents to be applicable
to DOE facilities.

IMPLEMENTATION PROCEDURES

The framework for a design approach which
encompasses relative risk potential (a graded
approach), probabilistic performance goals, input
loadings based on probabilistic hazard
assessments, and integrated response evaluation
and permissible response levels, is contained in
UCRL 15910. This document has served for
several years as primary guidance for design and
evaluation of DOE facilities to resist natural
phenomena hazards. It is proposed that the four
Usage Categories currently in UCRL 15910 be
replaced by six component performance
categories.

The relationship between facility or component
use and desired performance will be established
in a separate document to establish the
methodology for selecting categories for each
component. An SSC will be placed in a
performance category such that the desired
performance (probability of damage) combined
with the facility use (quantity, rate and
characteristics of release of hazardous material
[or other parameters describing facility hazard])
combined with site characteristics (meteorology,
demography, ecology) lead to acceptable level of
safety (acceptable risk). This will allow
consistent placement of SSC's in categories
throughout the DOE complex.

Plans are being developed to augment and
improve UCRL 15910. A performance category
consistent with components used for safety

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

26



systems in nuclear reactors needs to be added
along with associated analysis methods and
acceptance criteria. Other improvements include:

• Link safety categories to component
performance goals

• Expand requirements for existing
facilities

• Expand to other systems and components
• Add improvements in state-of-the-art

engineering

Additional implementing procedures are also
planned; they include:

• Methodology for placement of structures,
systems and components into performance
categories

• Guidance for evaluation of seismic
hazards

• Guidance for evaluation of wind/tornado
hazards

• Guidance for evaluation of existing
facilities

• Guidance for geophysical, seismological,
and geotechnical studies

SUMMARY

DOE policy is being formulated to assure that
natural phenomena hazards are addressed in a
consistent manner throughout the DOE complex.
The policy will utilize design and evaluation
methods based on performance goals. This
methodology requires a probabilistic treatment of
hazards (e.g. earthquake, wind, and flood) but
employs deterministic design and evaluation
rules commonly used by engineers. Such a
combination assures consistency with DOE
Nuclear Safety Policy. In addition, a graded
approach is used such that performance is
consistent with facility cost, mission, and
hazards.
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STRUCTURAL CONCEPTS AND DETAILS FOR SEISMIC DESIGN

Martin W. Johnson, S.E., and Elwood A. Smietana. S.E.,
EQE Engineering, Inc.
Costa Mesa, California

and
Robert C. Murray, P.E.,

Lawrence Livermore National Laboratory
Livermore, California

ABSTRACT

As a part of the DOE Natural Phenomena Hazards Program, a new
manual has been developed, entitled UCRL-CR-106554, "Structural
Concepts and Details for Seismic Design." This manual describes and
illustrates good practice for seismic-resistant design.

DESCRIPTION

This manual discusses building and
building-component behavior during
earthquakes, and suggests procedures and details
for seismic resistant design which have been
shown by experience to provide for adequate
performance during earthquakes. Included are
special design and construction practices which
are common in high-seismic regions, but may not
be so in low and moderate seismic-hazard
regions of the United States. Special attention is
given to describing the level of detailing
appropriate for each seismic region. The UBC
seismic criteria for all seismic zones is examined,
and many examples of connection details are
given. The general scope of discussion is limited
to materials and construction types common to
Department of Energy (DOE) sites.

Other manuals previously produced by
others as a part of the DOE natural phenomena
hazards program include: UCRL-15910, "Design
and Evaluation Guidelines for Department of
Energy Facilities Subjected to Natural
Phenomena Hazards," which provides evaluation
procedures and design criteria for natural
phenomena hazards affecting each DOE site;
UCRL-21131, "Structural Details for Wind
Design;" UCRL-15714, "Suspended Ceiling
Survey and Seismic Bracing Recommendations;"

and UCRL-15815, "Practical Equipment Seismic
Upgrade and Strengthening Guidelines."

MANUAL DEVELOPMENT

The manual was developed by EQE, under
contract to Lawrence Livermore National
Laboratory (LLNL). A separate independent
review team was also formed to oversee and
review the manual development. The manual is
a compilation of much existing and well thought-
out published material on seismic design and
detailing, in conjunction with a state-of-the-art
perspective by the authors.

The EQE Team included the following
members:

• Martin W. Johnson, the EQE Project
Manager and the primary author

• Elwood A. Smietana, who performed a
technical review and edit of the manual

• Stephen K. Harris, who wrote a large
portion of Chapter 5, "Diaphragm
Systems"

• John H. Gillengerten, who wrote
Chapter 7, "Partitions and Cladding"
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i Plus numerous others who provided
suggestions and review comments.

The Independent Review Team included the
following members:

• Robert C. Murray, Lawrence
Livermore National Laboratory

• Robert E. Bachman, Fluor Daniel, Inc.

• Frank E. McClure, Lawrence Berkeley
Laboratory (retired)

• Stephen A. Short, ABB Impell Corp.

The DOE Project Manager was Mr. James
R. Hill, and Dr. Robert C. Murray was the LLNL
Project Manager.

This document has been issued for trial use
and comment within the DOE community. A
comment form is provided at the back of each
manual. Comments submitted before September
1,1992 will be evaluated during the final issue of
the manual. Additionally, it has been sent to the
Seismology Committee of the Structural
Engineers Association of California (SEAOC)
for their review and comment.

The project began on May 24,1990 at the
Palm Springs EERI conference, where the "kick-
off project meeting was held. Following this
meeting, a survey of DOE sites was conducted to
develop a picture of the prevalent types of
construction, both existing and planned. The
purpose of this survey was to focus the scope of
the manual on relevant structures and methods
of construction. As a result of this survey, the
manual includes no discussion of wood
construction, and very little of prestressed
concrete construction.

When the manual was first envisioned, the
original intent was to only present details
appropriate for Seismic Zones 1 and 2 seismic
areas, since the majority of DOE sites are
located in these regions. However, due to a need
for designing to Zones 3 and 4 requirements for
Important and High-Hazard facilities even in
Zone 2 areas, the scope was expanded early-on
to include all seismic zones.

Because it is expected that the majority of
users would be interested primarily in design for
Seismic Zone 1 and 2 requirements, the manual
was organized to present these requirements
first, followed by Seismic Zone 3 and 4
requuements. This is in contrast to the UBC,
which is primarily oriented toward Seismic
Zones 3 and 4 design. The manual also focuses
on overall structural system behavior, in addition
to individual component behavior and detailing.

Overall, the manual is intended to function
as a guide to, and is based primarily on the
technical requirements of, the 1991 UBC,
SEAOC "Blue Book" (1990) design
recommendations, and to UCRL-15910 (1990).
It provides examples of structure details which
are common to seismic design practice, discusses
why these details are used, and shows how
similar details can be adopted into new designs.

Although primarily written for professional
engineers engaged in performing seismic-
resistant design for DOE facilities, the first two
chapters of the manual plus the introductory
sections of *uarcJm| chapters, contain
descriptions *hwh arc also directed toward
project engineer* »ho .authorize, review, or
supervise the doifn and construction of DOE
facilities. Refer erwe* Usted at the end of each
chapter contain farther tources of information
for each top*

The tollm inf paragraphs describe the
general content* vi the manual. For each
chapter, rnajvtr tutnrvttons are listed, and
subsection purpwr and content are briefly
described

CONTENTS Of THE MANUAL

CHAPTER 1: INTRODUCTION

This chapter briefly defines the purpose and
scope of the document. It also cautions the user
regarding what is not included and references
other sources of information.

CHAPTER 2: SEISMIC CONCEPTS

• EARTHQUAKES AND BUILDING
CODES: Provides a brief overview of
how forces are developed in structures
during earthquakes. It then
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summarizes the building code
approach and describes the basic
building code philosophy towards
earthquake design.

• BASIC STRUCTURAL SYSTEMS AND
COMPONENTS: Introduces the basic
types of structural systems and
components which are used to resist
lateral forces.

• LOAD-PATHS: Introduces the "load
path" concept which engineers use to
ensure a complete and uninterrupted
lateral force system.

• STRUCTURE CONFIGURATION:
Summarizes the basic types of vertical
and plan irregularities which are
defined in the UBC, together with
their associated design restrictions.

• DRIFT AND DEFLECTION
CONSIDERATIONS: Discusses
deflection-related aspects of structural
design.

CHAPTER 3: DETAILS FOR WALL SYSTEMS

• INTRODUCTION: Provides an
overview of basic shear wall behavior
as affected by rigidity, geometry, and
distribution of reinforcement.

• REINFORCED MASONRY
CONSTRUCTION: Discusses layout,
construction and design aspects of
masonry construction. Layout and
construction topics discussed include
grouting methods, inspection
requirements, and the spacing and
details of control joints. Design topics
include the various design methods,
reinforcing details, and specific UBC
design requirements for Seismic Zones
2,3 and 4.

• CAST-IN-PLACE CONCRETE
CONSTRUCTION: Discusses concrete
shear wall construction. Included is a
summary of UBC design requirements
for Seismic Zones 1 through 4, as well
as special UBC requirements for
boundary elements, coupling beams

and wall piers. Also shown are
suggested details for construction
joints and waU intersections,

• CONCRETE TILT-UP
CONSTRUCTION: Illustrates the
various special types of details which
are required when concrete tilt-up
walls are used to resist earthquake
forces.

CHAPTER 4: DETAILS FOR MOMENT-FRAME
AND BRACED-FRAME SYSTEMS

• MOMENT AND BRACED-FRAME
SYSTEMS: Provides an overview of
basic moment frame and braced-frame
behavior.

• REINFORCED CONCRETE MOMENT-
FRAME SYSTEMS: Discusses concrete
moment frame construction. Separate
sections define UBC requirements and
show typical reinforcing details
appropriate for each of the three basic
types of concrete moment frames:

o Ordinary Moment-Resisting
Frames (OMF); used in Seismic
Zones 0 and 1,

o Intermediate Moment-Resisting
Frames (IMRF); used in Seismic
Zone 2, and

o Special Moment-Resisting
Frames (SMRF); used in
Seismic Zones 3 and 4.

• STEEL CONSTRUCTION: Discusses
general aspects of steel construction,
including special UBC requirements
on the selection of materials and
special load combinations which are
required for the design of steel
columns in Seismic Zones 3 and 4.

• STEEL MOMENT-FRAME SYSTEMS:
Describes UBC requirements and
provides details for Ordinary Moment-
Resisting Steel Frame (OMF) and
Special Moment-Resisting Steel Frame
(SMF) types of construction. The
differences in UBC design criteria for
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SMF systems for Seismic Zone 2
versus Seismic Zones 3 and 4 are
presented.

• STEEL CONCENTRIC-BRACED
SYSTEMS: Discusses the design of
concentric braced frames, including
bracing configuration requirements,
member and connection strength
requirements, and typical connection
detailing practice.

• STEEL ECCENTRIC-BRACED
SYSTEMS: Discusses the design of
eccentric-braced frames, including
frame geometry and link strength
considerations, and specific building
code requirements. Typical
connection details are shown.

• PREFABRICATED METAL
BUILDINGS: Discusses the design and
performance of prefabricated metal
building systems. Procurement and
design review recommendations are
given which are intended to enhance
the seismic performance of these
systems.

CHAPTERS: DIAPHRAGM SYSTEMS

• INTRODUCTORY CONCEPTS:
Introduces elementary concepts of
diaphragm rigidity, deflections, torsion,
and configuration.

• ANALYSIS OF DIAPHRAGMS:
Presents the basic UBC seismic design
requirements for diaphragms and
describes basic diaphragm
components, including chord and
boundary elements, drag and
collector/distributor elements,
diaphragm-to-wall anchorage, and sub-
diaphragms and cross-ties.

• ANALYSIS OF COMPLEX
CONDITIONS: Provides guidelines for
complex design situations, including
situations at notched diaphragms,
diaphragm openings, diaphragms
subjected to torsional moments, and
diaphragms with non-orthogonal
supporting elements.

• METAL DIAPHRAGM SYSTEMS:
Discusses the construction, design and
detailing of metal-deck diaphragm
systems, including decking layout,
details at openings, and details
required to resist out-of-plane forces
from attached concrete and masonry
walls.

• CONCRETE-AND-METALDECK
DIAPHRAGM SYSTEMS: Discusses
the construction, design and detailing
of metal-deck with concrete topping
diaphragm systems.

• CONCRETE SLAB DIAPHRAGM
SYSTEMS: Discusses the construction,
design and detailing of cast-in-placc
concrete diaphragm systems. Separate
building code requirements for Seismic
Zones 1 and 2 versus Seismic Zones 3
and 4 are presented.

• PRECAST CONCRETE SYSTEMS:
Discusses the construction, design and
detailing of diaphragm systems which
utilize precast concrete components.
Recommendations are given for
systems constructed both with and
without concrete topping slabs.

• HORIZONTAL STEEL-BRACING
SYSTEMS: Discusses the construction,
design and detailing of diaphragm-like
systems which are constructed using
horizontal steel bracing systems.
Different bracing layout philosophies
are presented, together with the
resulting effectiveness and connection
details.

CHAPTER 6: FOUNDATION SYSTEMS

This chapter briefly discusses foundation-
related aspects of seismic design, including
design for sliding and overturning/uplift
resistance. The structural design of both shallow
and deep foundations systems is discussed.

CHAPTER 7: PARTITIONS AND CLADDING

• INTRODUCTION: Introduces
elementary aspects of the behavior of
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partition and cladding building systems
during earthquakes.

• PARTITION SYSTEMS: Discusses the
construction, design and detailing of
stud-framed and masonry partition
systems for earthquake effects.

• PRECAST CONCRETE CLADDING
SYSTEMS: Discusses the construction,
design and detailing of precast
concrete cladding systems. Topics
include panel configuration and
attachment method, the
accommodation of story drift, and
considerations for the design of both
the precast panel and its connections.

CHAPTER 8: DESIGN APPROACHES FOR
SPECIAL SITUATIONS

This chapter provides brief guidelines and
lists building requirements for some of the more
complex situations which can occur during
seismic design. Topics include:

• The design of structures composed of
combinations of structural systems,
such as dual systems, vertical "stacked"
combinations, and combinations along
different building axes.

• The design of building alterations or
additions.

• The design of seismic retrofits.

• A very brief discussion of how ground
motion affects structure behavior
during earthquakes, including site
amplification effects, seismic wave
effects, soil-structure interaction, and,
in general, what to do when a structure
is embedded underground.
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TECHNICAL FEATURES OF A LOW-COST EARTHQUAKE ALERT SYSTEM*

Philip Harben
Lawrence Livermore National Laboratory

7000 East Avenue
Livermore, CA 94550

ABSTRACT

The concept and features of an Earthquake Alert System (EAS) involving a
distributed network of strong motion sensors is discussed. The EAS analyzes
real-time data telemetered to a central facility and issues an areawide warning of
a large earthquake in advance of the spreading elastic wave energy. A low-cost
solution to high-cost estimates for installation and maintenance of a dedicated
EAS is presented that makes use of existing microseismic stations.

Using the San Francisco Bay area as an example, we show that existing U.S.
Geological Survey microseismic monitoring stations are of sufficient density to
form the elements of a prototype EAS. By installing strong motion instrumen-
tation and a specially developed switching device, strong ground motion can be
telemetered in real-time to the central microseismic station on the existing
communication channels. When a large earthquake occurs, a dedicated real-time
central processing unit at the central microseismic station digitizes and analyzes
the incoming data and issues a warning containing location and magnitude
estimations. A 50-station EAS of this type in the San Francisco Bay area should
cost under $70,000 to install ?nd less than $5,000 annually to maintain.

INTRODUCTION

The apparently random onset of large earth-
quakes in an earthquake-prone area requires that a
constant state of earthquake readiness be maintained
by populations and facilities in that area to assure
minimal damage and loss of life. The balance
between earthquake readiness and the conduct of
normal life may shift more in favor of earthquake
readiness if a few seconds to a few tens of seconds of
warning can be given before strong ground motion
from a large earthquake occurs. This is possible
because elastic wave energy from an earthquake
travels slowly (3-6 km/sec) compared to the speed of
light. Consequently, earthquake sensors nearest the
epicenter of an earthquake will detect it first and can
broadcast that information at the speed of light to the
entire earthquake-prone area in advance of the
spreading elastic wave energy from the earthquake.
A system of this kind, an Earthquake Alert System
(EAS), is the subject of this paper.

The fundamental idea behind an EAS is simple,
and the technology needed to implement it is well
developed. In detail, however, an EAS is complex,
requiring a wide and fairly dense distribution of
seismic stations, real-time communications, a central
warning and processing facility, and real-time
earthquake location and magnitude estimation
algorithms that can predict location and magnitude
with some degree of reliability. Furthermore, the cost
and maintenance of a dedicated EAS can be
substantial ($1 million to $3 million).

This study points out the design characteristics,
capabilities, and technical features of a prototype
low-cost EAS that uses existing microseismic
monitoring stations. A brief review of past efforts in
earthquake alert and shutdown systems is followed
by a discussion of the general features of an EAS.
The details of a low-cost EAS prototype are then
presented followed by a specific application to the

•This work was performed under the auspices of the U.S. Department of Energy by the Lawrence Livermore
National Laboratory under Contract W-7405-Eng-48.
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San Francisco Bay area. Finally, the conclusions of
this study are presented.

REVIEW OF PREVIOUS WORK

Numerous earthquake protection systems pro-
tect vital facilities at the onset of strong motion.
These can be categorized as either (1) vibration sen-
sors that actuate an electrical or mechanical switch
when a vibration threshold is exceeded, (2) P-wave
detectors that issue an alarm or actuate a switch
when a vibration threshold is exceeded that is
consistent with the typical dominant frequencies of
earthquake P-waves, or (3) fadlitywide vibration
sensors that communicate with a central station. The
central station actuates an electrical or mechanical
switch when a fixed number of vibration sensors
exceed the threshold in a specified time period.

The most widespread and simplest earthquake
protection systems are of the seismic switch type.
Many facilities in earthquake-prone areas use
commercial seismic switches such as the Kinemetrics
TS-3 A, a biaxial accelerometer that closes or opens a
relay when a user-set acceleration threshold is
exceeded. These devices are used to turn off
electrical power to computers, disk drives,
manufacturing machinery, and other electrical
equipment, and to dose gas main valves and water
main valves. The Japanese National Rail ways have
used similar devices since the early 1960s to shut off
electrical power on sections of railway track
experiencing ground motion above a prescribed
threshold described in Nakamura, [1].

The United States and Japan have actively
discussed the use of automatic seismic trigger
shutdown systems for commercial nuclear power
plants since the 1960s. Although there are no
requirements for these systems on any commercial
reactors at present, some studies indicate nuclear
reactor operator performance significantly
deteriorates as strong ground motion increases and,
consequently, complex ordered shutdown
procedures can be executed improperly during a
large earthquake, 12].

Earthquake protection systems that are designed
to activate when the less damaging and faster
P-wave arrives to shut down facilities and issue
alarms in advance of the more damaging S-wave
arrival are commercially available. These devices
restrict the frequency passband of the accelerometer
output to the band typical of earthquake P-waves.

There are many examples of facilitywide
earthquake protection systems. Tyler and Beck, (3),
described an earthquake protection system designed
for an offshore oil platform in New Zealand. The
function of this system was to warn when
accelerations reached half the design limit of the
platform. The system consisted of strong motion
sensors on the platform and at an onshore facility
37 km away connected via a radio link. When
accelerations above a certain threshold were
measured on the platform, an audible alarm was
sounded and a warning light was activated. A
second platform warning light was activated by the
onshore facility when accelerations exceeded the
threshold.

Another example of a facilitywide earthquake
protection system is described by Latypov, [4]. The
EPS-3 system is designed to issue a visual alarm and
switch off devices when certain ground motion
thresholds are exceeded. The central logic unit is
wired to several independent piezoelectric strong
motion sensors and associated processing units
distributed about the "protected" facility. Warning
and switching occurs when ground motion
thresholds are exceeded at two or more separate
sensor locations.

The earthquake protection systems mentioned
above cannot be considered an EAS system because
they all depend on the arrival of elastic wave energy
at the "protected" facility before action is taken. The
key feature of an EAS, that sensor information near
an earthquake epicenter can be transmitted at the
speed of light to give warning in advance of the
spreading elastic wave energy, is not a part of these
systems. Instead, protection is realized by rapid
action as vibration levels are exceeded or action is
taken after recognizing the arrival of the faster but
typically less energetic P-wave.

An example of a simple EAS system is proposed
by Esayan, [5], to shut down Soviet nuclear power-
plants located in areas of high seismic risk. A dis-
tributed network of strong motion seismic stations
arranged symmetrically around a nuclear power-
plant transmits real-time data over a radio link to the
nuclear powerplant. If any strong motion station
measures an acceleration exceeding a specified
threshold, a signal is sent to the powerplant that
automatically shuts down the reactor.

A temporary EAS was deployed by the U.S.
Geological Survey (USGS), [6], soon after the Loma
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Prieta earthquake to warn California transportation
workers on the severely damaged Cypress overpass
structure of large aftershocks originating near the
epicenter. This system consisted of three
seismometers forming a triangular 3-mile-aperture
array near the Loma Prieta earthquake epicenter.
Data were telemetered in real-time to Menlo Park
where a detector monitored the data from the three
stations. Radio receivers at the Cypress structure
received the warning signal and activated an audio
and visual alarm for the workers. The system
provided II sec of warning before P-wave arrival
and 23 sec of warning before S-wave arrival at the
Cypress structure for a magnitude 4.4 aftershock near
Loma Prieta.

A prototype EAS developed by the Japanese
National Railways, [1], called the Urgent Earthquake
Detection and Alarm System was implemented in
Japan as part of an earthquake disaster prevention
system in 1990. This system uses single three-
component seismic stations with stand-alone station
processing to estimate factors such as origin time,
hypocenter, and magnitude from a particular
earthquake in real-rime.

The most advanced concept of an EAS was
described by Heaton, [7], and consisted of the
following key components:

• A distributed seismic network with strong
motion sensors.
• A central real-time processing center.
• A broadcast information packet, rapidly
updated.
• User-determined response based on the
information packet.

The central processing center receives the real-time
data transmitted from all stations in the EAS. The
center produces estimates of the earthquake location,
size, and reliability based on the evolving ground
motions reported by the stations. These estimates are
broadcast in the form of an information packet and
are rapidly updated as new ground motion
information is reported by the stations. Users
monitor the EAS broadcast band. When EAS
information packets are detected, the user's
processing system automatically executes
preprogrammed decisions based on earthquake size,
location, and reliability estimates and on the user's
facility requirements.

A prototype EAS has been advanced for strike-slip
earthquakes such as those that occur on the San
Andreas Fault, using Parkfield, Calif., as a possible
test site, [8]. The strategy is to densely instrument
particular major fault segments deemed to have the
highest probabilities of rupture. The fault moment
can then be estimated to provide a measure of
earthquake magnitude.

FEATURES OF AN EAS

The EAS concept favored in this study is that
described by Heaton, [7). Some of the features of the
EAS presented here are patterned after Heaton's
original EAS concept.

An EAS requires a network that consists of a
fairly large number of strong motion seismic stations
that are distributed about the earthquake-prone area,
a central real-time processing station, warning and
earthquake parameter estimation algorithms, a
warning broadcast capability, and user receivers that
process the warning signal and perform
predetermined user responses (see Fig. 1). The
number and distribution of sensors in relation to the
major faults and population centers of an
earthquake-prone area will determine the maximum
warning times any given facility can expect from a
particular earthquake scenario. The following
discussion outlines the fundamental components and
aspects of an EAS: seismic stations, communications,
central station and algorithms, warning signal, users
and user processing, and survivability.

SeSMIC STATIONS

Individual seismic stations that form the EAS
network must make the fundamental measurements
that will allow for real-time estimation of earthquake
location, size, and origin time. Earthquake location
and origin time are estimated from the time of first
break of the initial P-wave arrival at each station.
This measurement is most accurate when taken from
the output of a vertically oriented seismometer. An
estimate of the earthquake size is crucial for an
effective EAS. Although there are several potential
real-time magnitude estimation techniques, most rely
on strong motion data from the initial P-wave arrival
and from later phase arrivals. Consequently, real-
time data from strong motion instrumentation must
be provided in addition to sensitive seismometers.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

37



• Strong M»i»n Stnom

;

H

U w CPU art I
Algorithm I

EltcuomMftanicit
Shutdown / Atort
Functions

Figurt 1. The EAS concept Is Illustrated. An areawlde strong motion network telemeters reaMIme data to
a central real-time processor. The processor estimates earthquake parameters and Issues a warning
Information packet containing the estimated parameters. User facilities receive the warning packet and
execute alert or shutdown functions based on their specific preprogrammed response.

COMMUNICATIONS

A dedicated real-time communication system is
probably the most costly component of the EAS. The
communications options that exist include: radio
telemetry (VHF or UHF), telephone lease lines
and/or microwave links, and satellite
communications. Each system has merits and
shortcomings. The communication system of choice
involves a tradeoff among installation cost, existing
infrastructure, maintenance cost, dependability,
and survivability.

CENTRAL STATION AND ALGORITHMS

The centra) EAS station acquires the incoming
real-time strong motion network data for real-time
analysis by the EAS central processing unit (CPU). A
detector algorithm can monitor the level of the strong
motion signals as the data are buffered in memory.
When the threshold level is exceeded, a first-arrival
picking algorithm is repeatedly applied to all data
channels. When at least four seismic stations have
established a first arrival, a location algorithm is
repeatedly applied to the first arrival picks. As the
earthquake evolves and more first arrivals are
picked, the location algorithm estimates will be
increasingly accurate,

Algorithms have been proposed to estimate the
magnitude of peak acceleration, moment estimation,

[8], and P-wave period, 11]. Because significant
uncertainties are associated with each method, [9],
we cannot assume that these magnitude estimation
algorithms will become increasingly accurate in the
early evolution of an earthquake. To the extent
possible, estimation uncertainty could be minimized
by having all magnitude estimation algorithms arrive
at a composite estimation.

EARTHQUAKE WARNING SIGNAL

There are several options for sending the EAS
supplied warning signal to the user. The Public
Information and Notification System (PINS) has
many advantages over other options since
implementation and user costs are low and digital
messages can be relayed, [9]. The warning can be a
simple one-stage alert or a relatively sophisticated
packet of information that contains estimates of
location, origin time, magnitude, and reliability. The
information packet can be rapidly updated as the
earthquake evolves and more information is obtained
by the EAS. Both types of warning signals have their
relative merits and shortcomings. An EAS system
would probably be of greatest overall benefit to users
if it issued both types of warnings: a simple warning
that gives the greatest lead time for users that can
tolerate some false alarms but need maximum lead
time and a sophisticated information packet that
allows the user to weigh the location, magnitude, and
reliability estimates against their particular facility
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Figure 2. The alert Information packet Is broadcast and rapidly updated for user analysis and possible
shutdown and alert functions.

location, site response, and operation before
executing a possibly costly response.

INITIAL ALERT SIGNAL

An initial alert signal can give the greatest lead
time between initial warning and the onset of strong
motion. By applying a minimal warning algorithm at
the central station, which does not attempt location
or magnitude estimation, an alert signal can be
issued shortly after only a few stations have detected
strong motion from an earthquake. A very simple
algorithm could be used which maximizes lead time
by issuing a warning as soon as any EAS station
exceeds a predetermined acceleration threshold.
However, this system would be prone to relatively
frequent false alarms, [3,10]. A reasonable balance
between false alarm rate and increased lead time can
be obtained by using a minimal warning algorithm
that requires two EAS stations to measure ground
accelerations above a predetermined threshold
within a specified time window before the alert
signal is issued. The initial alert signal could be
transmission of a null alert information packet

ALERT INFORMATION PACKET

The earthquake alert information broadcast by
the EAS should be designed to give the end user of
the broadcast a summary of the current state of
knowledge of the evolving earthquake and the most
recent estimates of earthquake parameters such as
location and magnitude. The actual information

packet will be a compromise between maximizing
the amount of information transmitted in the alert
packet and minimizing the transmission time and
time between alert packet updates. The alert packet
design will be strongly dependent on the broadcast
method and upon the central station CPU and
earthquake parameter estimation algorithms.

The alert packet should contain all the salient
parameters that form the input to any users
preprogrammed response algorithm. An example of
a possible alert packet is shown in Figure 2. The alert
packet consists of the following information:

Update time.
Zero time estimate.
Location estimate.
Magnitude estimate.
Maximum acceleration.
Number of stations.

The update time allows the user to identify the
most recent information packet and to determine the
time that has elapsed between the most recent
information packet transmission and real time. The
zero time estimate refers to the time the earthquake
began and is estimated by the earthquake location
algorithm. The location estimate gives the
hypocenter coordinates of the earthquake and is
estimated by the earthquake location algorithm.

Note that location algorithms usually require
that at least four stations have an identified first
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arrival. Consequently, either the first alert packet is
not transmitted until four stations have recorded a
first arrival or the first transmitted alert packet(s) do
not contain zero time and location estimates. The
magnitude estimate can be an estimate of body wave
magnitude, maximum acceleration expected,
earthquake moment, or a combination of these. The
estimates) transmitted in the alert packet depend on
the algorithms implemented, station locations
relative to the earthquake, and the state of evolution
of the earthquake. The maximum acceleration gives
the value of the maximum acceleration seen by any
station up to the time of alert packet transmission. It
provides the user with a direct measurement value as
opposed to an estimate to provide a possible check
on the magnitude estimates. Finally, the number of
stations is the number reporting strong motion above
some relatively low threshold. This provides the
user with some indication of reliability of estimates
such as zero time and location, and it provides a
direct measurement reality check.

USERS AND USER PROCESSING

There are a large number of potential users of an
EAS. With a few seconds to a few tens of seconds
warning, facilities with high energy, high precision,
or high speed machinery can be shut down before
strong ground motion occurs (i.e., powerplants,
power distribution centers, refineries, factories,
computers, and disk drives). Airport operations can
be suspended, hospitals alerted, and trains stopped.
Fire station doors can be opened, emergency
generators turned on, and emergency services
deployed. Finally, audio alarms can alert people and
perhaps provide enough time to move to a safer
location in the immediate area.

The extent and specifics of earthquake alert
information analysis that a particular user may
require before executing alert or shutdown responses
depends on the user application. Potential user
applications, such as opening a fire station door, do
not have a significant cost associated with a false
alarm, so minimal or limited processing may be
desirable to maximize lead time. However, the
shutdown of a nuclear powerplant using the alert
signal would be high in cost. Consequently,
maximum alert information analysis that trades off
the time left to execute a shutdown against the
probability that a shutdown is not necessary may
be desired.

In general, the users preprogrammed response
algorithm can consist of a precalculated estimate of
the ground accelerations expected at their site from
earthquakes in a range of magnitudes and a range of
locations on the major faults. The response algorithm
would decide if and when to execute alert or
shutdown functions based on the location, zero time,
magnitude, and reliability estimate.

SURVIVABILITY

Although a detailed survivability discussion is
beyond the scope of this study, a few comments on
the survivability aspects of an EAS are in order. The
survivability of an EAS as a whole will be driven by
the weakest link of the individual components that
make up the entire system: the seismic stations,
communications, and the central station and warning
broadcast. In general, individual free-field station
survival during strong ground motion should not be
a problem if proper care is taken in the station design
and during station installation. A seismic station run
directly on commercial AC power would be
vulnerable to power interruptions likely during a
large earthquake. Powering the station by battery
and charging the battery with AC power or solar
panels allow the seismic station to be invulnerable to
AC power interruptions. Proper bolting of sensors to
a concrete pier, attachment of voltage controlled
oscillators or digitizers to a rigid structure bolted to
the pier, and shock mounting of batteries and
charging units will help assure proper operation
during strong motion.

The survival of the EAS communications is a
potential weak link. If satellite communications are
used, antenna dish alignment during strong ground
motion is a major concern. If dedicated telephone
lines or radio telemetry communications are used,
the gathering or central switching stations are a
concern. Note that in the near-field of a large
earthquake, strong ground motion is emergent, [11].
This means that there should be some period of time
after the onset of ground motion from a nearby large
earthquake, as accelerations build to damaging
levels, that a vulnerable communications center
continues to function.

The survival of the central EAS and warning
transmission station is also a potential weak link. A
large earthquake that occurs near the EAS central
station could damage or destroy the EAS before any
alert warning is transmitted. Hardening all
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components of the EAS central facility may be
difficult to accomplish in practice. One possible
strategy is to maintain two widely separated EAS
centrals in a master-slave relationship. Using
identical equipment and algorithms, the slave EAS
central station issues the alert warning packets only
when the master EAS central station fails to do so.

FEATURES OF A LOW-COST EAS

A California Division of Mines and Geology
earthquake warning system feasibility study, 19],
estimates the cost of a dedicated 43-station EAS in
southern California at $1.4 million for field stations,
$1.9 million for the central station, and $1.6 million as
the annual operation and maintenance cost. The
actual overall benefit of an EAS is difficult to predict.
Furthermore, large damaging earthquakes, even in
the most seismicatly active areas, are rare events.
Consequently, there is little justification for the large
estimated expenditures when the benefits are
uncertain and the events are rare.

A low<ost prototype EAS, with minimal
operation and maintenance costs, would be a natural
alternative to a costly dedicated system and would
help establish the true benefits of an EAS. Such a
prototype system can be developed by modifying
existing real-time microseismic stations to measure
strong motion. Figure 3 illustrates the EAS concept
as a parallel processing system with the microseismic
processing system.

Individual microseismic stations must be
instrumented with strong motion sensors. These
sensors and station seismometers use the same

established communication channels. A specially
designed switching device, currently being tested,
monitors the output of thfi strong motion instrument.
Under normal conditions, only the seismometer
output is passed by the switching device direc'ly to
the station communications for telemetry to the
central station. When strong motion above a preset
amplitude threshold occurs (generally chosen to be
at a level above saturation of the amplified
seismometer output, and consequently when no
useful data can be obtained from the seismometer),
the switching device passes only the strong motion
sensor output to the station communications for
telemetry to the central station. The switching
device returns to normal operation, passing only the
seismometer output, after a preset time is exceeded
and the strong motion falls below the preset
amplitude threshold- Since existing communication
equipment and links are used for the strong motion
data, the only costs incurred are from the purchase
and installation of strong motion sensors, switching
devices, battenrv and charging units.

The EAS arm*!, co-located at the microseismic
network centra!, consist* of a dedicated real-time
CPU, digitum aU-ti algorithms, and warning com-
munication tur.1 M tK The EAS stations' incoming
data, a subnet o« tt* full microseismic network, are
branched oft it*- muTmcismic central input for digiti-
zation and rr«tl t.mr analysis by the central EAS.
Note that t.v n uv-r«*-iwruc central also receives the
EAS station &»u t r routine archival and analysis.
Consequents *n U\*\ of strong motion events for
playback anJ aru: %-v* » accomplished by the micro-
seismic cvntra! »uu** The data received by the
EAS central *uri. «r tn>m a single station experiencing

Figure 3. The subnet of the microseismic network that has been modified for strong motion is event
processed by the microseismic processor as usual and Is streamed through the EAS central processor
for real-time estimation of earthquake parameters and warning broadcasting.
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Figure 4. Plot showing the mean P-wave travel time to the nearest two stations of a uniformly distributed
network of stations along the major faults as a function of the number of network stations

strong motion from a nearby earthquake should have
a first arrival followed by a rapid buildup in
amplitude to seismometer /amplifier saturation. This
would be followed by a 1- to 2-millisecond data gap
during switchover then strong motion sensor data.
This is a convenient data stream for the EAS
algorithms since the seismometer data are best for
first arrival picking for input to the location
algorithm and the strong motion waveform data are
required for magnitude estimations.

SAN FRANCISCO BAY AREA PROTOTYPE EAS
NETWORK

Critical to an effective EAS is arrangement of
sensors so that some will always be near any
expected major earthquake epicenter. Assuming
that major earthquakes with a random distribution of
epicenters occur only on known major faults and
neglecting hypocentral depths, Heaton, [7], showed
that, for a uniform distribution of n sensors along
known major faults of total length L, the mean travel
time for P-waves from epicenters on the fault to the
closest station is:

a v 4nv

where v is the P-wave velocity. By assuming a fixed
hypocenter depth of h for all major earthquakes, the

average travel time to the nearest station becomes:

'IV'

If we also assume that a minimal warning algorithm
that issues an initial alert signal (i.e., a warning signal
without any specific location and magnitude
estimation) will require strong motion at at least two
stations, then the average time before P-wave arrival
at the nearest two stations becomes:

Tav = *\/1 f=-

Since the San Francisco Bay area has known
major faults that are active, we can apply the above
equation by assuming that three major faults are of
primary concern: the San Andreas, Hayward, and
Calaveras Faults and that the total fault lengths
instrumented are 800 km. Assuming a P-wave
velocity of 6 km/sec and a hypocenter depth of
10 km, [12], the mean travel time to the nearest two
stations is calculated as a function of the number of
seismic stations along the total faults' length.
Figure 4 shows the results. There is little
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Figure 5. Map showing the location and identifiers of the USGS microselsmic network in the San
Francisco Bay area. Major fault traces are also shown.

improvement in using over 50 stations. The mean
P-wave travel time using 50 stations is about 3 sec. If
we neglect the small delays introduced by station
radio telemetiy or phone line transmission, assume
the minimal warning algorithm requires 0.5 sec to
issue a warning broadcast, and assume that
Vp/Vs = 1.67, [13], then the damaging S-wave will
only have reached an area of 8 km in radius from the
epicenter before the initial alert signal is received.

The above analysis ignores the fact that the major
bay area faults strike nearly parallel and therefore
stations on one fault are near another fault. Also, for
an EAS to be effective, it must broadcast a real-time
estimate of earthquake location, magnitude, and
reliability. A location estimate requires a minimum
of four reporting stations. Note that the known

major faults and the shallow earthquake epicenters in
the San Francisco Bay area make it more conducive to
an E AS than Japan, where major earthquakes occur
on a myriad of faults that do not have surface
expression and at relatively deep focus, I10J. A
simple analysis for the San Francisco Bay area that
assumes a uniform areawide distribution of sensors
(as would be required if specific faults could not be
identified) would require 10 times as many stations
for the same warning times as calculated earlier
using 50 stations. Deep hypocenters further diminish
the warning times an E AS could possibly produce.

The USGS C ALNET stations in the bay area are
shown along with the major fault traces in Figure 5.
Clearly, a subset of 50 stations that are located on or
near the major faults with an approximately uniform
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spacing can be selected. Since a large fraction of the
USGS stations consists of a single vertical component
seismometer, only a single component strong motion
instrument can be used on the existing
communication channel The strong motion
instrument should also be a vertical component. This
is because, although peak accelerations are usually
larger on horizontal components, during the early
evolution of the earthquake in the strong motion
near-field regime, the vertical component
accelerations are similar to and often larger than the
horizontal components, [11,14].

Conclusions

A low-cost prototype EAS helps (1) determine
the operational practicality of such a system, (2)
establish the potential benefit a wide variety of users
can derive from an EAS, and (3) provide the testbed
for development and refinement of the GAS concept.
Cost estimates for installing a dedicated EAS,
consisting of 43 stations in southern California, are
$33 million with $1.6 million annual operation and
maintenance costs. A 50-station prototype EAS in the
San Francisco Bay area, consisting of existing real-
time microseismic stations modified for strong
motion, should cost less than $70,000. Annual
operation and maintenance costs, when tied to the
routine microseismic station maintenance schedule,
should be under $5,000. Furthermore, the stations
upgraded to measure strong motion would be useful
in fundamental strong motion seismology
investigations.

A prototype EAS initial warning signal can be
tested at a few facilities that can tolerate some false
alarms associated with system development and the
simplicity of the alert algorithm. An example of such
a facility is a fire station that uses the initial alert
signal to open fire station doors. The full alert
warning packet can be used at a few key test facilities
to help in developing the user preprogrammed
response algorithms.

Estimates from an EAS of parameters such as
earthquake zero time and location will, in general, be
increasingly accurate as the earthquake evolves and
more stations are used in the location algorithm.
Immediate and reasonably accurate location
estimates would be very useful to emergency service
organizations in deployment operations. Such real-
time estimates of earthquake location and the
potential benefit to emergency services after a major

earthquake must be considered in the cost-benefit
analysis in EAS implementation decisions.

Current magnitude estimation techniques from
an HAS must be considered as crude and will
probably vary considerably as the earthquake
evolves and may not become increasingly accurate.
Magnitude estimation methods need the data from a
prototype EAS to help develop more accurate
algorithms.
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ABSTRACT

The purpose of these seismic instrumentation guidelines is to provide
technical material which will provide the basis for future DOE orders.
Requirements will be established for minimum seismic instrumentation
for detecting future earthquake strong ground motion. The purpose of
these minimum requirements is to assist DOE facility personnel in
making decisions after the occurrence of an earthquake. Also, there will
be guidelines for additional instrumentation beyond the minimum
required level to permit advances in earthquake mitigation measures at
DOE facilities. The guidelines will discuss available instrumentation,
instrument placement, evaluation of instrument data, instrument
maintenance, and quality assurance.

INTRODUCTION

The purpose of Department of Energy (DOE)
seismic instrumentation guidelines is to provide
technical material for future DOE orders which
will specify minimum instrumentation
requirements for the purpose of assisting DOE
facility personnel in making decisions after the
occurrence of an earthquake. In the event of an
earthquake, there must be sufficient
instrumentation to provide information on
seismic ground motion and resultant motion of
structures and equipment so that an evaluation
can be made as to: (1) whether or not the design

ground response spectra have been exceeded; (2)
whether or not the calculated response motion
used in the design of structures and equipment
have been exceeded at the instrumented
locations; and (3) the accuracy of the
mathematical models used in the seismic analysis
of structures and equipment.

In addition, instrumentation could be
provided to furnish specific information which
would increase knowledge and understanding of
seismic hazards and seismic design. Such
instrumentation which does go beyond the
minimum requirements is valuable for the
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purpose of permitting advances in earthquake
mitigation measures at DOE facilities.

Areas covered by these guidelines include: (1)
discussion of pertinent earthquake strong motion
phenomena; (2) state of the art on available
instrumentation; (3) placement of
instrumentation; (4) retrieval, review,
processing, and evaluation of strong motion
records; and (5) instrumentation maintenance
and quality assurance. In addition,
instrumentation that exists in the DOE complex
and sources of instrumentation at locations
adjacent to DOE sites are described. Finally,
existing instrumentation criteria from the NRC
and others are discussed and recommendations
for seismic instrumentation at DOE sites are
presented. Included in the instrumentation
recommendations are guidelines for establishing
new instrumentation programs and for enhancing
existing programs along with discussion of the
benefits and pitfalls of various types of
instrumentation.

DEVELOPMENT OF STRONG MOTION
INSTRUMENTATION IN THE UNITED
STATES

Prior to the 20th century, there was
essentially no consideration of earthquake forces
in the design of structures [1], [2]. Near the turn
of the century, some large and important
earthquakes (1891 Mino-Awari, Japan, 1906 San
Francisco, and 1903 Messina, Italy) occurred
that alarmed engineers and seismologists. While
the 1891 and 1906 earthquakes were very
notable, it was the 1908 earthquake that
produced 83,000 deaths that led to the beginning
of earthquake design of structures. This was the
largest death toll ever from a European
earthquake. Following this earthquake, an
earthquake design approach using an equivalent
static horizontal design force of about 10 percent
of the building weight was developed in Italy.
This design approach was applied in Europe,

Japan, and the United States. Interest in
earthquakes was further stimulated in the 1920s
with the occurrence of the 1923 Tokyo
earthquake, the 192S Santa Barbara, California
earthquake, and the 1925 St. Lawrence River
Valley earthquake. The latter earthquake was
strongly felt in Boston, Massachusetts and
resulted in John R. Freeman, a consulting
engineer, developing a strong interest in
earthquake engineering.

In the 1920s, Freeman and R. R. Martel,
professor of structural engineering at Cal Tech,
realized that accurate recordings of strong
ground shaking were needed to understand the
forces exerted on buildings during an earthquake
and, also, the measurements of the accelerations
of building responses were needed to develop
rational methods of seismic design. John R.
Freeman, who was an eminent consulting
engineer, a very successful insurance company
president, and a well-known research worker in
hydraulics, worked from 1929 to 1931 to obtain
government approval of a program to develop,
build, and install strong motion accelerographs.

It was recognized by Kiyogi Suyehiro,
professor of engineering at Tokyo University,
and by Freeman and Martel that the design of the
sensitive Wood-Anderson seismograph pointed
the way to the design of a practical strong-
motion accelerograph. The Wood-Anderson
seismograph was developed in the early 1920s
and it had a small torsion pendulum sensor,
magnetic damping, and optical recording on a
rotating drum. Amplitude from a Wood-
Anderson instrument at a distance of 100 km is
the basis of the earthquake magnitude scale
developed by Charles Richter. Freeman
convinced the then Secretary of Commerce R. P.
Lamont and President Herbert Hoover, both
engineers, about the need for accelerographs.
Freeman recommended several instrument
characteristics, including a rotating drum for
optical recording with a paper speed of about 1
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cm/sec and a torsion pendulum with a natural
frequency of 10 hz. Secretary Lamont approved
the accelerograph project in early 1930 and the
first three instruments were installed in Long
Beach, Vernon, and Los Angeles in Southern
California in July 1932.

The first recording of strong motion
acceleration anywhere in the world was obtained
during the 1933 Long Beach earthquake. On
March 10, 1933, the Magnitude 6.2 Long Beach
earthquake was recorded by all three instruments
in Southern California. These and subsequent
recordings have led to earthquake-resistant
design philosophy and procedures in use today.

PHILOSOPHY FOR SEISMIC
INSTRUMENTATION

The basic goal of strong-motion
instrumentation at DOE sites is the recording of
adequate data from any earthquake causing
significant ground shaking at the site. Aspects of
recording adequate data from an earthquake
include: (1) recording of the free field ground
motion and (2) recording of structural response.
Adequate data can mean either sufficient data to
make a short term assessment of potential facility
damage such that appropriate action may be
taken or such that critical systems are
automatically shut down, or to make long term
assessments of structural models, influence of
site geology, etc.

The primary objective of using instruments in
the free field is to compare experienced ground
motion with earthquake design levels which is
given in terms of free field motion (UCRL-
15910 [3]). This data will provide an immediate
assessment of the severity of the earthquake
motion as it affects an entire DOE site or
laboratory. Evidence that the earthquake ground
response spectra did not exceed the design
response spectra would give reasonable assurance

that facility structures and equipment were not
damaged.

Other objectives of free field instruments are
to enhance knowledge in engineering seismology
and in earthquake engineering. Strong-motion
data can produce better understanding of source
mechanisms and propagation of seismic waves
from the source to the point of interest, including
local site effects. Understanding the nature of
strong ground motions including intensity,
frequency content, phase relations, duration, and
spatial variations is essential to achieving good
earthquake resistant design of critical structures
in a safe and economical manner.

The immediate objective in recording
structural response is to provide accurate,
quantitative data on the severity of shaking for
evaluation of structural damage for possible
repairs following an earthquake. Comparison of
seismic response of structures and equipment aa
measured by seismic instruments with
corresponding design seismic loads indicates the
potential for damage. Significant structural
damage is not always detected by visual
examination. On the other hand, there may be
extensive superficial damage which may be
misleading since major structural damage may
not have occurred. Measurement of structural
response provides a valuable indication of
whether or not structural damage has occurred.

Other objectives for instrumentation in
structures is the detailed measurement of the
response of special or critical structures. This
data allows later detailed dynamic analyses of the
structures to evaluate possible damage and to
enhance the accuracy of the mathematical model
of the structure used for design or safety
assessments. Actual records can be compared
with analytical results and revisions made
accordingly.
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STRONG GROUND MOTION
PHENOMENA

Earthquakes are initiated by rupture and
slippage along geologic faults [4], [5]. As a
result, body waves are emitted outward from the
souice of the earthquake (focus at depth,
epicenter when projected to the ground surface).
When these waves reach the ground surface they
originate surface waves, which travel parallel to
the surface. Body waves are of two kinds: P
(primary, longitudinal, or compressional) and S
(secondary, transverse, or shear). Particle
motion for P waves is back and forth along the
direction of wave travel (Fig. 1). Particle
motion for S waves is back and forth
perpendicular to the direction of wave travel
(Fig. 1). Body waves generally arrive at a
surface location along a nearly vertical wave
path. This is because they originate from the
earthquake source at depth and travel
horizontally through deep, highly competent
material and then vertically upward.

There are many kinds of surface waves. Of
greatest interest in earthquake engineering are L
(Love) and R (Rayleigh) waves. Particle motion
in L waves is in a horizontal plane perpendicular
to the direction of wave travel (Fig. 2). In R
waves of given frequency, particle motion is
elliptical in vertical planes (Fig. 2).

At an instrument location, P waves are first
to arrive, followed by S waves, and finally
surface waves. As a result, an accelerograph
record may be viewed as having three segments.
The first contains P waves only; the second
contains P and S; and the third has some P and
mostly S, L, and R waves.

Strong motion instruments are not run
continuously but are triggered when motion
above a prescribed threshold is reached. The P
wave motion is first detected by a strong motion
instrument and is the motion that triggers the

instrument. For ground motion in the free field
away from buildings, the P wave motion is
generally predominantly vertical due to the
longitudinal characteristics of P wave particle
motion and the nearly vertical travel path. As a
result, triggers which sense vertical motion only
have frequently been used. For strong motion
instruments located with structures measuring
building response, initial motion will not
generally be vertical and horizontal or triaxial
triggers must be used.

Figure 1 Body Wave Particle Motion [5]

Figure 2 Surface Wave Particle Motion [5]
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P waves have relatively high frequency
content, S waves have intermediate frequency
content, and surface waves have relatively low
frequency content. As a result, predominant
frequencies tend to decrease systematically with
time along an accelerogram. Earthquake ground
motion is random in nature as the waves
propagating from the earthquake source are very
irregular due to complexities in the source
mechanism. As waves traverse geologic
formations they become more irregular because
of multiple reflections and refractions at
interfaces. Consequently, earthquake ground
motion is very complex with significant
contributions at many frequencies with
components of motion occurring in all directions.
All of there characteristics of earthquake ground
motion must be kept in mind when considering
strong motion instrumentation.

STRONG-MOTION INSTRUMENTATION

When an earthquake occurs, it is important to
determine as soon as possible whether or not
seismic design conditions were exceeded. An
ideal instrumentation system would immediately
provide in a usable and convenient form (e.g.,
permanent visual record, remote indication) the
information for making this determination.
Using commercially available instruments, the
following functions of the ideal instrumentation
system can be provided [6].

(1) Recording of the time-history of
earthquake motion;

(2) Recording of a point or points on a
response spectrum;

(3) Remote immediate indication that a
specified acceleration or specified
spectral acceleration(s) has been
exceeded; and

(4) Recording of peak acceleration by a non-
powered passive instrument.

The basic strong-motion instrument is the
time history accelerograph. which measures and
records absolute acceleration as a function of
time during an earthquake. This may be a self
contained instrument or it may consist of
acceleration sensors, which detect absolute
acceleration and transmit the data to a remote
central recorder. From the resulting time-history
records, the peak accelerations can be
determined, and the response spectra can be
derived by computation.

The response spectrum recorder measures
and records spectral accelerations at specified
frequencies during an earthquake. This may be a
passive instrument, or an active instrument and
may transmit data to a remote terminal.

A seismic switch can provide an immediate
signal to remotely indicate if a specified
acceleration has been exceeded. It consists of an
acceleration sensor and a switch closure. Such
an instrument can provide the basis for
immediate administrative procedures or decisions
following an earthquake.

A response spectrum switch can provide an
immediate signal to remotely indicate if a
specified spectral acceleration has been
exceeded. Such an instrument can also provide
the basis for immediate administrative
procedures or decisions following an earthquake.

A peak accelerograph is a passive instrument
requiring no power that can detect and record
peak acceleration. Such a passive instrument can
provide needed information after an earthquake,
in the event a powered instrument fails to
operate.

Time History Accelerograph
In general, a time history accelerograph

consists of three functional components: a
trigger, which turns the device on when some
preset level of shaking is exceeded; an
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acceleration sensor, or accelerometer, which
senses the ground motion; and a recorder [7].
The instrument is in a continuous standby state
until the ground motion is sufficient to excite the
trigger. The recorder is then activated and
records the subsequent ground motion for some
preset time or until the end of the strong shaking.
Instruments are powered by a battery (often
trickle charged) so that recording may proceed
despite the loss of AC power, which may occur
during an earthquake, instruments in remote
locations may need solar power to provide
instrument power or battery trickle charge.

Measuring earthquake movement is
complicated by the fact that the measuring
instrument is attached to the ground that is
moving. It is necessary to design an instrument
that will measure absolute ground acceleration
over the required frequency range in the absence
of any fixed reference point. This can be
accomplished by a spring mass system in which a
mass is attached to the ground by means of a
linear spring and a viscous damping element. By
the dynamic equations of equilibrium, it may be
shown that either the relative displacement
between the mass and the ground (mechanical
acceleration sensor) or the force required to keep
the mass stationary (force balance accelerometer)
are proportional to the ground acceleration. This
constitutes the instrument which can measure
ground acceleration without any fixed reference
point.

As discussed in the preceding section,
earthquake ground motion has a wide range of
significant frequency content. For structures and
equipment found in DOE and other typical
industrial facilities, it is of interest to accurately
record seismic motions over the frequency range
of about 0.25 through 33 hz. It is shown in Ref.
[8] that an accelerograph will give an adequate
record of the largest frequency component, and
all smaller frequencies will be even more
accurately measured if: (1) the natural frequency

of the instrument is larger than the largest
frequency to be measured and (2) the damping is
within the range of 0.6 to 0.7 of critical
damping.

A very important part of the time-history
accelerograph is the seismic trigger which starts
the recording of strong motion. Accelcrographs
are typically started when the acceleration
exceeds 0.01 or 0.02g. To achieve a rapid
indication of acceleration at this preselected level
being reached, systems with relatively low
natural frequencies are used (i.e., 1 to 10 hz). A
low frequency system must be used to prevent
high frequency input such as that from passing
trucks or fork lifts from accidentally starting the
accelerograph. Typical options for seismic
triggers include either a spring mass system or an
electromagnetic system. One spring mass trigger
has a metal contact attached to the mass which
activates the tnucnnf circuit when the contact
closes a preset gap *ruch corresponds to the
actuating acceleration. The electromagnetic
trigger is based on the voltage output of a coil
moving in a magnetic field where a threshold
voltage level corresponds to the actuating
acceleration

Time histor> fecrkrographs may be what is
commonly called either analog or digital in
design. Analog Kcelerographs were the type
developed in the N.KH which recorded the 1933
Long Beach earthquake. Generally, analog
accelerographs are optical devices, recording on
photographic film. A mirror attached to a
torsional pendulum mass deflects a light beam by
an amount proportional to the instantaneous
acceleration (mechanical sensor as discussed
above) as shown in Figure 3. Digital
instruments were developed in the 1970s. The
sensor is usually a force-balance (electrical
feedback) accelerometer in which output voltage
is proportional to acceleration. The signal is sent
through an analog to digital converter and
recorded on magnetic tape or, more recently with
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solid state accelerographs, directly into solid
state RAM memory.

Analog instruments are in wide use around
the world, are relatively inexpensive, and are
highly reliable with minimum maintenance. A
major advantage of digital instruments is the
ability to incorporate pre-event memory. This
allows the entire ground motion time history to
be recorded, including the initial part of the
motion before the instrument triggered. An
advantage of the solid state accelerographs will
be the ease of obtaining the record either through
a laptop computer or remotely through a modem
and the ability to rapidly process the data such as
the computation of response spectra or plotting
of time history records.

SIHEMATIC DIAGRAM OF
MECHANICAL-OPTICAL

PHOTOGRAPHIC RECORDING
STRONG MOTION ACCELEROGRAM

(PARTS NOT TO SCALE1

Figure 3 Analog Accelerograph [9]

Other Earthquake Instrumentation
The time history accelerograph is the basic

instrument for recording earthquake ground
motion and seismic structural response.
However, there are a number of other seismic
instruments which are used at critical or
hazardous locations where there is a need for an

instantaneous record of the earthquake motion
such that a potentially dangerous system can be
immediately shutdown by operators or
automatically shutdown. Such instruments
include: response spectrum recorders, seismic
switches, response spectrum switches, and peak
accelerographs.

A commor example of these circumstances is
for elevators where initial damage by
earthquakes is not often extensive, but the
displacement of counterweights from guides and
cables from pulleys can be hazardous and
expensive if the elevators are permitted to
continue operation. As a result, in high seismic
areas, elevators use a seismic switch which
causes all operating elevators to continue to the
next floor, allowing the occupants to leave, and
automatically shuts down until an elevator
mechanic has had the opportunity to examine the
mechanical system and make any necessary
repairs. Other applications for such instruments
are at computer installations and facilities
operating with hazardous materials such as
nuclear power plants or high hazard DOE
facilities.

A response spectrum recorder is an
instrument having the capability of sensing
motion and permanently recording the spectral
acceleration at specified frequencies. An
instrument used for this purpose for the nuclear
power industry is a mechanical device in which
the response spectrum is measured directly rather
than computed from a digitized acceleration time
history. This response spectrum recorder
includes 16 accelerometers whose resonant
frequencies cover the range from 1 to 32 hz in
1/3 octave increments and whose damping is 2%
of critical. The accelerometers are single degree
of freedom systems with diamond-tipped styli to
inscribe permanent records of displacements on
special record plates. The measured
displacement can be converted to spectral
acceleration by a multiplication factor. This
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recorder is very simple, completely passive, self
contained, without bearings, motors, batteries, or
electrical connectors. It is ready for operation
without the use of a starting switch.

The response spectrum recorder has an option
which includes adjustable contacts on each
accelerometer, which close when the peak
spectral response exceeds preset values. Closure
of a contact sets an associated electronic switch
which energizes the appropriate circuit in an
annunciator and holds it energized until manually
reset. This enables remote indication that
preselected response spectra levels have been
reached. In addition, auxiliary electro-
mechanical relays may be included to provide
control signal for use when spectral acceleration
limits have been exceeded. In this manner, the
instrument functions as a response spectrum
switch.

Note that with the advent of solid state
accelerographs, it is possible to immediately
process acceleration time history data to compute
response spectra. This would provide an
alternate means of performing the functions of
the response spectrum recorder or the response
spectrum switch.

A seismic switch is an instrument capable of
providing a signal for remote immediate
indication that a specified preset acceleration has
been exceeded or for remote immediate action
such as stopping the operation of elevators as
discussed above. A seismic switch is very
similar to a seismic trigger, as discussed
previously, except the preset acceleration is
normally higher than that for a trigger. At
higher threshold accelerations, switches are not
as sensitive to accidental tripping such that it is
possible for switches to have higher naiural
frequencies than triggers.

A peak accelerograph is an instrument
requiring no power source, having the capability

of permanently recording peak acceleration.
These are self contained passive devices which
consist of a high frequency spring mass system
which scratches maximum displacement on a
metal plate or erases pre-recorded lines on
magnetic tape clips in order to provide a measure
proportional to the peak acceleration.

INSTRUMENT PLACEMENT AND
INSTALLATION

As discussed previously, there are good
reasons for placing strong motion
instrumentation in the free field and within
structures [6], [7], In either case,
instrumentation mounting must be designed and
installed so that the instrument is essentially
rigidly attached to the ground. For free field
instrumentation only time history accderographs
would be used. In the free field, accelerographs
are typically bolted to a small reinforced
concrete pad on the ground surface and protected
by a low fiberglass housing. At DOE
laboratories or sites in the vicinity of important
facilities, free field instruments should be placed
in a pattern with about one mile separation
between instruments. This conriguiation should
produce a good representation of the free-field
ground motion on-site, as well as its variation
across the site due to geology or other effects.
Free field instruments should be at least a couple
building dimensions away from buildings. An
internal clock is useful to read wave arrival times
which will allow determination of event locations
and studies of the rupture propagation and
resultant focusing.

Recording the response of a structure to
earthquake shaking is best achieved by centrally
recording, on a common time base, the motion
sensed by remotely located accelerometers. The
locations of the accelerometers are chosen to
record as well as possible the translational and
torsional motion of the structures including
variations of motion with structure height.
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Triaxial instruments should be oriented such that
the horizontal axes align with major axes of the
facility or with major axes assumed for facility
seismic analyses. For the wide variety of DOE
facilities, it is difficult to give general guidance
on instrument placement other than to provide
instruments at the foundation, at locations where
measurements can best be correlated with seismic
analyses, and at locations of highly critical or
hazardous equipment. It is important to have the
objectives of measurements in mind when
developing an instrumentation plan for structures
and equipment.

Instrumentation within structures will
generally be time history accelerographs.
However, for certain critical or hazardous
operations, it may be desirable to install some
seismic switches, response spectrum recorders or
switches, or peak accelerographs for
annunciation to operators or transmitting a
control signal for automatic action in the event of
earthquake motions in excess of a pre-selected
level.

Instruments must be accessible for
maintenance and instrument records must be
recoverable following an earthquake. In a
facility containing hazardous materials, access to
instruments, even while the facility is operating,
is an important consideration. Instruments must
be placed in locations where they will not be
damaged during normal facility operations or
they must be protected by barriers or housings.
Instruments must be checked periodically to
assure that they are operable. A common
problem has been instrument wire damage due to
rodents or other small animals.

RECOMMENDATIONS FOR DOE

Seismic instrumentation guidelines for DOE
facilities are being prepared [10]. These
guidelines will form the basis for a new DOE
order which will specify minimum requirements

for seismic strong motion instrumentation. Time
history accelerographs will be required for the
free field. In addition, seismic instrumentation
will be required for hazardous structures and
equipment as categorized in accordance with
Ref. [3].
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ABSTRACT

At many of the older existing U.S. Department of Energy (DOE) facilities,
the need has arisen for evaluation guidelines for natural phenomena hazard
assessment. The effect of a design basis earthquake at most of these
facilities is one of the main concerns.

Earthquake experience data can provide a basis for the needed seismic
evaluation guidelines, resulting in an efficient screening evaluation
methodology for several of the items that are in the scope of the DOE facility
reviews. The experience-based screening evaluation methodology, when
properly established and implemented by trained engineers, has proven to
result in sufficient safety margins and focuses on real concerns via facility
walkdowns, usually at costs much less than the alternative options of
analysis and testing.

This paper summarizes a program that is being put into place to establish
uniform seismic evaluation guidelines and criteria for evaluation of existing
DOE facilities. The intent of the program is to maximize use of past
experience, in conjunction with a walkdown screening evaluation process.

INTRODUCTION

DOE facilities need to have adequate measures
for ensuring life-safety and confinement of
hazardous materials when subject to natural
phenomena hazards. To place the needs for an
evaluation program into perspective, DOE
currently controls facilities with financial assets
on the order of $100 billion. The yearly financial
losses due to natural phenomena hazards and
accidents are on the order of $10 million. As an
example, the January 1980 Iivermore, California,
Earthquake and its aftershocks resulted in about a
$4 million loss between Lawrence Livermore
National Laboratory and Sandia National
Laboratory Livermore.

Due to the evolutionary nature of design
requirements, together with engineering
technology advances, existing DOE facilities
embody a broad spectrum of design features for
resistance to natural phenomena hazards. These
design features depend on factors such as the time
period for the facility design and construction, as
well as hardware supplier practices at that time.
The level of design documentation for DOE
facilities has also changed. As updated criteria
have been established, facility engineers typically
evaluate newer installations using the more recent
criteria, with more rigorous documentation.
Thus, the earliest designed and constructed
facilities may have the least design documentation
yet potentially exhibit the greatest difference
between their design basis/as-constructed
condition versus current design criteria.
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THE ROLE OF UCRL-15910

Natural phenomena hazard definitions and
safety goals for DOE facilities are addressed in
"Design and Evaluation Guidelines for
Department of Energy Facilities Subjected to
Natural Phenomena Hazards," UCRL-15910, [1].
UCRL-1591Q provides uniform design and
evaluation guidelines for protection against
natural phenomena hazards at DOE sites.
General performance goals for a facility are
established, depending on facility characteristics
such as off-site and on-site potential hazards as
well as cost and mission dependence. The
performance categories range from general use
(i.e., normal building code provisions) to highly
hazardous use (approaching nuclear power plant
design provisions). The performance goals and
natural hazard levels are expressed in
probabilistic terms, and the design and evaluation
procedures are presented in deterministic terms,
thus conforming closely to common engineering
practice for ease of application. Estimation of the
consequences at the systems level are not within
the UCRL-15910 scope.

Although the UCRL-15910 guidelines apply to
both new facilities (i.e., design) and existing
facilities (i.e., evaluation, modification, and
upgrade), the intended audience is primarily the
engineers who will be conducting the facility
design or re-design, and not those who will be
performing the as-constructed evaluations of
existing facilities.

The existing facility seismic hazard evaluations
need to extend beyond the role of UCRL-15910.
Seismic evaluation guidelines are needed that
include the following additional elements:

• Screening evaluation criteria and
procedures for evaluation of existing
facilities to be implemented by
waikdown, including training programs
to facilitate implementation

• Methodology for systems screening as
well as performance evaluation of
equipment components and distribution
systems

• Methodology based on earthquake
experience data to supplement

procedures based primarily on analysis
and testing

Over the years, the safety of older operating
nuclear power plants has been reviewed against a
substantial number of major safety issues that
have evolved since the respective operating
licenses for those plants were issued. TheU.S.
Nuclear Regulatory Commission (NRC)
established several programs for the resolution of
these safety issues in order to determine the
adequacy of older facilities. Unresolved Safety
Issue (USD A-46 was established for "Seismic
Qualification of Equipment in Operating Nuclear
Power Plants," NUREG1030, [2]. The cost- and
safety-effective screening evaluation methodology
that was developed by the Seismic Qualification
Utility Group (SQUG) can supplement UCRL-
15910 and provide a model for the DOE facility
evaluation programs.

SEISMIC QUALIFICATION UTILITY GROUP

SQUG was formed in 1982 to pursue the use of
earthquake experience data as « primary basis for
evaluating the seismic adequacy of equipment.
The first task undertaken by SQUG was a pilot
study to assess eight general classes of power
plant electrical equipment (e.g., motor control
centers, switchgear) and mechanical equipment
(e.g., motor-operated valves, horizontal pumps).
The study investigated the past earthquake
performance of these equipment types, primarily
from studies of documented performance of and
visits to power and industrial facilities subjected
to strong ground motion (in general, above 030g
peak ground acceleration only) from the 1971
San Fernando Earthquake. The equipment found
in these power and industrial facilities were then
compared to the equipment from several older
operating nuclear power plants.

The SQUG pilot study had two major findings.
First, it was found that the conventional power
plant and industrial facility equipment in the
developed "seismic experience data base" are
similar to those found in older operating nuclear
power plants. The second major finding by
SQUG was that the equipment in the seismic
experience data base, when sufficiently anchored,
generally performed well in earthquakes at levels
of shaking in excess of the defined "safe shutdown
earthquake" (SSE) for most nuclear power plants.
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These two significant findings led SQUG to the
conclusion that an experience data base
methodology for verifying seismic adequacy
represented the best available method for US!
A-46 resolution.

In 1983, the Senior Seismic Review and
Advisory Panel (SSRAP) was formed as an
independent peer review body by the mutual
agreement of SQUG and the NRC SSRAP
worked closely with SQUG and the Electric Power
Research Institute (EPRI) in reviewing the seismic
experience data and other equipment
performance (shake-table test) data and
anchorage capacity information. With these
reviews, SQUG, EPRI, SSRAP, and the NRC
worked steadily to establish the experience-based
acceptance criteria and implementation procedure
used to ensure functionality and structural
adequacy of equipment for the A-46 nuclear plant
SSE events, with realistic capacity and demand
estimates, and with consistent factors of safety.

EXPERIENCE-BASED SCREENING
EVALUATION

Screening evaluation is a generally
conservative and rapid appraisal process that is

used during a facility walkdown to verify
acceptability or to identify "outliers" by review of
key physical attributes. Figure 1 illustrates one
model of a screening evaluation process. Items
passing the screen are verified as acceptable and
may be documented as such, or can be selected
for further validation of screening evaluation
results, using a bounding sample analysis process.
Items not passing the screen are not verified and
are formally designated as outliers, which must be
subject to more detailed review or upgrade before
being accepted.

The SQUG Generic Implementation Procedure
(GIP), (3], screening evaluation process is
performed primarily during in-plant walkdowns,
and for a limited set of equipment required to
bring a plant to hot shutdown and maintain it
there for 72 hours. Thus, prior to a screening
evaluation, a systems review must be conducted
to assess the minima] (and prioritized) scope that
need be subject to screening evaluation. The
SQUG screening evaluation process is illustrated
in Figure 2.

AS-INSTALLED EQUIPMENT ITEM
AT THE FACILITY

-•SEISMIC* DESIGNS
-•NON-SEISMIC-
-MODIFICATIONS

EVALUATION BASIS
EARTHQUAKE EXPERIENCE
TESTING ft ANALYSIS

SCREEN
IN-PLANT REVIEW GUIDELINES
ANALYTICAL REVIEW GUIDELINES

JUSTIFY OR
UPGRADE

DOCUMENTATION
OF ACCEPTANCE

OPTIONAL VALIDATION
BY BOUNDING ANALYSIS

Figure I: Evaluation screening criteria
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Figure 2: SQVG screening evaluation used in the
GIP

The basic seismic evaluation guidelines
developed by SQUG consist of four primary
criteria to verify adequacy (i.e., ensure
functionality and maintain structural integrity).
These four primary criteria include: (1) verifying
that the seismic demand response spectrum is
properly enveloped by the seismic experience
data base bounding spectrum; (2) reviewing the
equipment component by the established
inclusion rules and caveats; (3) evaluating the
adequacy of the equipment component
anchorage; and (4) checking that there are no
significant seismic systems interaction concerns
that may adversely affect the equipment
component functionality.

For the first criterion, a seismic capacity
"bounding spectrum" has been established based
on the recorded (or estimated) ground motion
response spectra at the seismic experience data
base facility sites. The seismic experience data
bounding spectrum is shown in Figure 3. For
equipment components in nuclear plants located
less than about 40 feet above grade elevation,
seismic demand (for comparison with the average
data base spectrum of Figure 3) may be estimated
by using a generic building amplification factor of
1.5 times the plant SSE spectrum. Above the 40-

LLOLLEO PUMPING PLANT, 1MB CHLEEQ.
NEAR FIELD SITES, 1M3COAUNGAEQ.
SYLMAR CONVERTER STATION, 1971 SAN FERNANDO EO.

EL CENTRO STEAM PLANT, 1»79 IMPERIAL VALLEY EO.
• • AVERAGE OF OATA BASE SPECTRA

• " RECOMMENDED GENERIC BOUNDING SPECTRUM

5.0 10.0 15.0 20.0 25.0 30.0 35.0 40.0

Figure 3: The seismic experience data base bounding spectrum is based on the
rough average of ground motion experienced at data base facilities.
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foot elevation, realistic median-centered floor-
response spectra may be used for comparison
with the average data base spectrum. The SQUG-
developed criterion includes several detailed
application rules for this comparison of seismic
capacity versus demand.

The second criterion consists of detailed
inclusion rules and caveats that have been
established for each generic class of equipment
The inclusion rules are used to ensure that a
specific equipment component represents a
generic equipment class of the seismic experience
database. The inclusion rules address critical
parameters such as component size, weight,
operational limits, construction materials, rigidity,
etc., as applicable to the seismic ruggedness of
each equipment class. The caveats are provided
so that any known seismic hazards (many as
demonstrated by the earthquake) data may be
identified. For electrical equipment (panels),
example caveats are: adjacent cabinets should be
bolted together, there should be no large cutouts
in the cabinet panels, and doors must be
positively latched shut. For mechanical
equipment, example caveats are: component and
motor driver should be mounted to a common
rigid skid; attached piping should be restrained to
prevent excessive loads from being transmitted
into nozzles and anchorage; and vibration
isolators should be avoided if possible, but, if
used, should be outfitted with a system of
bumpers to restrain seismic loads in all directions
of motion.

The third criterion consists of a detailed review
of the adequacy of the equipment component
anchorage. This includes a fairly rigorous check
of the adequacy of the anchor's installation
attributes (e.g., proper embedment and edge
distance, possible cracks in the concrete), a
calculational review of the capacity and demand
on the equipment anchorage, and a judgmental
review of the strength and stiffness of the
anchorage load path through the equipment
component. As an example of the guidelines, for
certain types of properly installed concrete
expansion anchors, capacity is based on mean test
ultimate capacities divided by 3. Seismic demand
is based on 125 times median-centered floor
response spectra, at 5% damping for most
equipment components.

The fourth and final criterion is the review for
potential seismic systems interaction effects. The
general categories of interaction effects addressed
by SQUG include proximity, falling, and potential
differentia] displacement of support points. The
developed guidelines are mainly qualitative in
nature and focus on only the realistic potential
hazards as demonstrated in past earthquakes.
Most proximity-related seismic interactions
(impacts) have been shown by the seismic
experience data to be insignificant. However, any
impacts to cabinets with sensitive relays should be
avoided. As another example, air-operated valves
on flexible piping systems may be damaged if the
valve stem is made of cast iron and the valve
impacts an adjacent hard structure. Examples of
falling-hazard interactions include unanchored
equipment, unreinforced masonry and concrete-
block walls, and inadequately designed
suspended ceiling systems. Other plant systems
such as piping, cable trays, and ducting have
rarely collapsed and fallen in past earthquakes,
and receive only limited attention in the reviews.
Differential displacement hazards exist when
components or systems are routed between
independent structures that may impose excessive
seismic anchor movements. Differential
displacement hazards also exist for conduit or
tubing attached to nonrigid equipment if then; is
insufficient flexibility to accommodate any
anticipated seismic motion.

The SQUG GIP now addresses twenty generic
classes of mechanical and electrical equipment
plus vertical flat-bottom storage tanks, horizontal
tanks, heat exchangers, and conduit and cable tray
raceway systems and supports. The primary
steps in the SQUG GIP are shown in Figure 4 and
include selecting evaluation personnel,
identifying required equipment, detailed
evaluation, and the documentation process.
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Establish Review Team
and Train lor the

Implementation Procedures |

System Analysis to
Determine the Scop* and

Performance Goals

Screening
Verification

andWalkdown

Relay
Systems Screen
and Assessment

Documentation of Acceptance
or

Outlier Identification
and Resolution

Figure 4: Elements of the SQUG GIP

For the seismic screening evaluation, much of
the effort relies on engineering judgment being
exercised during in-plant evaluations. For this
reason, SQUG has established guidelines for the
qualifications of engineers using the GDP,
including a minimum of five years of related
seismic qualification experience and a
professional engineering license. In addition,
SQUG is providing an in-depth, week-long
training program for seismic review team
members who will be applying the GIP.

The SQUG program is considered by most,
including the NRC as well as all of its utility
members, to be a major engineering breakthrough
and an overall success. Although the USIA-46
program scope and driving issues are somewhat
different than those at the DOE facilities, the
evaluation program for the DOE sites can, in
general, be modeled directly after the SQUG
efforts. Important methods used by SQUG to be

adopted by this DOE guidelines development
effort include:

• Use of screening criteria implemented
during walkdowns, coupled with
review team engineering training

• Screening criteria primarily based on
earthquake experience data,
supplemented with test and analysis

• Programmatic direction given by facility
management and engineering

• Working-level input to the program and
participation by the regulators

• Technical review and advice provided
by an independent panel of industry
experts

• Prioritization of systems/components
requiring review by way of systems
analysis

The SQUG guidelines can be prioritized and
mapped into the perfbrnw* objectives for the
various components of the DOE facilities to
parallel the basic criteria established by UCRL-
15910. Site visits are being performed at several
DOE facilities to gain additional insight into the
specific needs for seismic evaluation guidelines.
The new information gained during the site visits
enables a more comprehensive and focused set of
detailed evaluation guidelines.

To date, four facility reviews at two separate
DOE sites have been performed (and the results of
other earlier plant evaluations have been
compiled). These site visits concentrated on
equipment systems and components during
walkdowns. The site visit experiences have shown
that interviews with plant operators, prior to and
during the facility reviews, are extremely
important. This interaction with the operators is
where the majority of the critical information
regarding system and component performance
objectives, and facility review scope can be
obtained. In addition, considerable data were
collected regarding the range of mission-
dependent components that can be anticipated
during the reviews, and the analysis complexity
that may be needed for their assessment.
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SCREENING GUIDELINE DEVELOPMENT 2.

As a starting point, the screening guidelines
will begin with the standard equipment classes
defined by the SQUG effort. Once the process
becomes well defined, general criteria and 3.
procedures can be written for more unique types
of mission-dependent items.

Other efforts have developed experience-based
screening evaluation guidelines for structures, 4.
systems, and components other than those
addressed in the SQUG program. The
methodology developed by the Applied
Technology Council (ATC) provides a good
starting point for seismic evaluation of building 5.
structures, [4]. In addition, piping system
screening evaluation techniques, [5 and 6], and
HVAC duct system simplified criteria, 17], which
are also primarily based on earthquake
experience, will be adopted for this DOE facility
review effort. Comprehensive earthquake
experience reviews have been successfully 6.
performed at DOE facilities, (8], and the lessons
learned will also be extremely valuable.

CONCLUSIONS

Earthquake experience data should continue to 7.
provide a valuable tool for verification of the
seismic adequacy of DOE facilities. The screening
evaluation guidelines developed by SQUG and
others can be incorporated into UCRL-15910
format performance goals and component
performance categories for expedient reviews to
improve facility safety.

Now in the infancy stages for the DOE, the use
of earthquake experience data can benefit from 8.
the lessons learned to date and the ongoing
evaluations in the industry.
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TORNADO MISSILE IMPACT STUDY

James R. McDonald, Ph.D., P.E.
Texas Tech University

Lubbock, Texas 79409-1023

ABSTRACT

UCRL-15910 specifies wind and tornado missiles for moderate- and high-
hazard DOE facilities. Wall-barrier specimens have been tested at the
Tornado Missile Impact Facility at Texas Tech University. The facility
has an air- activated tornado missile cannon capable of firing 2x4 timber
planks weighing 12 lb at speeds up to 150 mph and 3-in-diameter steel pipes
weighing 75 lb at speeds to 7 5 mph.

Wall barriers tested to date include reinforced concrete walls from 4-in. to
10-in. thick; 8-in. and 12-in. walls of reinforced concrete masonry units
(CMU); two other masonry wall configurations consisting of an 8-in. CMU
with a 4-in. clay-brick veneer and a 10-in. composite wall with two wythes
of 4-in. clay brick.

The impact test series is designed to determine the impact speed that will
produce backface spall of each wall barrier. A set of 15 wall sections has
been constructed and tested at this time. Preliminary finding suggest that
all cells of CMU walls must be grouted to prevent missile penetration.
Walls recommended in the workshop on UCRL-15910 provide acceptable
protection if cracking can be accepted.

Tornado missile criteria in UCRL-15910 is based
on experience from windstorm damage
documentation. The objectives of the study
described in this paper are to determine the effects
of missile impact according to UCRL 15910 criteria
on various wall configurations and to determine
the types of walls needed to satisfy the missile
criteria. Missile impact tests were conducted in
the Tornado Missile Impact Facility at Texas
Tech University.

A literature review identified tests that had been
conducted previously, including earlier 2x4
timber plank tests at Texas Tech. A testing plan
was then developed to determine the threshold
effects of the 3-in. diameter steel pipe missile
specified in the UCRL 15910 criteria. Both
reinforced concrete and masonry wall barriers
were tested.

The Rotz Equation, an empirical relationship
developed from a series of impact tests conducted
by Bechtel Power Corporation, was used for

preliminary design of the concrete test specimens.
The barrier thickness determined by the Rotz
Equation were in relatively good agreement with
those predicted by the Modified NDRC equation,
which is a modified version based on ballistic
tests. Designs of the masonry wall barriers were
extrapolated from results of limited tests on
masonry barriers at Texas Tech.

The current series of tests consisted of nine
concrete test barriers and three masonry barriers.
The concrete specimens were 39 in. square with
various thickness and percentages of reinforcing
steel. The concrete was furnished by a
commercial company, while the masonry
specimens were constructed by masonry
tradesmen.

The Tornado Missile Impact Test Facility
consists of a compressed air actuated cannon, a
reaction frame and an electronic missile speed
measuring gate. The cannon consists of a
compressed air tank, a quick opening butterfly
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valve and a 20 ft barrel. The reaction frame,
which supports the test specimen, is very stiff. It
supports the test specimen on all four sides. The
timing gate measures the missile speed as the
trailing end of the missile leaves the barrel. This
gives the speed when the missile is approximately
two feet from impact Although some tests have
involved oblique impact angles, the worst case
appears to be on end. All tests reported herein are
on-end impacts.

Results of the timber plank impact tests are
published elsewhere. The results of the impact
tests for the 3-in. diameter steel pipe are
summarized in Table 1. The 2x4 timber plank
will perforate wood, metal panels, and corrugated
asbestos panels at speeds of SO mph or greater. An
8-in. concrete wall with minimum reinforcing on
back face is required to stop the 3-in. diameter pipe
at 50 mph. Some radial cracks less than 3/16 in.
were observed, but no back face spall takes place.
The threshold speed for spall on a 9-in. thick
reinforced concrete slab in 75 mph. A 10-in. thick
wall has no back face spall at an impact speed of 75
mph. The 3-in. diameter pipe perforated an 8-in.
masonry wall constructed of 9-in. CMUs with
vertical cells reinforced and grouted at 75 mph
impact speed. A similar wall constructed with 12-
in. CMUs had 1/8 in. hairline cracks on front and
back faces, but no perforation or spall. The 9 1/2-
in. brick cavity wall was tested at 50 mph impact
speed. A 1/4-in. crack appeared on the back face,
but there was no perforation or spall.

Preliminary recommendations for minimum
barrier requirements to satisfy UCRL 15910
missile impact criteria are as follows:

Moderate Hazard, Straight Wind: Requires
minimum of 8-in. CMU wall reinforced with 1 •
#3 rebar grouted in each vertical cell and trussed
horizontal joint reinforcement @ 16-in. o.c.

Moderate Hazard. Tornado: Timber plank
impact at 100 mph requires 8-in. CMU wall
reinforced with 1 - #3 rebar grouted in each
vertical cell and trussed horizontal joint
reinforcement @ 16-in. o.c.; 6-in. concrete wall
with #3 rebar @ 12-in. o.c., each way 1 1/2 in. from
inside face. 3-in. diameter steel pipe impact at 50
mph requires 12-in. CMU wall reinforced with 1 -
#4 rebar grouted in each vertical cell and trussed
horizontal joint reinforcement @ 16 in. o.c.; 8-in.

concrete wall reinforced with #4 rebar @ 12-in.
o.c. each way, and 1 1/2-in, from each face.

High Hazard, Straight Wind: Requires
minimum of 8-in. CMU wall reinforced with 1 -
#3 rebar grouted in each vertical cell and trussed
horizontal joint reinforcement @ 16-in. o.c.

High Hazard, Tornado: Timber plank at 150 mph
requires 8-in. CMU block wall reinforced with 1 -
#4 rebar grouted in each vertical cell and trussed
horizontal joint reinforcement @ 8-in. o.c.; 6-in.
concrete wall with #4 rebar @ 12-in. o.c, each
way, 1 1/2-in. from each face. 3-in. diameter steel
pipe at 75 mph requires 10-in. reinforced concrete
wall with #4 rebar 9 12-in. o.c. each way, 1 1/2-
in. from each side.

Consideration of th« 3000 lb automobile at an
impact speed of 25 mph requires structural
response calculation i that are beyond the scope of
this project.
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TABLE 1. TORNADO MISSILE IMPACTS TESTS

Missile: 3 in. diameter. Schedule 40 Steep Pipe weighing 75 lb

Test

CR-6.1

CR-6,2

CR-6.3

CR-8 1

CR-8.2

CR-8.3

CR-9.1

Impact

Speed mph

36

37

38

44

44

50

50

Target Description

6-in concrete wall reinforced with
#3 rebar @ 9 in. o.c. each way,
1 l/2in. from front face.

6-in. concrete wall reinforced
with #4 Rebar @ 12 in. o.c. each
way, 11/2 in. from back face.

6-in. concrete wall reinforced
with #3 rebar @ 6 in. o.c. each
way, 1 1/2 in. from back face.

8-in concrete wall reinforced
with #4 rebar @ 9 in. o.c. each
way in the middle of wall.

8-in. concrete wall reinforced
with #4 Tebar @ 12 in. o.c.
each way in the middle of wall.

8-in concrete wall reinforced
with #3 rebar @ 12 in. o.c. each
way, each face 1 1/2 in. from
each face.

9-in. concrete slab reinforced with
#4 rebar @ 12 in., o.c. each way,
each face 11/2 in. from each face.

Damage Description

Vertical crack on front face, radial
cracks on back face that propagate
thru thickness of slab. Max. width
of tensile crack 3/16 in. Missile
penetration 1/4 in., no back face
spall.

Radial hairline cracks on front &
back fact. Missile penetration
3/8 in., no back face spall.

Small radial cracks on front face
larger radial cracks on back face,
max. width of crack 1/8 in.
Missile penetration 3/8 in., no
back face spall.

One horizontal crack on front face.
Radial cracks on back face, max.
width of crack 1/16 in.
Missile penetration 3/8 in., no
back face spall.

Vertical crack on front face, radial
cracks on back face. Max. width
of crack 1/8 in. Missile penetration
5/8 in., no back face spall.

No cracks on front face. Radial
cracks on back face, max width of
crack 3/16 in. Missile penetration
11/16 in., no back face spall.

No cracks on front face. Hairline
radial cracks on back face. Missile
penetration 7/16 in., no back face
spall.
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TABLE 1. TORNADO MISSILE IMPACTS TESTS (Con't)

Missile: 3 in. diameter. Schedule 40 Steep Pipe weighing 75 1b

Test

CR-9.2

CR-10.1

CBM-
(9.5). 1

CBCMU-
12.1

Impact

Speed mph

78

74

50

50

Target Description

Same wall as CR-9.1

10-in. concrete wall reinforced
with #4 rebar @ 12 in. o.c. each
way, each face, 1 1/2 in. from each
face.

52 in. wide x 48 in. high clay
brick masonry cavity wall,
9 1/2 in. thick. Cavity reinforced
vertically with #3 rebar @ 8 in.
o.c. Horizontal joint reinforce-
ment placed @ 16 in. o.c.

48 in. wide x 48 in. high masonry
wall constructed of 8-in. CMUs
and 4-in. clay bricks. CMU cells
reinforced with #4 rebar and
grouted. Horizontal joint rein-
forcement placed @ 16 in. o.c.

Damage Description

Extensive radial cracks on back
face, impact appears right spall
threshold. Missile penetration
1 1/2 in., max. width of crack 1/8 in.
Small (1 in. x 1/2 in.) chips of
concrete spalled from back face.

No cracks on front face, radial
hairline cracks on back face.
Missile penetration 13/16 in., no
spall.

Discontinuous vertical hairline
crack on front face, vertical on
back face, max. width of crack
1/4 in. Missile penetration 11/8 in.,
no back face spall.

Two cracks on front face, one rising
vertically from the impact point and
the other running horizontally from
the impact point to the right side of
the wall. Vertical cracks on both
front and back face are 3/8 in. wide.
Missile penetration 2 1/8 in. Impact
at threshold of back face spall.
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DESIGNATION OF FACILITY USAGE CATEGORIES
FOR HANFORD SITE FACILITIES

Dan Wodrich, Darrel Ellingson, Mark Scott, and Arlen Schade
Westinghouse Hanford Company

P. O. Box 1970
Richland, WA 99352

ABSTRACT

This report summarizes the Hanford Site methodology
used to ensure facility compliance with the natural
phenomena design criteria set forth in the U.S.
Department of Energy Orders and guidance. In
particular, the Hanford Site approach to
designating a suitable facility "Usage Category,"
is presented.

The current Hanford Site methodology for usage
Category designation is based on an engineered
feature's safety function and on the feature's
assigned Safety Class. At the Hanford Site, Safety
Class assignments are deterministic in nature and
are based on the consequences of failure, without
regard to the likelihood of occurrence. The report
also proposes a risk-based approach to Usage
Category designation, which is being considered for
future application at the Hanford Site.

To establish a proper Usage Category designation,
the safety analysis and engineering design
processes must be coupled. This unj.cn produces a
common understanding of the safety function(s) to
be accomplished by the design feature(s) and a
sound basis for the assignment of Usage Categories
to the appropriate systems, structures, and
components.

INTRODUCTION

This report summarizes the
approach currently being used at
the Hanford Site to designate
facility Usage Categories and
proposes a risk-based methodology
being considered for future
application.

The U.S. Department of Energy
(DOE) Order 6430.1A, General
Design Criteria [1], and
University of California Lawrence
Radiation Laboratory (UCRL)-15910,
Design and Evaluation Guidelines
for Department of Energy
Facilities Subjected to Natural
Phenomena Hazards [2], require
that DOE facilities be designed to
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withstand natural phenomena
events. Such design must ensure
"survival of the necessary safety
function(s)" and should be
accomplis- ̂ d in a "graded" manner
commensura>. o with an item's
importance to safety and
environmental protection.

Consequently, a key to
prudent design, from a safety and
environmental protection
perspective, is to establish a
clear understanding of what the
safety function(s) is and what
facility design features are being
relied on to accomplish the safety
function(s) during and/or after an
event, including natural
phenomena. In addition, it is
imperative that the consequence of
an item's failure be determined so
that it can be "ranked" or graded
according to its importance to
safety and/or environmental
protection. Based on an
understanding of an item's safety
function(s) and the consequence(s)
of its failure, a Safety Class
assignment is determined. The
designation of a UCRL-15910 "Usage
Category" is correlated to the
Safety Class assignment to ensure
the appropriate design against
natural phenomena events.

An overview of three of the
DOE's graded approach systems is
provided in the next section to
serve as a foundation for
discussing the methodology used at
the Hanford Site for Usage
Category designation.

OVERVIEW OF THE GRADED
APPROACH SYSTEMS

The DOE Orders and guidance
identify several graded approach
systems to be implemented in the
field, including the following:

a Hazard Classification
system (DOE Order 5481.IB,
jgafety AfifllyMs a n4 j
System, [3])

• a Safety Classification
system (DOE Order 6430.1A
[1])

• a facility Usage Category
system (UCRL-15910 [2]).

Each of these systems is part
of an overall graded approach to
ensure safety and environmental
protection. However, each has a
distinct purpose. This section
provides a conceptual sorting of
their purposes,
interrelationships, and their
integration with design.

PURPOSE OF THE GRADED
APPROACH SYSTEMS

This section presents the
purpose of the three graded
approach systems, defines the
terminology used, and presents the
role of these systems in the
safety analysis and design
process.

Hazard Classification
The DOE Order 5481.IB [3]

establishes a facility Hazard
Classification system. At the
Hanford Site, a Hazard Class
designation is simply viewed as a
piece of information reflecting
the worst case hazard that a
particular radioactive and/or
hazardous material inventory could
present to several potential
receptors, namely the public,
onsite personnel, and the
environment.

in the past, the Hazard Class
designations have been
communicated to the DOE to aid the
determination of the appropriate
DOE and operating contractor
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review and authorisation levels
for design, construction, and
operational decisions. There are
indications that the DOE intends
to use Hazard Classification to
determine the depth of safety
analysis documentation necessary
to support authorisation
decisions.

The Hanford Site does not use
a facility's Hazard Class
designation or label to drive
design requirements. Clearly,
Hazard Classification does not
reflect the true risk associated
with a facility or operation
because it does not account for
the engineered and/or
administrative control features
relied on to prevent or mitigate
postulated accidents.

To implement the Hazard
Classification system, the DOE
operations and field activities
are separated into three Hazard
Classes according to their
inherent hazard potential, without
allowing credit for the actual
design and/or administrative
control features ultimately relied
on to prevent accidents or
mitigate their consequences. The
definitions of each Hazard Class,
as specified in DOE Order 5481.IB
[3], are as follows:

• Low - Those which present
minor onsite and negligible
offsice impacts to people or
the environment;

• Moderate - Those which
present considerable
potential onsite impacts to
people or the environment,
but at most only minor
offsite impacts; and

• High - Those with the
potential for onsile or
offsite impacts to large

numbers of persons or for
major impacts to the
environment.

The qualitative wording in
the Hazard Class definitions allow
for widely varying interpretations
and implementation methodologies
in the field. Therefore, the
Hanford Site is supplementing the
definitions with quantitative
guidance to ensure uniformity and
consistency in Hazard Class
designations.

Safety Classification
The DOE Order 6430.1A [1]

prescribes a Safety Classification
system whose purpose is to
identify and rank design features
(i.e., systems, components, and
structures) according to their
importance to safety and
environmental protection. This
ranking allows for a graded
application of design requirements
and quality assurance to the
design features. This graded
application is intended to ensure
that the reliability of a system,
structure, or component is
commensurate with its importance.

The qualitative definition of
a safety class item in DOE Order
6430.1A [1] is specified in
Section 1300-3.1 as follows:

"Safety Class items are systems,
components, and structures,
including portions of process
systems, whose failure could
adversely affect the environment
or the safety and health of the
public..."

In addition, more
prescriptive characteristics of
safety class items are also
specified in the Order. However,
the prescriptive characteristics
are not definitive enough to
ensure the consistent and uniform
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designation of safety class items
in the field. Employees at the
Hanford Site have supplemented DOE
Order 6430.1A [1] with more
detailed and quantitative guidance
to aid site implementation. A
four-class approach to safety
classification is currently being
used at the Hanford Site. The
four classes are labeled Safety
Class 1, 2, 3, and Non-Safety
Class 4.

In summary. Safety Class 1
items are those relied on to
prevent significant contamination
to the environment and to protect
the public. Safety Class 2 items
prevent moderate contamination of
the environment and protect onsite
personnel not directly associated
with the facility operation or
activity. Safety Class 3 items
are those remaining items that
provide some safety or
environmental protection function.
Non-Safety Class 4 items provide
no safety or environmental
protection function.

The quantitative, Hanford
Site safety class criteria are
deterministic in nature in that
they are single exposure,
concentration, or surface
contamination values, without
regard to the likelihood of the
initiating event.

Usage Categories
As previously discussed, the

UCRL-15910 [2] guidance provides a
uniform approach to determining
the appropriate set of natural
phenomena event design severities
and methodologies for the
design/evaluation of DOE
facilities and their systems,
structures, and components. The
guidelines control the level of
conservatism in the
design/evaluation process so it is
appropriate for facility

characteristics such as mission
importance, cost, and hazards to
people and the environment to be
considered.

Four Usage Categories have
been established to provide a
graded approach to this
design/evaluation approach. The
designation of a Usage Category is
related to a particular
performance goal for which the
design loads and design analysis
methodologies have been
predetermined.

INTEGRATING THE GRADED
APPROACH SYSTEMS

This section explains the
interrelationships between the
graded approach systems and the
manner by which they are
integrated with design.

Figure 1 shows the basic
safety analysis thought process,
the consideration of natural
phenomena events, and the general
relationship with design.

Safety analysis typically
begins with a hazards analysis
step. The hazards analysis
provides a basic understanding of
the radioactive and/or hazardous
materials inventories, their form,
the energy sources that could
disperse the material, and the
proximity to potential receptors.
Based on this initial
understanding of the hazard, the
primary safety function(s) can be
identified. The most important
step in the overall process is the
development of a common
understanding between the safety
analyst and the designer
concerning the safety functionfs).

Design features relied on to
accomplish the necessary safety
functions are identified and
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refined as the design evolves.
The systems, components, and
structures that provide the safety
function are then ranked by the
Safety Classification system
according to their importance to
safety and environmental
protection.

UndsratandHazarda

Wan Wy Safaty
Function!*)

Identify Syatsms,
Components, and Structures
Providing Safety Functions

Determine Consequences 01
Syalam, Component, and

Structure FaHura

Evaluate Againat Safaty
Claaa Criteria

Aeelgn Appropriate Safaty
Clasa to Systems,

Componenta, and Structuraa

Oafina Daaign Requirements

Related to Natural
PlwnomwM Evanto

Figure 1. Linking Safety Analysis,
Natural Phenomena Events, and

Design.

Based on an understanding of
the safety function {particularly
whether or not the function is
needed during and after a natural
phenomena event) and the safety
class assignment, a Usage Category
can be designated. Safety
functions, Safety Classes, and
Usage Categories drive design

requirements. Note that there is
consideration of natural phenomena
in each step of the safety
analysis process; however, natural
phenomena events are not the only
considerations.

Figure 2 depicts the
integration of the three graded
approach systems with design. The
figure also reflects the union of
the safety analysis and
engineering activities. The
shaded boxes are related to the
safety analysis process.

I RtMwitoSaMywdtor
I EmlTOMMIIttlProlMliMt

Figure 2. Integration of the
Graded Approach Systems with

Design Requirements.

As shown, Hazard
Classification does not drive
design requirements. A clear
definition of the safety
function(s) is essential to
relating safety analysis to design
requirements. An understanding of
the safety function(s) is a
prerequisite to establishing
Safety Classes and Usage
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Categories from a safety and
environmental protection
standpoint. Note that Usage
Categories and design requirements
can be driven by items not related
to safety, such as process
functions, prescriptive
requirements (e.g., DOE Order
6430.1A [1]), cost, and mission
importance. Also, the overall
process is iterative as the design
evolves. Initial Safety Class and
Usage Category assignments are
typically applied to major systems
and structures. As the design
evolves, these assignments are
refined, as appropriate, to
components and to component
attributes. (See Figure 3.)

Figure 3. Safety Functions, Safety
Class, and Component Attributes.

Figure 3 shows a pipeline and
a valve. Assume that the valve's
position (open or closed) is only
related to process needs. Assume
also that the safety function
driving the Safety Class
assignment for the pipeline and
valve is the need to confine
liquid within the pipeline and
valve (i.e., to prevent liquid
leaks out of the pipeline system).
The valve parts or attributes that
should be assigned a Safety Class
are those associated with the
accomplishment of this safety
function. The Safety Class parts

would be the valve body, seals,
and weldments to the pipeline,
because they serve as part of the
pressure boundary that ensures
liquid confinement within the
system.

In this example, the motor
operator, electrical power to the
motor, and the valve position
instrumentation should not be
assigned Safety Class, because
their performance does not affect
the ability of the valve to
accomplish its safety function. By
understanding the safety function
that drives the Safety Class
assignment, the essential
requirements can be applied to the
appropriate design features.

By referring to Figure 4, a
basic understanding of the
relative timing of the three
graded approach systems to each
other and to the typical evolution
of a program or project can be
acquired.

CtMl

UlMta

'1

•nyhMtrt

\ 1 cmMyMi 1

MMyCta

Dnt*i

]

Figure 4. Timing of the Graded
Approach Systems Relative

to a Project.

The figure shows the typical
evolution of a program or project
from conception, through design,
and into operation. As was shown
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in Figure 1, a hazards analysis is
typicaliy accomplished early on
and a Hazard Classification
assignment established.

Because design requirements
must be established early in the
evolution of a project, some
preliminary Safety Class =md Usage
Category assignments must be made
to guide the initial design
activities. As the design
evolves, the Safety Class and
Usage Category assignments evolve
and are refined, typically from a
safety function, to an overall
system, a structure and/or
component, and in some cases to a
component attribute. This process
is iterative.

HANFORD SITB DESIGNATION OF
USAGE CATEGORIES

Employees at the Hanford Site
have supplemented DOE Order
6430.1A [1] and UCRL-15910 [2]
with additional guidance on
natural phenomena event design
and, in particular, on Usage
Category designation. The
supplemental guidance is provided
in Standard Arch-Civil Design
Criteria. Design Loads for
Facilities [4]. This document
prescribes a correlation between
the Safety Class and the Usage
Category designations as shown in
Table 1.

To properly apply the Table 1
correlation and designate an
appropriate Usage Category, the
following must be determined:

• Safety function(s) of the
design feature

• Feature's Safety Class
assignment.

Table 1. Safety class and Usage
Category Correlation.

Safety Class 1 =

Safety Class 2 =

Safety Class 3 =

Non-Safety
Class 4

High Hazard Facilities
Usage Category

Moderate Hazard
Facilities Usage
Category

Important or Low
Hazard Facilities
Usage Category

General Use Facilities
Usage Category

An understanding of the
safety function is needed to
determine if the feature will be
relied on to function during or
after a natural phenomena event.
At a minimur.. the feature will be
assigned Nor.-raf#*ty Class 4 and
designated d.r a .General Use
Facilities '.':,.»;•• Category feature
for natural jf.#r. .nena design
purposes, H m-i-.-vr, if a natural
phenomena ever,* . t the postulated
initiating «••.••*•• r hat drives a
Safety Cla&s . . cr 3
assignment. •v-r. .» will have the
correspond.:.; .*.;.'.»• r Usage
Category d*:..;•. i* .. r..

All 'K.-jr. h»?drd Facilities
Usage Categ:r-;* t«atures will be
Safety Class 1. Hrwever, not all
Safety Class 1 features will
necessarily be designated with a
High Hazard Facilities Usage
Category, because some Safety
Class 1 items may not be required
to perform their safety
function(s) during and/or after a
natural phenomena event.
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PROPOSED RISK-BASED
APPROACH

The Hanford Site is currently
using a deterministic approach to
designate a Usage Category,
whereby the safety function and
the item's Safety Class
designation determine the Usage
Category. However, a quasi-risk-
based approach has been proposed
that would establish the natural
phenomena event design
requirements based on a comparison
of facility risk to the
UCRL-15910 [2] performance goals.
This approach is being considered
for future application at the
Hanford Site.

Risk is a relationship
between the probability and the
consequence of an event. To
implement a risk-based approach,
an "acceptable risk criterion"
must be quantified. Such a
criterion is generically depicted
as a curve, as shown in the
example in Figure 5.

If the risk associated with a
particular ev^nt is above the
curve, design features and/or
operational control restrictions
should be added or modified to
reduce the risk to an acceptable
level below the curve.

In its simplest form, the
risk-based approach to Usage
Category designation can be
explained as a three-step process,
as shown in Figures 6, 7, and 8.
The initial step is to understand
the hazard, which includes an
estimate of the postulated
consequences from various
initiating events and accidents.
In step 1, the unmitigated
consequences from the various
natural phenomena events are
estimated and overlayed on the
risk curve, as shown in Figure 6.
No credit is allowed for
engineered features that may
ultimately be used to mitigate the
consequences of the natural
phenomena event.

Figure 5. Acceptable Risk.

Figure 6. Step 1.

In step 2, the theoretically
optimum performance goal frequency
is determined. This performance
goal is the frequency identified
at the intersection of the
unmitigated consequence curve and
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the acceptable risk curve, as
shown in Figure 7. At a minimum,
engineered features relied on to
mitigate the consequences of the
natural phenomena event should be
designed to achieve this
performance goal frequency.

HI

, tmitttoM

M \m* '«-« 1M* <W4 <W-1 IN

mmmm
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Figure 7. Step 2.

However, UCRL-15910 [2]
provides four Usage Categories to
choose from, each with a
corresponding performance goal or
frequency. The third step is to
select the appropriate
UCRL-15910 i.2] Usage Category for
actual design purposes. In Figure
8, the four Usage Category
performance goals are overlayed on
Figure 7 results and are
represented by four vertical
lines, each representing a Usage
Category performance goal
frequency. At a minimum, the
closest, more conservative Usage
Category to the left of the
theoretical performance goal
should be selected.

In the example provided, the
selected Usage Category
performance goal is the Moderate
Hazard Usage Category.

Figure 8, Step 3.

As depicted in Figure 9,
designation of the Moderate Hazard
Usage Category performance goal
will assure that the risk
associated with the natural
phenomena event is acceptable,
because it produces a risk point
below the acceptable risk curve.

10E-* 10€-» 10E-4 10E-3 10E4 10E-1 10C-0

FREQUENCY (PER YEAR)

Figure 9. Acceptable Result.

The "acceptable risk curve"
is the focal point of the risk-
based approach. Employees at the
Hanford Site are working to
establish a risk curve. If the
slope of the curve is too flat,
the benefit to be derived from
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this risk-based approach will be
negligible, because there would be
very little difference in the
consequences for each of the four
performance goal frequencies. The
lack of precision in the dose
consequence estimates would make
this approach impractical.

CONCLUSIONS

The DOE requires its
facilities to be designed to
withstand natural phenomena
events. The design must ensure
survival of the necessary safety
function(s) and should be
accomplished in a graded manner
commensurate with an item's
importance to safety and
environmental protection.

A key to prudent natural
phenomena event design, from a
safety and environmental
protection perspective, is to
establish a clear understanding of
what the safety function(s) is and
what facility design features are
being relied on to accomplish the
safety function(s) during and/or
after a natural phenomena event.
In addition, it is necessary that
the consequence of an item's
failure be determined so that it
can be ranked or graded according
to its importance to safety and/or
environmental protection. Based
on an understanding of an item's
safety function(s) and the
consequence(s) of its failure, a
UCRL-15910 [2] Usage Category can
be designated to assure the
appropriate design against natural
phenomena events.

The Hanford Site has
developed supplemental guidance to
clarify and quantify the
methodology used to designate a
Usage Category. The supplemental
guidance was needed to ensure a

consistent methodology. The
current methodology relies on a
clear understanding of the design
feature's safety function and its
deterministic safety class
assignment, which reflects the
consequence of its failure. A
quasi-risk-based approach has also
been proposed for consideration
and possible future application at
the Kanford Site.
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SEISMIC QUALIFICATION PROGRAM PLAN FOR CONTINUED
OPERATION AT

DOE-SRS NUCLEAR MATERIAL PROCESSING FACILITIES

B. K, Talukdar and W. N. Kennedy
Westinghous; Savannah River Company

P. O. Box 616
Aiken, South Carolina 29802

ABSTRACT

The Savannah River Facilities for the most part were constructed and
maintained to standards that were developed by Du Pont and are not
rigorously in compliance with the current General Design Criteria
(GDC); DOE Order 6430.1 A requirements. In addition, many of the
facilities were built more than 30 years ago, well before DOE standards
for design were issued.

The Westinghouse Savannah River Company (WSRC) has developed a
program to address the evaluation of the Nuclear Material Processing
(NMP) facilities to GDC requirements. The program includes a facility
base-line review, assessment of areas that are not in compliance with
the GDC requirements, planned corrective actions or exemptions to
address the requirements, and a safety assessment. The authors from
their direct involvement with the Program, describe the program plan
for seismic qualification including other natural phenomena hazards, for
existing NMP facility structures to continue operation. Professionals
involved in similar effort at other DOE facilities may find the program.
useful.

BACKGROUND

The Savannah River Site (SRS) located at
Aiken, South Carolina, is a Department of
Energy (DOE) Nuclear Material
Processing facility vital to the National
Defense. The majority of the facility
structures were built in early fifties and
operated by Du Pont until 1988.
Westinghouse Savannah River Company

(WSRC) assessed the Nuclear Materials
Processing Division (NMPD) facilities as
part of the transition plan with Du Pont. A
major conclusion from that study was that
the facilities were currently safe to
operate, but significant improvements must
be made to bring them into compliance with
the current DOE requirements. In
addition, some of the facilities are aging

* The information in this article was developed during the course of work under
Contract No.DE-AC09-89SR18035 with the U.S. Department of Energy
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and will require upgrading or replacement
as a consequence of more than 30 years of
service.

The NMPD has developed a
Performance Improvement Plan (PIP)
which includes the following facilities:

1. The Raw Materials facilities -
which produces reactor fuel and
target components.

2. The Tritium facility - which
processes Reactor targets, spent
fuel and other isotope feedstocks,
separates, recovers and purifies
Plutonium, Uranium and other
isotopes as required.

3. The Waste Management
facilities • which recovers, purifies
and packages Tritium into weapons
components.

4. The Defense Waste Processing
facility - which minimizes and then
processes the radioactive waste.

Program Management Teams
(PMTs) at SRS have assessed
improvement issues and have developed
improvement plans for each facility. The
following principal sources that impact the
facility were considered in the development
of a Performance Improvement Plan (PIP)
for a facility.

• WSRC self assessment and
technical evaluation

• current DOE orders and
requirements

• equipment operating performance
• operating incidents
• experience from other DOE or

industry facility
• new or modified mission

Implementation of this plan will
enhance the Savannah River Site Mission

- To serve the national security interest of
the United States by safely producing
nuclear materials while protecting the
employee, public health, and the
environment.

As part of the Performance
Improvement Plan for the Nuclear Material
Processing (NMPD) facilities a Seismic
Qualification Program Plan (NSQP), ref.
[1] has been designed to define and
implement the criteria, methods and
procedures for seismic evaluation of the
Savannah River facilities. The evaluation
shall provide input to the safety analysis to
quantify the risk associated with a seismic
event and also due to other natural
phenomena hazards at the site.

PROGRAM OBJECTIVES:

The implementation of the Seismic
Qualification Program Plan (NSQP) for the
Nuclear Material Processing facilities at
SRS will achieve the following objectives:

• Establish confidence against the
seismic and other natural
phenomena hazards (wind, tornado,
flood etc) for the existing NMP-
facilities.

• Establish and implement an
efficient, manageable, and well
documented seismic program to
quantify the capability of the
existing facilities and provide for
seismic upgrades as required.

• The plan will help achieve functional
capabilities which will permit
operational excel lence and
compliance with applicable codes,
standards and industry guidance.
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PROGRAM GUIDELINES:

The program is designated to
identify all nuclear material processing
facilities on site where structural or
equipment failure compromises personnel
or public safety, environmental protection
or achievement of mission. The facilities
are categorized by hazard/risk potential in
accordance with the guidelines in UCRL-
15910, rcf. [2], and per Savannah River
Laboratory (SRL) inputs for the hazard
classification document. The Safety
Analysis Report (SAR) for a facility
includes the Hazard Analysis Document
(HAD) for the facility. Upon
establishment of the hazard classification
and its prioritization based on project
requirements, the specific structures and
equipment evaluation is performed
following the methodology discussed in
this paper.

The siesmic qualification of the
NMP facilities are being performed
following DOE guidelines, rcf. [3], which
have been recommended for similar DOE
facilities. The evaluation guidelines
provide relatively straightforward
procedures to evaluate, modify, or upgrade
existing facilities. The guidelines are
intended also to control the level of
conservatism introduced in the
design/evaluation process such that
earthquake, wind/tornado, and flood
hazards are treated on a reasonably
consistent and uniform basis and that the
level of conservatism is appropriate for the
facility characteristics, such as importance,
cost, and hazards to on-site personnel, the
general public, and the environment.
These guidelines consist of:

1. Facility-use categories and facility
performance goals.

2. Hazard probability from which
facility loading is developed.

3. Recommended design and
evaluation procedures to evaluate
facility response and criteria to
assess whether the response is
permissible.

EVALUATION PHILOSOPHY:

The SRS Seismic Qualification
Program Plan is based on the philosophy
that a facility is adequate/adequately
constructed if there is acceptably low
likelihood of adverse behavior. The
likelihood of adverse behavior can be
expressed on a probabilistic basis in terms
of annual probability of exceedance of some
performance (such as release of
radioactive materials or significant
structural damage). The likelihood of
adverse behavior compared with numerical
values for annual probability of exceedance
is shown in Table-1.

TABLE 1

Annual Probability
of Exceedance

Likelihood of
Adverse Behavior

>10-2
10-4 to lO-2

10-6 t 0 10-4
<10-6

Anticipated (a)
Unlikely (b)
Extremely Unlikely (c)
Incredible (d)

(a) Incidents that may be expected to
occur once or more during the life of a
facility.

(b) Incidents that are not expected but
may occur sometime during the life of
a facility.

(c) Incidents that will probably not occur
during life of a facility.

(d) Incidents for which a reasonable
scenario is not conceivable.
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Design and evaluation of a hazards
facility for natural phenomena hazards is
considered only part of the process of
assessing overall risk as shown in Fig. 1.
The design or evaluation process
encompasses the first two steps of risk
assessment; characterization of the hazard
and structural evaluation The overall risk
is a combined function of the performance
goal to which the facility has been
designed and the factors associated with
the source term and dose calculation which
affect whether hazardous materials might
reach the public or the environment in the
event of significant structural damage.
Performance goals are expressed in terms
of annual probability of exceedance of

TABLE

structural or equipment damage (to the
extent that hazardous materials arc not
confined). These goals will facilitate the
design or evaluation process by separating
the assessment of risk into two parts:
Performance of buildings and equipment
subjected to natural phenomena hazards
and Dissemination of hazardous materials.

FACILITY-USE CATEGORIES:

Facility-use categories at SRS are
established per guidelines in UCRL-
15910 as shown in Table-2.

-2

Facility-Use
Category

G e n e r a l Use
Facilities

Important or Low
Hazard Facilities

Moderate Hazard
Facilities

High Hazard
Facilities

Description

Facilities which have a non-mission dependent purpose, such as
administration buildings, cafeterias, storage, maintenance, and repair
facilities.

Facilities which have mission dependent use (e.g., laboratories,
production facilities, and computer centers), and emergency handling
or hazard recovery facilities (e.g., hospitals, fire stations).

Facilities where confinement of content is necessary for public or
employee protection (e.g., uranium enrichment or other facilities
involving handling or storage of significant quantities of radioactive
and toxic materials).

Facilities where confinement of contents to assure public and
environment protection are of paramount importance (e.g., facilities
handling substantial quantities of in-process plutonium etc).
Facilities in this category represent hazards with potential long term
and widespread effects.
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PERFORMANCE GOALS:

The performance goal is a combined
function of the likelihood of a hazard
occurrence of significant size to produce
damage and the strength of the facility to
withstand the effects of earthquake, wind,
or flood. The likelihood of natural
phenomena hazards is expressed by a
hazard curve which relates annual
probability of exceedance to the maximum
ground acceleration, wind speed, or flood-
water depth. The strength of a facility to
withstand natural phenomena hazards

depends on sources of conservatism
introduced in the evaluation of the facility
response and in the specification of
acceptable response.

Performance goals for the different
facility-use category used at SRS are
presented in Table-3. The design and
evaluation guidelines for facilities
subjected to natural phenomena hazards
have been specified to meet these
performance goals.

TABLE-3

Facility-
Use
Category

General Use

Important or
Low Hazard

Moderate
Hazard

High
Hazard

Performance Goal
Description

Maintain Occupant
Safety

Occupant Safety,
Continued Operation
with Minimal
Interruption

Occupant Safety,
Continued Function,
Hazard Confinement

Occupant Safety,
Continued Function,
V e r y H i g h
Confidence of
Hazard Confinement

Performance Goal Annual
Probability of Exceedance

10-3 of the onset of major structural damage to the
extent that occupants are endangered

5x10-4 of facility damage to the extent that the facility
cannot perform its function

10-4 of facility damage to the extent that the facility
cannot perform its function

10-5 of facility damage to the extent that the facility
cannot perform its function
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EVALUATION OF EXISTING
FACILITIES AT SRS:

The guidelines and procedures
typically followed at SRS for evaluation,
modification, or upgrade of existing
facilities are shown in the form of a flow
chart, Fig. 2. While new facilities must be
designed in accordance with the set
guidelines, existing facilities may or may
not meet die recommended guidelines. If
an existing facility does not meet the
required guidelines, the options as listed
below are considered.

1. Conduct a more rigorous evaluation
to reduce excess conservatism.
Alternatively a probabilistic
assessment could be undertaken to
demonstrate that the performance
goals for the facility can be met.

2. The facility could be strengthened
such that its resistance to hazard
effects is sufficiently increased to
meet the guidelines.

3. The usage of the facility could be
changed such that it falls within a
less hazardous facility-use
category.

Deficiencies which can be easily
remedied should generally be upgraded
without considering the other options
indicated above. It is often more cost-
effective to implement minor upgrades than
to conduct further analytical studies.

If an existing facility is close to
meeting the guidelines, a slight increase in
the annual risk to natural phenomena
hazards as recommended by UCRL-15910,
[2], can be allowed because of the difficulty
in upgrading an existing facility and also
because existing facilities may have a
shorter remaining life than a new facility.
As a result some relief in the guidelines for
earthquake and wind/tornado evaluations

can be allowed by performing the
evaluation using a hazard exceedance
probability of twice the recommended
value. For example, if the hazard annual
probability of exceedance for the facility
under consideration is 1(M, it would be
acceptable to reconsider the facility at a
hazard annual probability of exceedance of
2x10-4. This would have the effect of
slightly reducing the seismic and wind
loads due to these natural phenomena
hazards in the facility evaluation. No relief
in the guidelines is permitted for flood
evaluation. No potential flooding problem
has been identified at SRS.

The evaluation of existing facilities
differs from the design of new facilities in
that the as-built and as-is condition of the
existing facility must be assessed. At
SRS this assessment is accomplished by
reviewing drawings and conducting site
visits to determine deviations from the
drawings and any in-service deterioration.
In-place strength of the materials are used
when available. Corrosive action and other
aging processes which may have had
deteriorating effects on the strength of the
facility have been considered. A program
for programmatic testing of concrete
strength of the SRS facility structures have
been implemented. The purpose of the
program is to monitor if there is any
adverse effect on the strength of concrete
due to chemicals and radioactivity over the
period of time in future and thus monitor
the validity of the qualification evaluation.

Evaluations are conducted in order
of priority, with highest priority given to
those areas identified as weak links by
preliminary investigations and to areas
which are most important to personnel
safety and operations with hazardous
materials.
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The equipment which are identified
for seismic evaluation/qualification is
evaluated using Seismic Qualification
Utility Group (SQUG) qualification
methodology per NUREG-1211, ref. [7].
This approach utilizes walkdown and
evaluation of equipment by similarity to an
experience data base. The Equipment
Qualification Data Bank (EQDB) provided
by NUS Corporation is also used as an
available source to qualify equipment
based on the test data in the EQDB.

TECHNICAL PROGRAM
DESCRIPTION:

The program involves a number of tasks,
which can be described as:

1. Site Specific
relative to SRS

general tasks

2, Facility Specific - tasks relative to
a facility

Site Specifics:

Regional Seismic Studies
Regional seismic studies have been done
for the SRS reactor facilities. These
studies are reviewed to determine if any
special activity is required to extend the
studies to NMP facilities. This effort
includes the determination to use the
existing site specific response spectra or
to use USNRC Regulatory Guide 1.60
based spectra. Damping per USNRC
Regulatory Guide 1.61 is used.

Site Soil Parameters
The site soil studies for the NMP facilities
are being conducted in parallel with the
comparable studies for reactor facilities.
The soil test results along with the
existing site soils data will be reviewed to
establish the site soil parameters to be
used in the analysis of each facility.

Qualification Methods. Criteria and
Procedure Development
This task includes preparation of additional
specific guidelines (if required) to
implement the program. It will include the
preparation of simple examples to
demonstrate application of the
deterministic evaluation and fragility
analysis approaches. It will also address
critical issues applicable to SRS facilities
raised from reviews of existing analyses,
such as procedures for estimating the
ductility of reinforced concrete structures.

Structures and Equipment Classification
Facilities and Structures are classified
according to their use as shown in Table-1.
Systems or equipment within the facilities
required for mission, public or employee
safety or environmental protection are
identified in the facility SAR.

Retrieval of Seismic Analysis Back-up
Documentation
This task covert the retrieval of back-up
documentation (rum each of the consultants
who performed the seismic analyses
described in the lummary reports reviewed
in reference (K|. <c g . URS/Blume, EDAC,
Agbabian AIMK )

Facility Spccifki

Identification and Dcwnption of Structures
This task will define the baseline
information for each NMP structure. It will
include identification of structural
drawings, existing calculations and reports
related to the seismic and other natural
phenomena hazards. It will also include a
description of the function of the facility and
information on the consequences of
structural failure or damage. Where
function of the facility is critical, additional
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seismic levels (e.g., earthquake levels
corresponding to a reoccurrence probability
of 1 in 100 years) will be evaluated in order
to investigate continued operation in the
event of a lower magnitude earthquake.

Review of Existing Seismic Qualification
Documentation
The baseline information as identified
under the above task will be reviewed to
determine if it is sufficient for performing
the analysis as outlined in Figure 4.
Additional analyses may be identified as
necessary from this task depending on the
adequacy of the documentation retrieved.

Evaluation of Seismic Capacity
The seismic capacity of the structures will
be calculated and evaluated to determine
its adequacy. Additional analyses will be
performed where required. As necessary,
information defining the fragility
characteristics of the structure will be input
into a risk assessment analysis. The risk
evaluation will be performed as required to
assist in the decision process as to the
need of pursuing potential design
modifications. Fragility data associated
with the structure with and without design
modifications would be developed and
provided for the risk analysis.

Equipment Seismic Capabilities
The safety class equipment will be
identified in the facility SAR. The seismic
adequacy of the equipment will be
evaluated following the evaluation process
as outlined in Figure 4. Design
modifications will be recommended, if
necessary, and the fragility data will be
provided for a risk assessment analysis.

Seismic Qualification Report and SAR
Input
This task involves preparation of the
seismic qualification report and the SAR
summary for the structures, the safety

class equipment, and filing of all pertinent
back-up documentation in the SRS
permanent files.

Senior Seismic Review Committee
The program requires an onsite review
committee with outside consultants, as
required, to perform a peer review of the
seismic studies for verification and
acceptance.

DQE Review
The seismic qualification reports will be
submitted to DOE for review and
acceptance. These reports will include any
revisions necessary to address all
comments resulting from the Senior
Seismic Review.

DESIGN CONTROLS AND PROGRAM
MANAGEMENT

The scope, criteria, and methods of
the seismic qualification program for the
NMP facilities shall be consistent with the
requirements prescribed in the facility
SAR. Seismic analysis procedures and
criteria shall be in place to assure that the
criteria and the methods are applied
consistently by all WSRC personnel and
subcontractors, for all facilities. These
procedures and criteria will be peer
reviewed and submitted for DOE approval.

Management of the seismic
program will include the activities
necessary to periodically report progress,
track completion/resolution of open items,
perform internal and third party reviews
and audits, control and update design and
analysis documents, and provide training
and feed back during the program
implementation.
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SCHEDULE

Near term and long term schedules
are established based on the prioritization
considering the project needs and
availability of resources to meet the over
all site operations schedule.

CONCLUSION

The seismic qualification program
plan implemented at SRS provides a
programmatic seismic, other natural
phenomena hazard evaluation, and
qualification of the nuclear material
processing facilities and the related safety
class equipment. The program provides
adequate and consistent qualification
quidelines for all the NMP facilities across
the site In the development of the
program, the available industry and DOE
evaluation guidelines for similar facilities
have been considered. The successful
implementation of the program plan will
justify and provide the required confidence
level to continue operation at existing SRS
facilities.
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Figure 1.
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Figure 2.
Existing Facility Evaluation Ar>Droach
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SEISMIC DESIGN CRITERU OF FIRE PROTECTION SYSTEMS FOR DOE FACILITIES

GREG HARDY AND RON GUSHING
EQE ENGINEERING CONSULTANTS

3150 BRISTOL STREET
COSTA MESA, CALIFORNIA 92626

GARY DRIESEN
WESTINGHOVSE SAVANNAH RIVER COMPANY

SAVANNAH RIVER SITE
AEKEN, SOUTH CAROLINA 29808

ABSTRACT

Fire protection systems are critical to the safety of personnel and
to the protection of inventory during any kind of emergency
situation that involves a fire. The importance of these fire
protection systems is hightcned for DOE facilities which often
house nuclear, chemical or scientific processes. Current research
into the topic of "fires following earthquakes" has demonstrated
that the risks of a fire starting as a result of a major earthquake
can be significant. Thus, fire protection systems need to be
designed to withstand the anticipated seismic event for the site in
question.

The majority of the commercial and DOE facilities in the United States designed their fire
protection systems to their applicable building codes. These codes typically rely on the
National Fire Protection Association (NFPA) standards for their seismic design requirements.
The NFPA seismic requirements are very limited and do not address all of the attributes
which cause fire protection systems to fail during an earthquake. The Loma Prieta earthquake
which rocked the San Francisco Bay area in 1989 provided numerous instances wherein
relatively newly designed/installed fire protection systems (designed to current NFPA codes)
failed during the earthquake. Research into the causes of these failures reveals that a limited
number of changes and enhancements to the NFPA requirements would have alleviated the
majority of these failures. The purpose of this paper is to document a seismic evaluation and
design procedure which addresses the failure modes which have arisen during recent
earthquakes. This criteria is more extensive than the current NFPA code requirements, but is
much simpler than ASME code requirements for safety related piping systems in nuclear power
plant applications. Thus, the authors have attempted to bridge the two undesirable options of
either using the NFPA criteria which is known to have shortcomings, or using ASME code
criteria which is prohibitively expensive and time consuming.
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DETERMINATION OF EFFECTIVE ACCELERATION FOR USE IN DESIGN
AT THE LAWRENCE LIVERMORE NATIONAL LABORATORY SITE*

David W. Coats Jr.
Lawrence Livermore National Laboratory

7000 East Avenue
Livermore, CA 94551

ABSTRACT

An rms-based effective acceleration" study has been conducted for the
Lawrence Livermore National Laboratory. The study used real time history
records with epicentral distances, magnitudes and site conditions deemed
appropriate for the LLNL Livermore site. Only those records having strong
motion durations, TD', >3.0 seconds, and peak ground accelerations a. -4g
were selected for determining the effective acceleration hazard curve used in
design. These parameters are consistent with LLNL's use of the broad-band
Newmark-Hall Spectra for design, and the high peak instrumental
accelerations corresponding to the return intervals of interest. Study results
were used to modify the acceleration hazard curve for facility design/
evaluation at LLNL.

INTRODUCTION

The Lawrence Liverraore National Laboratory
(LLNL) contracted with Geomatrix, Inc. to update
the seismic acceleration hazard curve for the LLNL
site, [1]. As a corollary to this effort, Geomatrix
was also tasked with developing "effective" ac-
celerations for the LLNL site using the approach
outlined by Kennedy et al., [2], as suggested in
Kennedyef oi,[3].

The purpose of this paper is to summarize the
justification for the use of "effective" accelerations
for design, the technical basis of the approach used,
and the results of the Geomatrix evaluations.

BASIS OF EFFECTIVE ACCELERATION
APPROACH

The most conmoi.ly specified parameter used in the
design of facilities subject to earthquake ground
motions is the peak ground acceleration. It is fre-
quently used in conjunction with "standard" re-
sponse spectra shapes to form design spectra.
However, many factors play a significant role in

determining the actual response and damage experi-
enced. Some of the more significant of these factors
include frequency content of the motion; the dura-
tion of strong ground-shaking; soil-structure inter-
action effects; and the inherent reserve energy ca-
pacity (ductility) of the structure.

Experience has shown that many structures
located close to the epicenters of earthquakes, and
subjected to ground motions which yield high peak
instrumental accelerations, have sustained much
less damage than would be expected. Furthermore,
the reductions in foundation motions resulting from
the effects of soil-structure interaction (SSI) are
more dramatic when associated with near-source
ground motion of short duration and high peak in-
strumental acceleration. These observations have
led investigators to seek a more realistic approach
than the use of high peak instrumental accelera-
tions as the primary parameter for seismic design,
particularly for structures whose seismic risk is
dominated by earthquakes with short epicentral
distances.

* This work was performed under the auspices of the U.S. Department of Energy by the Lawrence
Livermore National Laboratory under Contract W-7405-Eng-48.
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Historically, however, the development of site-
specific seismic design criteria has concentrated on
defining peak instrumental accelerations represent-
ing the absolute maximum peak acceleration, AmaXl
recorded by strong motion accelerometers at the free
ground surface. Many studies (e.g., Hoffman, [4];
Page et ai, [5]; Housner, [6], [7]; Housner and
Jennings, [8]; Newmark, [9]; Blume, [101; Nuttli,
[11]; Kennedy, [12]; Kennedy et al., [2]) have
demonstrated that this parameter is a poor measure
of the damage potential of earthquakes, and can be
excessively conservative when used to scale broad-
band spectra for use in predicting elastic response,
particularly in connection with near-source motions
(less than 20 km) having high peak instrumental
accelerations.

Peak instrumental accelerations fail to ade-
quately account for the fact that a limited number
of high-frequency, high-acceleration spikes, of lim-
ited energy content, have little effect on the ampli-
fied elastic response spectra within the frequency
region of 1.8 to 10 Hz (Kennedy et al, [2]). Thus
simply scaling a broad-band design spectrum (such
as RG1.60 or Newmark-Hall) by the peak instru-
mental acceleration can lead to excess conservatism
in this frequency range. To eliminate this excess
conservatism, many investigators have developed a
variety of approaches for defining an effective accel-
eration which is then used to anchor a broad-band
design spectrum in place of the peak instrumental
acceleration. The intent of the effective ground ac-
celeration approach is to scale down the broad fre-
quency design spectrum such that, "on the average",
the broad frequency design spectrum will predict
about the same elastic response as would be pre-
dicted by the actual spectrum for structures in the
frequency range of 1.8 to 10 Hz. This frequency
range is also the frequency range of interest for the
majority of facilities at the LLNL site.

TECHNICAL APPROACH USED

A great deal of research (e.g., Blume, [10];
Schnabel and Seed, [13]; Ploessel and Slosson, [14];
Newmark, [15]; Kennedy, [12]) and a wide variety of
techniques have been suggested to define effective
accelerations for use in anchoring elastic design
spectra. This research has led to a number of rec-
ommendations for defining effective accelerations,
including the use of sustained or repeatable peak
accelerations (Nuttli, [11]); equivalent cyclic motion
(Whitman, [16]); filtered time histories (Page et al.,

[5]; Ploessel and Slosson, [14]); and the "third high-
est peak" approach (Kennedy, [12]).

Other approaches have looked at energy content
and strong motion duration parameters for defining
effective accelerations (e.g., Arias, [17]; Housner,
[6]). Still others have suggested the root-mean-
square acceleration, rms, as the parameter of inter-
est in defining effective accelerations (Mortgat, [18];
McCann and Shaw, [19]).

Use of the rms acceleration as the basis for de-
termining an effective acceleration, Aeff, has advan-
tages from a computational and statistical point of
view. First, the rms acceleration is an easily com-
puted quantity once a definition for strong motion
duration, Tn, is accepted. Second, Mortgat, [18],
has shown that use of an rms acceleration parame-
ter, Anm, enables an effective acceleration to be se-
lected at any desired probability of exceedance.

The approach employed is probabilistic in na-
ture and is based on the premise that an approxi-
mate relationship must exist between Am»x and
Anns- Using this premise, the effective acceleration
for design is related to the rms acceleration by:

Ae(r=(Kp) (1-1)

where Kp is a function derived from the theory of
stationary Gaussian random motions which pro-
vides a prediction of the most probable value of the
factor Amax/Anm, during a known time interval, for
a specified probability of exceedance level. Thus,
the computed value of A ^ from Eq. 1-1 is equivalent
to the expected or most probable value of the maxi-
mum acceleration for the time history record over
the time interval of interest. Vanmarcke and Lai,
[20], have shown that considering the effective
acceleration as a median estimate of the most
probable maximum acceleration over the duration
of strong motion, Tn, for a stationary Gaussian
random motion, Kp is:

= V21n(2.8Tr/ro) (1-2)

except Kp is not less than V2, and To is the pre-
dominant period of the ground motion. Kennedy,
[12], has reported that Eqs. 1-1 and 1-2 work well
for defining an effective acceleration to which elastic
response spectra can be anchored.
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In a study of effective acceleration parameters
for use with broad-band design spectra, Kennedy
et al, 12], modified Eqs. 1-1 and 1-2 as follows:

= V2ln (2.8TD'Q' (1-3)

where A^is an effective elastic rms-based anchor
acceleration for scaling broad-band design spectra.

To of Eq. 1-2 has been replaced in Eq. 1-3 by
To = I/A' where $1' represents the central, or mean,
frequency (Hz) of the time history record, and To' is
defined as:.

(1-4)

where TM = max {if075}
and To,75 and To.os represent the time at which
75% and 5%, respectively, of the total energy, as
measured by / a2dt, have been reached. If the time
Tp« of the maximum positive or negative ground
acceleration occurs after To.7s, then the time Tpa of
the first zero crossing after the time of the peak
acceleration is used in lieu of T0.75. The remaining
factor, Anns, is the square root of the Housner power
(average rate of energy input) over the time interval
TD':

AE
TV

(1-5)

where AE is the cumulative energy between time
To.os and TM-

Equation 1-4 was used in the 1984 study by
Kennedy et al., [2], as it provided a better definition
of the relative length of strong duration for stinf
structures than the more commonly accepted defi-
nition of strong motion duration as given by
Trifunac and Brady, [21]:

(1-6)

Equation 1-6 can result in strong motion dura-
tions from 2 to 3 times as long as that given by
Eq. 1-4. This is due to the fact that many records
contain long durations of motion with small accel-
erations at the end of the record. This portion of
the record continues to input energy but at a much
reduced rate than earlier portions of the record, but
is nevertheless a significant contributor in the

strong motion duration calculation when Eq. 1-6
is used.

The determination of Amu is strongly influenced
by the selection of the strong motion duration
interval, and use of Eq. 1-6 can result in uncon-
servatively low values of Arms, which in turn leads
to unconservatively low spectral amplification
values in the frequency range of 1.8 to 10 Hz for
broad band frequency spectra scaled to Aejr, as given
by Eq. 1-3.

In Kennedy's 1984 study, [2], 11 real time his-
tory records were evaluated for effective accelera-
tions using Eq. 1-3. It was shown that Eq. 1-3,
when used to scale the broad-band RG1.60 spec-
trum, provided a reasonably good fit to the 6 real
ground motion records having a strong motion
duration, TD', greater than 3.0 seconds.

However, the use of Eq, 1-3 as a scaling parame-
ter for RG1.60 to the remaining 5 real time history
records having strong duration times, TD', < 3.0 sec-
onds, did not provide a good fit (generally, excessive
conservatism is introduced). The primary reason for
these differences appear to relate to the lack of suf-
ficient frequency content and cumulative power in
the five records having a Tr/ < 3.0 seconds.

The conclusion of the study was that broad-band
frequency content spectra anchored to an "effective"
acceleration, as given by Eq. 1-3, provided an
acceptable basis to characterize ground motion
records which contain significant power between at
least 1.2 to 5,5 Hz (i.e., 80% of the cumulative power
of the strong motion portion, TD', of the record), and
are appropriate for use with stiff structures (1.8 to
10 Hz). For flexible structures (<1.8 Hz), the ap-
proach given is conservative. Furthermore, a strong
correlation was shown to exist between TD' and the
breadth of the frequency band of significant power.
All records with TD' > 3.0 seconds contained signifi-
cant power throughout the frequency range from
1.2 to 5.5 Hz, while none of the records with
TD' £ 3.0 seconds had significant power in this
frequency range.

EFFECTIVE ACCELERATIONS FOR THE
LLNLSITE

For the LLNL Livermore site, an effective ac-
celeration scaling factor, Acjj/Amax, was determined
using the approach developed by Kennedy et al., [23,
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where A«(ris as given in Eq. 1-3 und Amax is the
unmodified peak instrumental acceleration. The
study to determine this factor was conducted for
LLNL by Geomatrix, Inc., [22],

The peak instrumental accelerations for the
design return intervals of interest (500, 1000, and
5000 yrs.) are quite high (i.e., .557, .682, and .983 g,
respectively). As such, a subset of all potential time
history records was selected. The records used were
from corrected and uncorrected recordings obtained
at small source-to-site distances from earthquakes
in the range of magnitude 5.6 to 7. These records
reflect deep firm alluvial sites, similar to conditions
at LLNL, and are consistent with the data used to
derive the empirical attenuation relationships used
in the probabilistic seismic hazard analysis for
LLNL Furthermore, the effective acceleration scal-
ing factor was derived using only records having
peak ground accelerations (corrected or uncorrected)
£.4g and strong motion duration intervals, Tr/, >3.0
seconds, as these two additional parameters are
considered appropriate in view of the use of the
broad-band Newmark-Hall response spectra shape
for design at LLNL, and the aforementioned high
peak instrumental accelerations. Twelve records
were found which satisfied all of the above parame-
ters (Table 1).

For each of these records, the effective accelera-
tion scaling factor, Aefl/Am>x, was determined con-
sidering both the corrected and uncorrected values
of Amax for each record. Using this approach, a total
of 23 scaling factors were determined that con-
formed to the requirement that Amnx ;>.4g and Tr/ >
3 sec. (one record had a corrected value for Amax of
<.4g and as such, this value was not used). The av-
erage value of the uncorrected and corrected scaling
factors of these records was 0.83.

Both uncorrected and corrected values were con-
sidered since two of the attenuation relationships
used in the probabilistic hazard analysis

(Geomatrix, [1]) are based on "unconected" data
(Idriss, [23], and Sadigh et al., [24]) and two are
based on "corrected" data (Campbell, [25], and
Joyner and Boore, [26]). The average effective accel-
eration scaling factor of 0.83 was used to modify the
acceleration hazard curve developed for the LLNL
Livermore site (Geomatrix, [1]), to produce an
effective acceleration hazard curve (Fig. 1). Fie
appropriate method to do this is to adjust each of
the attenuation relationships by the appropriate
AeflyAmax scaling factor and recompute the combined
hazard. However, it was found that an accurate
estimate of this curve could be obtained by simply
multiplying the abscissa of the instrumental
acceleration hazard curve by the average
Aen/Am*x scaling factor of 0.83.

As a check on the reasonableness of the com-
puted effective accelerations, plots of the response
spectra of the real time histories were compared to
the Newmark-Hall spectra anchored at the
"effective" acceleration. This comparison showed
the fits to be quite good.

CONCLUSIONS

The Lawrence Livermore National Laboratory
has selected the effective seismic hazard curve of
Fig. 1 for use in facility design/analysis at the
Livermore site conforming to the guidelines pre-
sented in UCRL-15910.

For active operational components of equipment
(e.g., relays, breakers, motors, etc.) which must re-
main functional during a seismic event to maintain
safe operating conditions or safe shut-down in mod-
erate hazard and high hazard facilities, an addi-
tional factor of 1/.83 will be applied to seismic loads
produced by use of the effective accelerations. This
additional factor reflects the fact that these active
components might be more sensitive than structures
to peak instrumental accelerations.
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Table 1. Selected Free Field Strong Motion Recording*.

Earthquake/Date/Station

Imperial Vallev, CA
1979/10/15
5054 Bonds Corner

5165 Differential Array
942 El Centre Array #06

952 El Centro Array #05
955 El Centro Array #04
958 El Centro Array #08

Westmorland, CA
1981/04/26
31369 Westmorland Fire Sta.

Whittier Nar., CA
1987/10/01
24400 LA: Obregon Park

Loma Prieta, CA
1989/10/17
57382 Gilroy Array #04
58065 Saratoga: 14675 Aloha

Mw

6.5

5.6

6.0

7.0

R

2.5

5.3
1.0

1.0
4.2
3.8

13.3

13.9

16.1
13.0

Comp

S50W
S40E

NOOE
S50W
S40E

S40E
S40E
S40E

SOOE

S90W

360
360

Al

0.778
0.596

0.487
0.456
0.459

0.560
0.489
0.619

0.500

0.450

0.416
0.504

A2

0.785
0.587

0.486
0.436
0.376

0.530
0.4S3
0.610

0.475

0.407

0.416
0.504

TD'

4.66
6.11

3.02
3.91
5.27

3.40
3.40
3.01

3.64

3.06

3.80
3.74

Ae

0.685
0.507

0.477
0.406
0.338

0.404
0.389
0.433

0.430

0.351

0.323
0.373

Ae/Al

0.880
0.851

0.979
0.891
0.737

0.721
0.797
0.700

0.860

0.780

0.776
0.740

Ae/A2

0.872
0.864

0.980
0.931
0.900

0762
0.790
0.710

0.906

0.863

0.776
0.740

Mw Moment magnitude
R Source-to-site distance (km)
Comp Component
Al Uncorrected peak acceleration (g)
A2 Corrected peak acceleration (g)
TD' Effective duration
Ae RMS-based effective acceleration (g)
Ae/Al Ratio of effective acceleration to uncorrected peak acceleration
Ae/A2 Ratio of effective acceleration to corrected peek acceleration
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Fie. 1. Peak acceleration hazard curve and effective acceleration hazard curve (i.e., peak
acceleration x 0.83), for the LLNL Livermore site.
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ABSTRACT

This paper summarizes some of the seismic design approaches, relevant
technical issues and criteria used over the years for design of electrical
raceway systems at commercial nuclear power plant facilities. The
approaches used for design and endorsed by the NRC can be seen to be quite
varied. In recent years, considerably more rigor has been required for
raceway design, as well as for the level of design basis documentation
produced. However, there has also been a willingness by the NRC to accept
rational approaches based on testing, analytical results or experience data,
provided proper justification is given. Such rational approaches can
simplify the significant task of analysis, design and construction of miles
of raceways and thousands of raceway supports. Summarizing past
practice and identifying relevant technical issues are an important first
step in formalizing up-to-date criteria for new raceway designs.

INTRODUCTION

Seismic design criteria for electrical raceway
systems in commercial nuclear power plant
facilities have historically evolved from
simplified, "cookbook" procedures and use of
plant-specific "standard" supports for field
routing without considerations of lateral loads to
more elaborate analysis methods that account for
dynamic loads. More recently, use of actual
earthquake experience data and testing of entire
raceway assemblies and components have
served as a basis for raceway design validation.
Thus, design approaches have varied from plant
to plant over the years.

This paper addresses some of the relevant
technical issues and approaches adopted at
commercial nuclear power plant facilities for the
design of electrical raceway systems, and, as

such, can serve as a basis or starting point for
development of a standardized set of guidelines
and criteria for seismic design of electrical
raceway systems at DOE facilities. This paper is
a synopsis of a survey, full details of which can
be found in [1].

Electrical raceway systems consist of steel
conduits and cable trays that carry electrical
cables, their supports and junction boxes, and
any miscellaneous in-line appurtenances and
hardware, e.g., unions, splices, pull-boxes, etc.
Conduits generally range in diameter from 3/4
inch to 5 inches, and cable trays vary in size
from € to 36 inches wide by 4 to 6 inches deep.
Trays are generally available in three types:
solid bottom, trough and ladder type.
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Conduits and cable trays of different sizes can be
grouped together and can be connected to common
supporting systems. Conduit and cable tray
supports generally utilize threaded rod and light
metal cold-formed strut (e.g., Unistrut,
Superstrut, etc.) support systems, as well as
designs using structural steel, which although
strong, are more costly to construct because of the
inherent welding and anchorage requirements.
Structural steel systems may also require more
physical space to construct and typically add
more weight to the building.

Most of the total length of a plant's electrical
raceway system consists of horizontal runs of
conduits and cable trays, which occur in almost
all of the floors of the plant structures. However,
vertical conduits and cable trays do exist and are
used to carry cables from floor to floor, around
obstructions, or directly to equipment. Vertical
raceways are generally located close to walls.
Structural supports are typically spaced from 6 to
15 feet along conduit runs and 6 to 12 feet along
cable tray runs. Supports may be single or multi-
tiered with single or multiple raceways attached.

Figure 1 shows a typical segment of a conduit
system, in which a combination of cantilever,
rod-hung and wall-mounted light metal strut
conduit supports are utilized, in addition to a
wall-mounted junction box support.

Stiffly Onssifireitinn ami Tlftriyn PhilnannTiv

Electrical raceways perform a vital plant
function and, as such, the NRC requires that two
separate trains of safety-related power/control
distribution be maintained. Commercial
nuclear plants provide this redundancy by
having Train A and B cables. Electrical cables
providing power/control distribution for non-
safety-related plant features are often called
Train C. In commercial nuclear reactors,
electrical raceways generally fall into one of the
three following safety classifications:

Safety-Related Seismic Category I

Structures, systems, and components (SSCs) that
are designed and constructed to withstand the
effects of the Safe Shutdown Earthquake (SSE)
and remain functional during and after the SSE
are designated as Seismic Category I, in
accordance with the requirements of NRC

Figure 1

Segment of Typical Conduit System

Regulatory Guide 1.29. Raceways falling into
this category are the safety-related Trains A and
B. In addition, those SSCs necessary for
continued plant operation without undue risk to
the health and safety of the public must be
designed for an Operating Basis Earthquake
(OBE). Consequently, safety-related raceways
are also designed for the OBE.

Non-Safety-Related Seismic Category II

Those portions of SSCs whose continued function
is not required during and after an SSE, but
whose failure could reduce the functioning of any
Seismic Category I SSC or could result in
incapacitating injury to occupants of the control
room, are designated Seismic Category II and
are designed and constructed so that the SSE
would not cause such failure. Raceways falling
into this category are non-safety-related, and are
those portions of the Train C system whose
collapse would adversely affect adjacent Seismic
Category I SSCs or control room occupants.

The regulatory position is that although such
raceways need not remain functional during or
after an SSE, their structural integrity must be
guaranteed. This difference in requirements
has been utilized on occasions when developing
design criteria foT Category II raceways.
However, for the most part, such raceways have
been designed to Category I criteria for
conservatism and simplicity.
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Raceways falling into this category are non-
safety-related and are those portions of the Train
C system whose collapse would not adversely
affect adjacent Seismic Category I commodities
or control room occupants, either by there being
no interaction or an acceptable interaction. Such
raceways need not be designed to SSE seismic
criteria, since their function and structural
integrity during or after an SSE is not required.

RACEWAY SYSTEM DESIGN PROCESS

For many early nuclear plants, the following
raceway design procedure was employed:

• A maximum span was set, usually at about 6 to
12 ft for cable trays and 6 to 15 ft for conduits.
The span reflected engineering judgment and
recommendations by the manufacturers.
Seismic loads weie sometimes considered,
and when they were, floor spectra may have
been conservatively calculated and enveloped
and damping values conservatively chosen.
In these cases, the span rules were more often
based on the conservative application of the
equivalent static method.

• A group of raceway support typicals were then
designed. These typicals were to be installed
at many locations along the raceway.

• The craft would take the arrangement
drawings, plus the typical support sketches,
and hang the raceways.

Several key elements of the above design
procedure may have introduced unknown levels
of conservatism (or lack of conservatism) into
the final raceway configurations.

• Arrangement drawings would establish
general locations, but if the craft found
obstructions, raceway routing could be
modified by the craft, often with only minor, if
any, review by engineering.

• The simplified design was basically a "span"
criterion design, which sometimes
incorporated seismic considerations for
typical straight runs, but often did not

consider the effects of more complex raceway
configurations, e.g., bends, tees, crosses, etc.

• The simplified design often delineated
between one-way supports, which could take
only vertical direction seismic loads, two-way
supports (vertical plus transverse), and three-
way supports (loads in all directions).
Requirements were set on how far apart two-
way or three-way supports could be placed,
e.g., three-way supports may have been
required every third span, or 24 ft. These
requirements were often based on
engineering judgment or simple analyses.

• Although designed as particular direction
supports, nearly all supports, resist some load
in all three directions. Simplified design
usually ignored these effects.

• The effect of having multiple raceways on one
multi-tiered support may have been
conservatively accounted for by absolute
summation of the worst load combinations.

• The subsequent addition of fire protection
material to cable trays often increased the tray
fill weights to more than was assumed in the
original design. In addition, cable trays were
often overfilled as additional equipment was
added during plant construction.

• The craft were allowed to make field
deviations to the generic support design, with
little or no documentation of review by the
engineer. Often, such deviations made the
as-built support substantially different from
the original design. Such deviations occurred
for several reasons, including avoidance of
obstructions, ease of construction, and lack of
available steel shapes.

As a result of many of the above elements, the
exact safety margins in raceways for seismic
load cases were not well documented. This has
resulted in one or more cycles of re-evaluation of
existing raceway designs at numerous plants.

At more recently licensed plants, the raceway
design process includes a much heavier
engineering involvement in preparation of
drawings, assignment of unique support
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identification numbers, and resolution of craft
Field Change* Requests (FCRs), The process also
generally differentiates between conduits and
cable trays for the following reasons:

• Conduits are generally light, whereas cable
trays, by comparison, are much heavier.
Consequently, cable tray hangers generally
require more refined analysis to qualify.

• Conduit supports are more numerous than
cable tray hangers. In particular, small bore
(two-inch diameter and under) non-safety-
related conduit supports are the most
prevalent. Consequently, if the engineering
process can be simplified for conduit supports,
considerable cost savings can be realized.

For safety-related conduits, the following general
design process has been recently used:

• Conduit support typicals and span tables are
generated based on dynamic computer
analyses or conservative application of the
equivalent static method. The support types
and span allowables consider configuration
complexities, such as bends and overhangs.

• Field engineers determine the conduit routing
and assign appropriate support types.
Engineering sketches are prepared showing
conduit routing and support types used.

• The Engineering Group responsible for
design of the support typicals and span tables
reviews the engineering sketches and issues a
drawing. Unique conduit support numbers
are assigned to each support, and support
locations are shown on the drawing.

• The drawing serves as a basis for
construction, resolution of FCRs, and QC
(Quality Control) inspection.

For small bore non-safety-related conduit, the
above process is modified as follows due to the
huge number of required supports:

• Unique support numbers are not assigned to
each support and drawings defining support
locations are not prepared. Rather, craft uses
the support typicals and span tables much as
was done for the early plants. However, as

opposed to what was done earlier, proper
seismic design considerations are followed.

• Field engineers inspect the conduit system to
verify that the system is properly constructed.

Cable tray hangers are generally not designed
using support typicals and span tables. Rather,
each hanger has a unique design, more often
based on a dynamic computer analysis. These
unique designs may often be repeated at other
locations along the cable tray runs. Standard
details are used with the unique designs.
Engineers detennine routing and preparation of
the design drawings. FCRs are resolved and QC
inspects the raceways after installation.

RELEVANT TECHNICAL ISSUES

Past Perforrflgnof* qf ffocewav Sv»rtffl||M

Cable tray and conduit systems are a common
feature of industrial as well as nuclear
facilities. Despite a wide variety of construction
configurations and severity of earthquake
motion intensity, raceway systems have an
excellent performance history in past strong
earthquakes, even though they have rarely been
designed for them at industrial facilities. Much
data have been gathered on their performance in
earthquakes and in shake table testing. The data
have been used by the Seismic Qualification
Utility Group (SQUG) [2] to develop a procedure
for the verification of the seismic adequacy of
raceway systems in operating nuclear plants in
response to Unresolved Safety Issue (USD A-46
[3]. The procedure should result in reduced
engineering effort, fewer modifications of
existing hardware, and simpler documentation.
The procedure should also ensure safety-
function, since the methodology used to develop it
is based on a large body of historic**. S data and is
aimed at ensuring that nuclear plant raceway
systems should perform at least as well as
raceways that have performed adequately in
non-nuclear facilities in past earthquakes.

The few instances of raceway failure under
seismic loads which have been observed are
traceable to overloaded, unstable or improperly
installed supports. This issue is of paramount
importance; no matter what the numbers derived
from an analytical approach seem to say,
raceways rarely fail, primarily because of high
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damping, support redundancy, and significant
levels of inherent ductility and reserve strength.

Test Data

Raceway supports are traditionally designed by
elastic analysis with component allowables
based on the AISC and AISI Codes. Recently,
however, testing on conduit and cable tray
connection hardware has been extensively
performed [4, 5]. Results of those tests have
indicated that analysis procedures over-predict
actual response. Testing has also included the
effects of intentional discrepancies in hardware,
such as oversized bolt holes, missing washers,
etc., to resolve plant-specific issues.

Numerous hardware components have recently
been qualified using the wealth of test data
available. Included are several thousand static
and cyclic tests of components, such as
cold-formed steel members and connection
details, threaded rod hangers, cable trays and
cable tray fittings (e.g., splices, elbows), and
conduits and conduit clamps.

The weak link in raceway systems has most
often tended to be the connection details. The
failure mode of thess components under seismic
loading is generally low-cycle fatigue resulting
from cyclic yielding. Statistical analysis of the
cyclic test data has been used to develop fatigue
curves (i.e., number of cycles to failure at
different load levels). These curves have been
used to load rate raceway connection details
producing tables of allowable loads for the entire
connection which can be easily referenced
during evaluations. Load-rated allowables have
also been determined from static tests.

Due to the huge number of raceway supports in a
nuclear power plant, and the fact that precise
location of these supports is never known a priori,
pre-designed cast-in-place anchorages have
rarely been used as a means of supporting
raceways. Instead, embedded plates and/or cold-
formed channels have been used on occasions,
but by far the most common means of raceway
support is through use of expansion anchors.

Factors of safety used for expansion anchors are
currently more or less consistent from plant to

plant. Current NRC requirements [6], which call
for a minimum factor of safety of four for wedge
and sleevo type expansion anchors and five for
shell type anchors, have been recently contested
on a case-by-case basis depending primarily on
raceway classification (safety-related or non-
safety related) and raceway operability
requirements (long-term or interim short-term).

At the time of mandate of the above factors of
safety (1979), little was known about the dynamic
behavior of expansion anchors. Further, at the
time, many doubts were being cast as to the
quality of anchorage installation procedures and
construction (i.e., required torque values, QC
inspection, substitution of one anchor size for
another, etc.) Since that time, however, there
have been numerous anchor bolt testing
programs performed (thousands of bolts tested),
as well as tighter anchorage installation
procedures and quality control inspection. In
recent discussions with the NRC, there appears a
willingness to accept lower factors of safety
provided the plant owner performs some
additional checks and inspection (see [1]).

A factor of safety of three for wedge type
expansion anchor bolts is currently being
advocated in combination with tighter inspection
requirements by SQUG [2]. It has also been
accepted at Comanche Peak for re-evaluation of
small bore Train C conduit [7].

Other anchorage issues include: exclusion of
floor toppings when determining anchor bolt
embedment lengths; and recent changes in
anchor bolt manufacturer 's minimum
recommended edge distance and spacing to
achieve full anchorage strength.

LOAD COMBINATIONS

Because raceways in older operating plants often
have far fewer lateral and longitudinal braces
than are typically found in modern plants, it is
likely that some raceways were designed with
supports installed only as dead weight supports
without consideration of lateral loads.

For plants of the early 1970's vintage, safety-
related electrical raceways were designed to
meet most of the load cases applicable to Category
I systems. These load cases generally included
dead weight, seismic OBE and seismic SSE.
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Raceways in more modern plants are generally
designed for the following seismic load
combinations applicable to Category I structures:

D + L t T0 + Es
D + L + T a + Pa + Yj + Ym +

YY

where

D = Dead weight of conduit or cable tray,
cables, supports, in-line components,
fire protection material, cover plates,
and any permanent attachments

L = Live load
EQ = Loads generated by OBE
To = Thermal effects and loads during

normal operating or shutdown
conditions, based upon the most critical
transient ov steady-state condition

E s = Loads generated by SSE
T a = Thermal loads generated by postulated

pipe break, including To

P a - Pressure loads generated by postulated
pipe break

Yj = Jet impingement load generated by
postulated pipe break

Y m = Missile impact load, such as pipe whip,
generated by postulated pipe break

The following notes apply:

1. Live load on raceways is generally taken as a
concentrated load equal to the weight of one
man plus light equipment. Industry practice
has been to ignore live load in combination
with seismic loads, since maintenance
personnel should generally not be walking on
raceways or raceway supports. Live load is
often analyzed separately with dead load.

2. Electrical raceways are generally not
subjected to the same high temperatures that
piping systems are, i.e. temperature loads are
secondary and self-relieving. Furthermore,
raceways have inherent flexibility and are
usually constructed using boltad connections
(splice plates, Unistrut supports, etc.). As
such, To and Ta loads have generally not
been explicitly considered in design.

3. Accident pressures (Pa) occur inside
containment and are generally only of
consequence for the design against implosion
of junction boxes.

4. Jet impingement and missile loads
are generally only considered on a case-by-
case basis, whenever: (a) physical protection
of the raceway is not achievable; or (b) the
argument that redundancy through sufficient
separation requirements of the two trains
(A and B) is not valid at that particular
location in the plant, i.e., both trains could be
hit by one particular missile.

During design of one of the more recently
licensed plants (Diablo Canyon Power Plant), the
plant operator argued for, and successfully
licensed, the design philosophy that raceway
supports need not be evaluated for OBE seismic
loads [8], apart from designs using the cyclic load
rating method, which requires consideration of
fatigue damage due to OBE events. The decision
not to evaluate for OBE loads was based on the
knowledge that raceway supports are typically
conservatively designed, possess a great deal of
reserve strength and redundancy, and have an
excellent performance history during
earthquakes around the world. In addition,
electrical raceways are non-pressure retaining
(unlike piping) and the safety function of
raceway supports is not sensitive to support
displacements or deformations. This design
philosophy was stated to be in conformance with
the nuclear industry practice at the time. It has
also been accepted at another recent plant (Palo
Verde Nuclear Generating Station) during its
raceway re-evaluation phase [9].

ANALYTICAL QUALIFICATION METHODS

Analytical raceway qualification methods have
varied greatly over the years. Vastly different
approaches have been found acceptable by the
NRC. Some aspects are discussed below.

TVtprprinBtirvn nf Soismir l~W»mnTiH

Damping. Damping values used for raceways
have increased substantially since the first
commercial reactors were brought on line. For
early plants, the damping values were low - in
the 1% to 2% range. Between 1970 and 1978, a
more common assumption was 4% for the QBE
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case and 7% for the 8SE case for cable trays, with
sightly lower values for conduit. These values
were used at numerous nuclear plants.

During the 1973 to 1983 period, a substantial
number of tests [4, 5] were performed on raceway
systems to derive system damping. One of the
most significant observations was that of
equivalent viscous damping as high as 50% in
some cable tray systems, and the significant
resilience of the commonly-used clip angles and
cold-formed members under low cycle fatigue.
Also of particular significance was the general
conclusion that lightly braced raceway systems
can be expected to survive severe earthquakes (in
excess of 0.5g) with no loss of function in the
circuits they support. As a result of the tests,
damping as high as 20% for cable tray, systems [9]
has been successfully licensed.

Table 1 contains a summary of some damping
values used for raceway systems at commercial
nuclear plants, with the damping values given
below extracted from this table representative of
those recently accepted by the NRC.

OHEL
Conduits
Cable Trays

4%
4%-5%

RRR

7%
7%-20%

The above values for conduits correspond to those
in Regulatory Guide 1.61 for analysis of bolted
steel structures. The damping values for cable
trays are based on results of the test programs,
key results of which were:

1.'Cable tray response exhibited significant
nonlinearities including: (a) inelasticity of
joints; and (b) amplitude-dependent frictional
losses due to cable vibration.

2. The amount of cable fill affects the damping
in two ways. An empty tray has a low level of
damping. As the cable fill increases from
zero, damping increases as the sliding of the
cables within the tray and the cable collisions
with both the tray and other cables dampen the
dynamic response. At a certain level,
increasing cable fill restricts the motion of
cables in the tray and damping decreases.

3. Fire-retardant material also affects
damping. After curing, this material encases
the cables resulting in a solid mass inside the

tray, and as would be expected, fire retardant
reduces the damping levels by significantly
reducing the movement of the cables within
the tray. Even so, damping values as high as
10% to 20% can be expected for the higher
acceleration response levels. Cable tray
covers, which are sometimes added to protect
cables within trays, can also have the same
effect on damping as fire-retardant material
through inhibition of cable movement.

The use of higher damping values for non-
safety-related raceways can further be justified
by considering that they have no functionality
requirements during an SSE, and as such, they
are allowed to sustain more non-linear response
(permanent deformations) than safety-related
raceways. Therefore, equivalent viscous
damping for these raceways should correspond to
that for bolted structures at stress levels
approaching or beyond yield, i.e., as high as 20%
[101

TABLES

RACEWAY DAMPING VALUES AT COMMERCIAL NUCLEAR PLANTS
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Egn.jya.tent Static Method. The Equivalent Static
Method (ESM) has been the method most often
used to evaluate raceway systems. In this
method, a single "equivalent" static coefficient
is used to compute support loads by scatic
analysis. There have been numerous variations
of the method accepted by the NRC.

Mass Distribution. The mass (M) to be
considered for frequency and seismic loading
includes all permanent dead loads. The
apportionment of mass to raceway supports on a
tributary basis is known as the tributary support
mass. Two methods have commonly been
employed. The first and simpler approach is the
"tributary area" approach, whereby mass is
apportioned based on the "tributary" span of each
support with little consideration of support or
raceway stiffness. The second and more
realistic approach is the "projected span"
approach. In this method, tributary support mass
is based on raceway system configuration, with
support stiffness and behavior considered, along
with raceway flexibility.

Calculation of Frequency. Calculation of the
frequency of the raceway system is not required
if the peak acceleration of the floor response
spectrum is used as the acceleration response of
the system. This is the most conservative and
simplest approach for raceway design.

When frequency calculations are performed, the
frequency of the cable tray or conduit and their
supports may be determined separately with a
lower bound estimate of the system frequency
obtained using Dunkerley's equation:

J_ =
f2

where

fr2

f = frequency of raceway system
fs = frequency of support including the

contributory mass of the raceway
fr = frequency of the raceway spanning the

supports, assuming the supports are rigid

Use of Ounkerley's equation has been
widespread and endorsed by the NRC. It is
usually applied in all three orthogonal
directions, one at a time, in order J.o generate the
three system frequencies at each support.

Calculation of Spectral Response. Once the
raceway system frequency is known, a spectral
acceleration (Sa) is readily determined by using
an acceleration response spectrum. Since
Dunkerley's equation yields a lower-bound
system frequency, use of a monotonically
decreasing response spectrum drawn against
frequency results in a conservative estimate of
Sa . Numerous variations to this approach,
however, have been used over the years and are
described in [1],

Calculation of Seismic Design Load. Seismic
loads on raceway supports are generally
calculated by multiplying the total tributary
mass of the raceway (M) by the acceleration
response (Sa) and an equivalent static coefficient
(K). This is done separately for each of the three
orthogonal directions. The equivalent static
coefficient accounts for the participation of modal
responses other than the first mode. A static
coefficient of 1 5 hat been established from
experience to take into account the effects of
multifrequenty eicitation and multimode
response for linear frame-type structures. A
lower static coefficient may be used when it can
be shown to y»»ld conservative results [11].
Numerous value* tor K other than 1.5 have been
licensed. Specific eaampies are given in [1].

For multiple tirrrd or Rang supports, raceways
do not nece»nril> otrillate in phase. Raceways
whose frequ*r»c»e» ar» spaced apart by more than
10% have been tuumtd to vibrate out of phase
and thus the Mjuarr root of the sum of the squares
(SRSS) method hai teen used to combine the
support load* K*re*avt whose frequencies are
spaced within If* «r» considered to be moving in
phase, and therefor*. algebraic summation has
been used to combine the support loads.

Combination of Directional Seismic Responses.
The most common manner of combination of
seismic response for each of the three directions
of input motion has been using the SRSS method
to obtain a resultant seismic design response.
This response is then added to other applicable
design loads by absolute summation. Other
methods licensed with the NRC include:

* Worst case using absolute summation
combination of one horizontal and vertical, or
the second horizontal and vertical.
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• The component factor method, whereby the
total response is a permutation of X, Y and Z
responses using the following formula:

Rtotal = ± Rx ± 0.4% ± 0.4Rz

For new plants, vertical floor spectra must be
calculated. For re-validation at some of the older
plants, however, the NRC has permitted the peak
ground acceleration in the free field to be used
instead, provided conservative direction
combination techniques were used, such as
absolute summation.

Response Spectrum Method. The Response
Spectrum Method (RSM) is more exact than the
ESM discussed previously. As compared to the
RSM, the ESM has been generally found to be 30%
to 100% more conservative depending on the
sophistication of its application, primarily
because of the use of conservative multimode
factors (equivalent static coefficients),
conservative estimates of lower-bound system
frequency, and conservative representations of
the acceleration response spectra.

The RSM has been mostly used in raceway
applications for re-evaluation situations, when it
was needed to demonstrate acceptability of as-
built raceway configurations. On other
occasions, the RSM has been used in initial
design. The dynamic analysis methodology
follows the same -methodology ustd for nuclear
piping systems, which is accepted by the NRC,
and will not be discussed in detail in this paper.
The reader is refered to [1] for a discussion of
some of the details and variations used.

CVitpria

Elastic Analysis. A wide variety of acceptance
criteria employed at commercial plants exists.
The five load combinations generally applicable
to raceway design described earlier are typically
checked to the following criteria, which are those
prescribed in [12].

£ 1.6S

D + L + To+Eo£l.5S
D + L + TO + ESS1.6S
D + L + Ta + PE + Yj + Ym +

P Y

where S is the normal stress allowable under
operating conditions, i.e., without the customary
one-third increase generally permitted in the
AISC and AISI codes when seismic loads are
considered. The above are often also subject to:
(1) normal stress, i.e., t ha t due to bending,
tension or compression, should not exceed 0.9 Fy
(on some occasions, compressive stresses are
also limited to 0.9 times the Euler buckling
stress); and (2) shear stress should not exceed 0.5
Fy. Numerous variations to be above have been
licensed oveT the years (refer to [1]).

Static Load Ratjng. As opposed to qualification
using the elastic analysis acceptance criteria,
raceways may also be qualified by testing or a
combination of testing and analyses [11].

In cases where tests using the static load rating
approach have been used to determine the
capacity of components, safety factors usually on
the order of 1.5 for dead plus SSE (faulted
conditions) or 3.0 for dead plus OBE (normal
conditions) have been applied to the test ultimate
load to determine the allowable load for each
service level. These factors of safety correspond
to those in the ASME B & PV Code, NF-3262.

Cyclic Load Rating. Components have also been
qualified using a cyclic load rat ing procedure
based on [11]. For the design of new components,
the procedure requires consideration of the
cumulative fatigue damage which would be
caused by five OBE events followed by one SSE
event. Support components are qualified if this
cumulative fatigue usage is less than unity, as
shown below:

"SSE
NSSE

where

nSSE

NSSE

nOBE

NOBE

Number of equivalent peak-to-peak
load or displacement cycles for SSE
taken as ten (10)
Number of allowable load or
displacement cycles for SSE
Number of equivalent peak-to-peak
load or displacement cycles for OBE,
taken as ten (10)
Number of allowable load
displacement cycles for OBE

or
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The values NgSE and NQBE « r e determined
from a safe-life fatigue curve established from
test data based on the ASME B & PV Code Case N-
420 [13] procedure for the development of design
fatigue curves for linear energy absorbing
supports. The safe-life fatigue curve is obtained
by a regression analysis of low-cycle fatigue test
results in accordance with ASTM E739-80 [14].
The cyclic load rating approach has only been
used at more modern plants subsequent to the
large testing programs [4, 5]. A description of the
procedure to qualify cold-formed members and
components is contained in [1].

An illustrative example is shown in Figure 2, in
which the qualification of the Unistrut P1001,
P1000 header, and both Unistrut clips is
performed in one calculation. Only one SSE
event is considered in the illustration, as is
appropriate for USI A-46 qualifications in older
operating plants. For new designs, five OBEs,
plus one SSE (60 cycles total) would be used.

When using this approach, there is high
assurance that the component will survive the
SSE loads. Should significantly larger-than-
SSE loads also be of possible concern, then the
usage factor at the SSE level should be kept below
1.0 for raceways without redundant support.

Rod hangers also lend themselves particularly
well to fatigue qualification criteria, where the
failure mode is low-cycle fatigue resulting from
side-sway. Ductilities of seven to eight have been
observed in rods [4] and earthquake failure
potential only generally OCCUTS foT very short rod
lengths (under 12 inches long). Of course, when
rods have been designed this way, system
interaction effects have also been considered due
to the often considerable side-sway [7],

Manufacturer's Allowables. Manufacturers
catalogs often provide allowable loads for each
service level. However, allowables are
sometimes provided for normal conditions only.
In this case, an allowable increase factor of two
(2) has been applied to the manufacturer
recommended allowable loads to obtain
allowable loads for faulted conditions, i.e.,
conditions including SSE loading. A minimum
factor of safety of at least 1.5 is usually
maintained for faulted condition allowable
loads. Some plants, however, have used more
aggressive acceptance criteria, such as

Cjclit load ratine uftd lo divtlap allowable load UDIti for common
connection detain

Sin|le fitluation quallfici literal component

Etamplc ihom Unlttrul ttilt cup, koltrd bolh tldci lo Unlilrul
header

10 ejelei, I SSE event
•llo».blt rotation. O.IJ radiant
allooablc moment. 26.000 Ib-cn w 10,000 ID-in from
elastic anal>tl»

Conciuilon: Capacit) or connection li 3.1 limci the ctaiticillt
calculated capacity per AISC'AISI code}
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iff
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w
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Figure 2

Evaluation of Cold-Formed
Components Using Fatigue Allowables

manufacturer's allowables multiplied by 2.25 for
Unistrut channel connections or multiplied by
3.0 for Unistrut bolts, provided 90% of the proof
load is not exceeded [S].

EXPERIENCE DATA APPROACH

The raceways evaluation methodology developed
by SQUG for re-evaluation of existing raceways
in older operating plants [2] consists of: ( D a
plant walkdown in which the raceways are
evaluated against a set of walkdown guidelines;
and (2) an analytical check of selected worst-
case supports using a set of limited analytical
review guidelines. Those portions of the raceway
systems which do not pass these screening
guidelines are classified as "outliers" and
should be evaluated separately using alternate
methods. Further details can be found in [2],
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The experience data approach is also permitted
for use in qualification of new raceway systems
in accordance with the guidelines offered in
IEEE 344 [11], Experience data may come from a
variety of sources: (1) Analysis or test data from
previous qualification programs; (2)
Documented data from equipment in facilities
that have experienced earthquakes; or (3) Data
from operating dynamic loading or other
dynamic environments. Depending on the
source and level of documentation available,
various combinations of the above three
approaches are appropriate. The approach taken
by SQUG is based on a combination of experience
data obtained primarily from sources (1) and (2).
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ABSTRACT

This paper presents the development of seismic design criteria in support
of design certification by the Nuclear Regulatory Commission (NRC) of
the ABB-Combustion Engineering's System 30+ Standard Design. The
design certification effort is sponsored by the U.S. Department of Energy
(DOE). The development of the design criteria included: (a) development
of the seismic control motion, (b) development of generic soil profiles for
anticipated sites, (c) generation of in-structure response spectra and
design loads for structures and equipment through soil-structure
interaction (SSI) analyses, and (d) acceptance criteria for future
construction sites.

INTRODUCTION

The ABB Combustion Engineering System
80+ Standard Design is a standardized
design based on proven technology to give the
certainty and confidence for a safe, reliable
and economical energy option. It has evolved
from a proven ABB Combustion Engineering
standard design, the System 80, and it has
been expanded to encompass the complete

plant. The System 80+ is described in the
licensing document CESSAR-DC [1]. The
design is currently being reviewed by the
NRC under the new Standardization Rule
10CFR52 and is expected to be certified and
licensed as a standard design for use in U.S.
nuclear plants.

The seismic design of the System 80+
structures and equipment is based on design
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criteria that are described in this paper. An
overview of the criteria related to the basic
seismic parameters and methodologies is
presented, i.e, the earthquake ground motion,
the soil profiles, the seismic analysis
methodology, and the site acceptance criteria.

DESCRIPTION OF THE SYSTEM 80+
POWER GENERATION COMPLEX

The System 80+ Power Generation Complex
(PGC) consists of the Reactor Building (RB),
Control Building, Fuel Building,
CVCS/Maintenance Area and Diesel
Generator Areas (Figure 1). The Power
Generation Complex is founded on a common
embedded basemat.

The RB is located in the center of the PGC and
is founded on a ten foot concrete basemat. All
PGC structures are embedded 52 ft. in the soil.
For reference purposes, the bottom of the
basemat is located at elevation +40 ft. Ground
elevation is at +91 ft. 9 in.

The RB is a reinforced concrete structure
which is 220 ft. in diameter (at basemat
elevation) and 52 ft. embedded in the soil.
The embedment depth is a standard feature of
the System 80+ RB design. The RB consists of
three primary substructures: the Internal
Structure (IS) , which houses the Reactor
Vessel; the Steel Containment Vessel (SCV);
and the Shield Building (SB). The SB is
monolithically connected to the IS at elevation
+115 ft. Above elevation +115 ft. it is free-
standing and is not connected to any other
substructure. The lower part of the SCV is
embedded in the concrete walls of the IS.
Above elevation +91 ft. it is also free standing
similar to the SB.

EARTHQUAKE GROUND MOTION

The earthquake ground motion of the System
80+ Standard Design was developed to
represent the ground motion at a rock outcrop.
A Safe Shutdown Earthquake (SSE) excitation
of 0.30 g and an Operating Basis Earthquake
(OBE) of 0.10 g horizontal peak ground
accelerations at rock outcrop were utilized.
The smooth spectrum representing the control
motion in the free field at a rock outcrop was
developed based on spectral shapes for

earthquake ground motions considered
appropriate for Eastern North America and
those on NUREG-Q098 [2], The selected
horizontal smooth spectrum and the other
spectra considered in developing this
spectrum are shown in Figure 2. The spectral
ordinates were kept equal to those obtained
using NUREG-0098 for frequencies lower
than about 4 Hz. For higher frequencies, the
selected ordinates are significantly greater
than those obtained using the NUREG-0098.
The shape estimated for Eastern North
America influenced this adjustment to these
values and the use of the smooth spectrum
selected for the System 80+ seismic design
criteria.

The two horizontal components were
considered to have identical spectra and the
vertical was considered to be equal to 2/3 of the
horizontal spectrum at all frequencies. For
the seismic analyses, statistically
independent synthetic time histories were
generated for each component. The spectrum
corresponding to each synthetic time history
conservatively envelops the selected smooth
spectrum.

The same spectral shape and time histories
(normalized to 0.1 g) were used for the OBE
analyses.

SOIL PROFILES

A standard plant design must be based on a
sequence of analyses that cover a broad range
of sites that the plant might be built on. Each
site has unique seismic response
characteristics. Therefore, the investigation
and selection of multiple generic sites should
account for the likelihood of resonance
between the building structures and the site
soil strata. The sites selected for the SSI
analyses have free-field amplifications that
cover a broad range of frequencies with which
fundamental structural frequencies may
coincide. Hence, the envelope of the results
provide the maximum seismic response to the
SSE and OBE rock outcrop motions when the
RB is founded on soil sites that are bounded by
the selected soil profiles.

Generic soil sites were selected by first
choosing four generic site categories [3].
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These categories were chosen to represent
appropriate total thickness of soil overlying
bedrock. The four categories are shown
schematically in Figure 3. Site Category A
consists of 52 feet of soil overlying bedrock.
The soils :'n Category B extend to a depth of 100
feet and those in Categories C and D extend to
depths of 200 and 300 feet, respectively.

One case was elected for Category A and one
case for Category D; these were designated
Case A-l and Case D-l. Four cases were
initially selected for site Category B; these
were designated Cases B-l, B-2, B-3 and B-4.
Three cases were initially selected for site
Category C; these were designated Cases C-l,
C-2 and C-3. Upon examination of the results
of the response analyses for these cases, three
additional cases were added. The additional
cases were designated Cases B-1.5, B-3.5 and
C-l.5. The latter cases were selected to
properly and conservatively cover the
response at frequencies that did not seem to be
adequately covered by the other analysis
cases. The variations with maximum shear
wave velocities with depth assigned for each
case are summarized in Figure 3. The shear
wave velocity distribution with depth was
selected to provide a reasonably wide range
and also to provide significant contrast in
velocities at certain depths for a selected
number of cases.

STRUCTURAL MODEL OF THE POWER
GENERATION COMPLEX

The modeling approach that was used for the
KB structural model consists of developing 3-
D finite element models (FEM) of the IS and
the SB and, based on the FEM models, develop
equivalent 3-D lumped parameter stick
models. The stick models were then used in
the SSI analyses. This approach was used for
the IS and the SB. Furthermore, for the IS, two
stick models were created: one for horizontal
analyses and one for vertical analyses. The
only difference between these models is the
location of the center of rigidity at each floor,
which is different when lateral loads or
vertical loads are applied. Because of its
slenderness, the SCV has significant
"membrane-type" action when it vibrates,
and it was explicitly modeled with shell
elements. The Nuclear Steam Supply System

(NSSS) model consists of an assembly of
beam elements and lumped masses and is
connected to the IS. The development of the 3-
D FEM for the IS and SB and the procedure
used to develop equivalent stick model
properties is described in [4],

The final configuration of the adjacent
structures was not completed at the time of the
SSI analyses of the RB. However, in order to
capture secondary effects from structure-to-
structure interaction between the RB and its
adjacent annex buildings, in the SSI
analyses, the annex structures were modeled
using approximate two-node/single element
lumped parameter models. Mass and
stiffness properties for these models were
selected based on past experience with similar
structures [5].

The RB model was constructed by connecting
the stick models of the IS, the SB, the NSSS and
the FEM of the SCV, as shown in Figure 4.
The IS and SB stick models are essentially
co-axial (except for floor eccentricities in the
IS). Since the IS and the SB are
monolithically constructed, the stick models
of these structures ware connected with a rigid
link at elevation +115 ft. The SCV was also
connected to the IS with rigid links at
elevation +91 ft. The NSSS model was
connected to the IS at several elevations using
appropriate links whose properties depended
on the flexibility of the connection. Also
shown in Figure 4 are the stick models of the
adjacent annex structures, which were not
connected to each other or the RB.

For the purpose of generating floor spectra, the
foundation of the RB and the foundation of the
adjacent structures were modeled as rigid.

SEISMIC ANALYSES

Two different types of analysis methodologies
were used for the seismic analyses. For the
fixed-base cases, modal superposition time
history analyses were performed using the
rock outcrop motions as control motions. For
the SSI cases, the methodology of the computer
code SASSI [3] was used, which includes
effects from soil-structure interaction and
structure-to-structure interaction from
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adjacent buildings. These methodologies are
discussed in more detail below.

Fixed-Base Analysis

The fixed-base analyses (SSE and OBE) were
performed using computer program EDSGAP
(a SAP derivative). A modal superposition
time history approach was used in the
analyses. All modes up to 78 Hz were
included, with corresponding cumulative
mass participation of 9996 in the horizontal
directions and 91% in the vertical direction.
The base node (Elevation +50 it.) of the RB's
IS was fixed in all six degrees-of-freedom
(three translational and three rotational).

The acceleration time histories applied at the
base of the BB correspond to the rock outcrop
motions. Simultaneous application of the
three time histories was performed. Each
time history contained 6000 acceleration
values at a time step of 0.005 sec. The time
history analyses were carried out at a time
step of 0.0025 sec.

Response acceleration time histories at
selected nodes were calculated as the
algebraic sum of the individual response time
histories due to input in each direction.

Soil-Structure Interaction Analysis

For the RB SSI analyses, the methodology of
the computer program SASSI was used. SASSI
(S_ystem for Analysis of S_oil-£.tructure
Interaction, [6]) is the most versatile tool
currently available for SSI industry practice.
The SASSI program uses a general
substructuring method, which is formulated
in the frequency domain using the complex
response method and the finite element
technique. In a substructuring method, the
soil strata and halfspace are analyzed first,
in the frequency domain, and the impedance
and scattering properties at the soil-structure
interface are established. Subsequently, these
properties are used as boundary conditions in
a dynamic analysis of the structure with a
loading that depends on the free-field
motions.

According to the SASSI formulation, the
solution of the SSI problem reduces to three
steps:

• Solution of the site response problem
to determine the free-field motions
within the embedded part of the
structure.

• Solution of the impedance and
scattering problem.

• Solution of the structural problem.
This involves forming the complex
stiffness matrices and load vector
and solving the equations of motion
for the final displacements.

The site model consisted of horizontal soil
layers overlying a rigid base. All material
properties were visco-elastic. The stiffness
properties of each layer consisted of shear
modulus and Poisson's ratio. The damping
properties of each layer consisted of material
damping ratios associated with shear waves
(S-waves) and compression waves (P-waves).
Stiffness and damping were compatible with
the strains induced in the soil by the
earthquake excitation. In the horizontal
analyses, the seismic excitation was in the
form of vertically propagating S-waves. In
the vertical analyses, the seimic excitation
was in the form of vertically propagating P-
waves. The control motion was specified at
the free-field ground surface and included the
site amplification effects for each particular
site. The results of the solution of the site
response problem were used to obtain the
frequency-dependent impedance and
scattering functions .

Because of the size and shape of the RB
foundation, an axisymmetric approach was
used to obtain the foundation impedances and
scattering matrices. This was accomplished
using the axisymmet/ic analysis capabilities
of SASSI.

The stiffness and mass matrices for the
axisymmetric soil-foundation system were
first produced using an axisymmetric 4-node
solid finite element mesh, as shown in Figure
4. The model consisted of axisymmetric solid
elements with appropriate material properties
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connected to semi-infinite layered zones
which were represented by axisymmetric
transmitting boundaries. Depth of soil to
bedrock varied according to the case
analyzed.

The stiffness and mass information were
used to generate the impedance matrix and
the scattering properties corresponding to P-
wave in vertical direction, S-wave in one
horizontal direction, and S-wave in the
orthogonal horizontal direction. Since the
foundations were rigid, the impedances and
scattering properties were computed
corresponding to 6 degrees-of-freedom
(DOFs): two horizontal translations, one
vertical translation, two rocking rotations,
and one torsional rotation. The scattering
matrix was a complex matrix accounting for
the variation in motion due to the embedment,
size and shape of the foundation, and the
properties of the soil layers.

The solution of the combined system (soil,
foundation ai,vd superstructures) were
subsequently performed to generate
frequency-dependent transfer functions for
every node in the superstructure models.

The transfer functions were subsequently
multiplied by the Fourier Transform of the
control motion (in this case the free-field
surface motion) to obtain the Fourier
Transforms of the response acceleration time
histories of all nodal points. Using an
Inverse Fourier Transform technique,
response acceleration time histories were
obtained in the time domain.

The time histories of the input control motions
and the output (response) consisted of 4096
acceleration values at a time step of 0.005 sec.

Analysis Cases

The SSI analyses were performed for both SSE
and OBE. For the SSE, SSI analyses were
performed using nine generic soil profiles out
of the twelve generic sites developed for the
System 80+. Those nine profiles were: B-l, B-
1.5, B-2, B-3.5, B-4, C-l, C-1.5, C-2 and C-3. By
inspecting the soil response results, it was
found that the remaining three generic soil
cases (A-l, B-3 and D-l) were enveloped by the

nine cases selected for the SSI analyses, and
they were not analyzed. To expedite the
generation of OBE design spectra, two SSI
analyses and a fixed-base analysis were
performed and based on the ratio of the
structural response between the three OBE
analyses and the corresponding SSE
analyses, generic scaling factors are derived
to scale all SSE in-structure response spectra
and develop OBE spectra. The OBE SSI cases
were selected based on the critical SSE
results.

All analyses were three-dimensional with
input excitation provided in three directions
simultaneously. The generic soil sites
differed from each other with respect to soil
properties and depth of soil over bedrock. As
shown in Figure 3, the selected cases for SSI
analysis included five cases with deptih of soil
to bedrock of 100 ft. and four cases with soil
depth to bedrock of 200 ft. The embedment
depth of the RB was the same (52 ft.) in all
cases.

The response acceleration time histories from
the fixed-base and SSI analyses were used to
compute in-structure response spectra for 2
and 5% damping. For design purposes, the
response spectra were broadened by ±15% and
smoothened, according to Reg. Guide 1.122.

ACCEPTANCE CRITERIA

Acceptance criteria for future construction
sites were established. The acceptance
criteria aim at minimizing additional
analysis tasks required in order to
demonstrate the adequacy of a selected site.
The acceptance criteria were divided in two
categories: those related to the seimic rock
outcrop motion, and those that are related to
the soil characteristics. The fundamental
acceptance citerion for the ground motion is
that the potential construction site for the
System 80+ should be related to a site-specific
rock outcrop spectrum that is enveloped by the
spectrum in Figure 2 at all frequencies. The
fundamental criterion for the soil profile of
the potential site is that the soil properties
should be bounded by the lower bound soil
properties considered in the analyses
described herein.
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ABSTRACT

This report documents the strategy employed to develop recommended
wind/tornado hazard design guidelines for a New Production Reactor (NPR)
currently planned for either the Idaho National Engineering Laboratory
(INEL) or the Savannah River (SR) site. The Wind/Tornado Working Group
(WTWG), comprising six nationally recognized experts in structural
engineering, wind engineering, and meteorology, formulated an independent
set of guidelines based on site-specific wind/tornado hazard curves and state-
of-the-art tornado missile technology. The basic philosophy was to select
realistic wind and missile load specifications, and to meet performance goals
by applying conservative structural response evaluation and acceptance
criteria. Simplified probabilistic risk analyses (PRAs) for wind speeds and
missile impact were performed to estimate annual damage risk frequencies for
both the INEL and SR sites. These PRAs indicate that the guidelines will
lead to facilities that meet the VS. Department of Energy (DOE) design
requirements and that the Nuclear Regulatory Commission guidelines
adopted by the DOE for design are adequate to meet NFR safety goals.

This work was performed under the auspices of the U.S. Department of Energy by the Lawrence Livermore
National Laboratory under contract W-7405-Eng-48.
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INTRODUCTION

A new production reactor (NPR) is currently
planned for the Idaho National Engineering
Laboratory (INEL) or the Savannah River (SR) site.
The U.S. Department of Energy (DOE) has
established specific requirements for the design of
structures, systems, and components (SSCs) of NPR
facilities for resisting all types of internal and
external natural hazard events. The DOE Office of
New Production Reactors has decided to adopt the
wind/tornado design guidelines established by the
Nuclear Regulatory Commission (NRC) for
commercial nuclear power plants. However, the
DOE-NPR office also commissioned Lawrence
Livermore National Laboratory (LLNL) to perform
this subject study to demonstrate the conservatism of
NRC guidelines and for potential application of
appropriate alternative criteria in cases where
wind/tornado considerations control the design.

The Wind/Tornado Working Group
(WTVVG) at LLNL comprised six experts
knowledgeable in the fields of structural
engineering, wind/tornado engineering, and
meteorology. They researched NPR facility design
regarding the ability to withstand loading induced
by wind/tornado hazards, utilizing the best
technical knowledge and engineering judgement.

The WTWG reviewed the available
wind/tornado hazard models for the specific sites,
state-of-the-art tornado missile technology,
structural response evaluation methods, and the
acceptance criteria. Their work resulted in proposed
design guideline? that have a high probability of
achieving the desired safety goals. This report
documents strategies employed to develop these
guidelines.

DESIGN REQUIREMENTS

Public safety, worker safety, and
environmental protection are among the primary
considerations of the NPR design. The DOE design
requirements document serves as the basis for design
of the facilities. Contractors may propose methods
which offer improvements over specified
requirements, but are required to demonstrate the
validity of resulting improvements.

The NPR wind/tornado design requirements
are summarized below.

1. The design of NPR facilities shall meet the
following annual safety goals for probable
frequencies of occurrence:

A. 5 x 10'7 /yr for an early fatality to an
average individual assumed to be located
within one mile of the reactor facility
control perimeter.

B. 2 x lO"6/)* for a long-term fatality to plant
workers or a member of the general public
located within 10 miles of the reactor
facility, but outside of the control
perimeter.

C. 1 x lC"Vyr for a large release of radioactive
materials from a reactor accident.

D. J x ltfS/yr for plant damage.

2. Contractors shall incorporate knowledge and
experience in nuclew reactor design accumulated
over many years.

3. Contractors shall make use of past regulatory
compliance in commercial reactor design or
demonstrate improvement over regulatory
provisions.

The design requirements document stated that
external events shall be addressed pro-actively in
the design process in the context of the large-release
goal. Demonstrating achievement of the large-
release goal requires additional consideration of
containment failure modes: direct, bypass, and
penetration failures. It is more realistic to
demonstrate achievement of the plant damage goal
as an interim step, by wind/tornado risk assessment
The WTWG expects that the mean large release
risk frequency will be at least an order of magnitude
lower than the meun plant damage risk frequency,
because it is unlikely that wind and missile effects
will significantly contribute to breaching
containment. Therefore, achieving the plant
damage goal is believed to ensure achievement of
the large release goal.

DESIGN GUIDELINES DEVELOPMENT
STRATEGY AND TECHNICAL SUPPORTING

BASES

To ensure the safety of the plants, DOE-NPR
requires that facility designs meet stringent safety
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goals, incorporate reactor experience, and comply
with regulatory requirements. An effective
approach to satisfy these requirements is to employ
a panel of experts with proven technical knowledge,
experience, and judgment resulting from years of
research and service in this area. Thus, the WTWG
was established to review existing wind/tornado
design criteria and propose updated guidelines. The
group consists of six nationally recognized technical
experts, briefly profiled below.

Dr. Robert F. Abbey, Jr. is a well-known
meteorologist currently serving as the Director of
Marine Meteorology Research, Office of Naval
Research. He specializes in probabilistic and
statistical analyses of the occurrence of natural
phenomena.

Dr. W. Lynn Beason is Associate Professor of Civil
Engineering at Texas A&M University. His
expertise is in windborne missile research, tornado
risk analysis, and structural design.

Dr. T. Theodore Fujita is a world-known tornado
assessment expert. Dr. Fujita developed the Fujita-
scale (F-scale) for estimating the relative intensity
of tornadoes, and the DAPPLE method for
estimating the probability of tornado occurrence.

Dr. Dale C. Perry, Chairman of the WTWG, heads
the Department of Construction Science at Texas
A&M University. His expertise is in structural
design and wind engineering. He has over twenty
years of experience in post-disaster investigations.

Dr. John W. Reed, is an Associate at Jack R.
Benjamin & Associates, Inc. in Califomia. He has 25
years of experience in nuclear reactor design and
probabilistic risk assessment (PRA) for seismic and
wind hazards. Dr. Reed performed the preliminary
wind speed PRA for this Project.

Dr. Lawrence A. Twisdale, Jr. is Senior Vice
President of Applied Research Associates Inc.,
Southeast Division in North Carolina. He
specializes in tornado missile simulation and design
methodology for tornado hazard assessment. Dr.
Twisdale performed the preliminary missile
criteria PRA for this Project.

Dr. James McDonald is a professor and
researcher at Texas Tech University. He specializes
in wind hazard assessment and missile impact
research. Dr. McDonald is a member of the Senior

External Events Review Group (SEERG) for the NPR
project. He provides guidance to the WTWG, and
reviews reports produced by the group.

Shortly after formation of the WTWG and
prior to their first meeting, the existing
wind/tornado hazard assessment reports, Nuclear
Regulatory Commission (NRC) provisions, design
standards, and other references available for the
site of interest, were distributed to the WTWG. The
methodologies and data utilized in existing
regional and site-specific hazard assessments were
compared and discussed by the WTWG in a series of
meetings. Then, using their cumulative technical
knowledge and judgment in the wind/tornado field,
the WTWG planned the development of
wind/tornado design guidelines.

The six basic goals of the WTWG strategy are
summarized below.

1. To build in a factor of conservatism by reducing
wind/tornado goals to 1 /10 of total project goals.

2. To specify design wind load specifications based
on site-specific hazard frequency curves.

3. To specify design missile load specifications
based on DOE guidelines and the EPRINP-2005
report.

4. To define conservative structural response
evaluation and acceptance criteria to
substantiate the design guidelines.

5. To assure the conformance of design guidelines
with safety goals by performing preliminary
probabilistic risk assessments (PRAs).

6. To make use of nuclear industry standards, NRC
provisions, and national codes and standards as
benchmarks and references.

Plant design guidelines were developed for
structures, systems, and components required to bring
a plant to a safe shutdown and maintain this
condition following a wind or tornado event.
Guidelines were developed fur production-related
SSCs to maintain an annual plant capacity factor of
at least 75% in a sustained, highly reliable manner,
over any rolling five-rear period following a wind
or tornado event. Ordinary (low hazard) SSCs must
satisfy only UCRL-15910 wind/tornado design
guidelines.
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DEVELOPING WIND LOAD SPECIFICATIONS
BASED ON SHE-SPECIFIC HAZARD
FREQUENCY CURVES

In the 1970s, the NRC divided the U.S. into
three geographical regions, and recommended
Design Basis Tornado (DBT) wind speeds for each
region in NRC R.G. 1.76 M. These DBT wind speeds
arc believed to be broadly conservative, due to
coarse assumptions and to problems with the
regional data sets employed.

More recently, the NRR position paper [2]
divided the US. into tow regions and recommended
DBT wind speeds based on regional analyses.
Recommendations based on regional analyses cannot
provide a realistic portrayal of the risk associated
with specific sites within the region.

In 1979, two leading wind engineering experts,
Drs. Fujita and McDonald, performed independent
site-specific wind/tornado hazard assessments for
26 DOE facilities. Both NPR sites were among
them. These analyses utilized advanced
methodologies. Two of the most important
improvements involved the use of wind speed
gradations, both across the width and along the
length of tornado damage paths. In addition,
techniques were introduced to allow adjustments to
be made to tornado data sets to account for
unreported tornado events. Based on these hazard
assessment results, the DOE-UCRL-15910 report 13]
provided design and evaluation guidelines for
hazard frequencies up to 2 x 10*Vyr>

In 1985, a third site-specific hazard
assessment for the SR site was performed by Dr.
Twisdale. This analysis used computerized
simulation techniques to estimate hazard
probabilities, and accounted for building size
effects.

In summary, wind assessment technology has
evolved from broadly conservative regional
analyses to realistic site-specific assessments. In
this process, coarse assumptions have been refined
by application of accumulated knowledge related to
tornado hazard assessment. In addition, during the
years since the introduction of NRC R.G. 1.76, more
complete tornado occurrence data have been
recorded, thus allowing more accurate assessments.
The resulting site-specific analyses yielded
improvements over earlier regional analyses.
Therefore, the WTWG opted to incorporate site-

spedftc hazard curves in the design guideline
development. Figures 1 and 2 depict composite
hazard curve plots for the SR and 1NEL sites,
respectively.
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The proposed design guidance presented in
this report represents a major improvement over
NRC provisions. The suitability of these proposed
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design guidelines for NPR design and/or assessment
was confirmed by preliminary probabilistic risk
assessments (PRA), described later in this report.

It must be noted that in wind hazard
assessment, limitations of tornado intensity and
occurrence data, F-scale wind speed assumptions,
and processes incorporated in the hazard models
result in assessment uncertainties.

With the combined judgment of the hazard
and risk assessments analysts, the following major
factors were taken into account in wind speeds
selection:

1. Conservatism embedded in assessment
methodologies.

2. Uncertainties identified in the assessment.

3. Site-specific wind speeds in geographical areas
of interest.

4. Site-specific wind speeds required to achieve
risk frequency goals.

5. Wind speeds acceptable by the consensus of
WTWG members.

After careful study of hazard frequency curves
and examination of preliminary risk calculations,
the WTWG selected wind speeds through an
iterative process. These are presented in Table 1 for
both NPR sites, with their corresponding
probabilities of occurrence and risk frequencies.
Table 2 provides tornado characteristics for the SR
site.

A preliminary risk analysis on the production
event indicates that straight wind controls the SR
site design. Straight wind also controls plant
damage and production events for the INEL site.

DEVELOPING MISSILE LOAD SPECIFICATIONS
BASED ON DOE GUIDELINES AND THE EPRI
TORNADO MISSILE SIMULATION REPORT

Standard Review Plan (SRP), NUREG-0800
[4], recommends a conservative spectrum of tornado-
generated missiles and corresponding velocity
fractions. No regional distinctions are made
regarding SRP missile types and sizes. However,
missile impact velocities vary based on regional
DBT wind speeds. DOE-UCRL-15910 also
recommends missile spectra for various categories of

Tablet. Proponed wind speeds and contiponding
hazard and risk frequencies

For the Savannah River site:

Wind Speed Prob. of Occur

180 mph 3X10"6

130 mph 2X10-4

For the INEL site:

Wind Speed Prob. of Occur.

125 mph 2xlO*7

100 mph 2xlO*5

Risk Freq.

lxlO"6

5xlO'5

Risk Freq.

lxlO'7

SxlO"6

Table 2. Proposed Tornado Characteristics for
Savannah River Site

Tornado fastest-mile wind speed 180 mph

Rotational Speed 130 mph

Translational speed (min - max) 5-50 mph

Radius of maximum rotational speed 175 feet

Pressure drop 92 psf

Pressure drop rate 38 psf/sec

facilities, based in part on results of missile research
performed at Texas Tech University. However,
missile spectra were developed only for hazard
frequencies to 2 x 10~5/yr.

The Electric Power Research Institute (EPRI)
sponsored development of a probabilistic tornado
missile risk methodology for assessing potential
tornado missile hazards to nuclear power plants.
Results of this effort are presented in the EPRI NP-
2005 report [5). Missile impact velocities were
estimated based on computer simulations of
potential missile populations at nuclear power
plants, and on computer generated missile
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trajectories. The velocity fractions for steel pipes
generated by EPRI are slightly larger than SRP
velocity fractions.

In summary, state-of-the-art missile
simulation technology incorporating relevant
databases and newly developed experimental
results, is an improvement over technology used for
NRC missile impact estimates in the 1970s. In the
judgment of the WTWG, the recommended missile
spectrum and maximum impact velocities guidelines
should be formulated by modification of DOE
UCRL-15910 guidelines. The modification consists of
incorporating additional missiles and extrapolating
from EPRI tornado missile simulation results.

After evaluating the SRP provisions, EPRI
missile simulation results, and DOE-UCRL-15910
missile spectra, the WTWG formulated proposed
missile guidelines based on the following:

1. Selection of missile types observed in past
tornado damage investigations.

2. Modification of DOE-UCRL-15910 to extend the
hazard frequency from 2 x 10^/yr to 1 x 10"*/yr.

3. Extrapolation of the EPRI tornado missile
simulation results.

As a result of this effort, the WTWG added an
8 in. diameter steel pipe to the DOE UCRL-15910
missile spectrum to extend the hazard frequency to
1 x 10~*Yyr. The horizontal impact velocity for the
8 in. steel pipe was obtained by extrapolating EPRI
results for a 6 in. diameter steel pipe at the 90th
percentile. This extrapolation included conversion
from a maximum velocity of 300 mph to 200 mph.
The vertical impact velocity was set at 2/3 of the
horizontal impact velocity by the WTWG. Tables 3
and 4 present spectra of potential missiles with
recommended impact velocities and corresponding
effective heights for the SR and INEL sites,
respectively.

STRUCTURAL RESPONSE EVALUATION AND
ACCEPTANCE LEVELS

The WTWG incorporated conservative
structural response evaluation methods and
acceptance levels in the proposed guidelines as
follows:

1. Accounted for the fact that the critical facility
is a high hazard facility by increasing the
importance factor to 1.35.

2. Used exposure C for tornado controlled designs
by assuming that the facilities are located in
open terrain with obstruction heights generally
less than 30 feet. This assumption accounts for
uncertainties in the characteristics of tornadoes.

3. Accounted for variability in structural
resistance properties by using a load factor of 13
on design wind pressures.

4. Selected the velocity pressure exposure
coefficient and the gust factor corresponding to
the height of structures for both tornado- and
straight-wind-controlled designs.

5. Accounted for uncertainty in missile impacts by
making the 20% increase in calculated barrier
thickness recommended in A d 34945.

6. Did not apply the load factor of 1.3 to missile
loads, since a conservative missile spectrum and
maximum tornado-generated impact velocities
were selected for barrier design.

ASSURING CONFORMANCE OF DESIGN
GUIDELINES BY PERFORMING PRELIMINARY
PROBABILISTIC RISK ASSESSMENT

Probabilistic risk assessments (PRAs) were
performed to estimate annual damage risk
frequencies for NPR facilities on the basis of the
recommended design guidelines. These wind damage
risk frequencies are measures of achievement of the
NPR goals. Independent preliminary PRAs were
performed to evaluate both wind speed and missile
impact.

Preliminary PRAs were performed during the
conceptual design stage; hence, component and plant
details were not available. More refined PRAs need
to be undertaken in the preliminary and final design
stages. The results reported for this study must be
considered preliminary, due to the following
simplifications built into the analyses.

For wind speed risk analyses:

1. Results from previous PRAs were used to make
approximate estimates of the expected damage
frequencies.
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Table 3. Proposed Windbome Missile* Criteria for Savannah River Site

MISSILE

2X4 timber plank
12 ft. long, 151b.

3*0 standard steel pipe,
10 ft. long, 751b.

8"0 standard steel pipe,
15 ft. long, 4301b.

Automobile, 30001b.

MISSILE CRITERIA

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Rolls/tumbles along ground (mph)
Effective height (ft)
Vertical impact speed (mph)

SAFETY

150
200
100

120
150
80

100
75
70

35
30
20

PRODUCTION

115
200
75

90
150
60

75
30
50

25
30
15

Notes: 1. Horizontal and vertical missile speeds are uncoupled and should not be combined.
2. Specific missiles represent a class of debris.
3. Effective heights are elevations above ground level.

Tablet. FropoiedWtadbome Missiles Criteria for INEL Site

MISSILE

2 X 4 timber plank
12 ft. long, 15 Ib.

3"0 standard steel pipe,
10 ft long, 75 Ib.

8*0 standard steel pipe,
15 ft. long, 4301b.

Automobile, 30001b.

MISSILE CRITERIA

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Horizontal impact speed (mph)
Effective height (ft)
Vertical impact speed (mph)

Rolls/tumbles along ground (mph)
Effective height (ft)
Vertical impact speed (mph)

SAFETY

115
200
75

90
150
60

75
30
50

25
30
15

PRODUCTION

75
150
50

60
150
40

;

-

Notes: 1. Horizontal and vertical missile speeds are uncoupled and should not be combined.
2. Specific missiles represent a class of debris.
3. Effective heights are elevations above ground level.
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2. Preliminary mean damage frequencies,
representing damage within the 60 to 90 percent
probability range, were used.

3. Mean damage fragility curves were inferred
based on rules and procedures used in typical
plant design processes, A more rigorous analysis
would include performing detailed fragility
analyses for every component, and combining the
resulting mean component fragility curves
through Boolean logic.

For missile criteria risk analyses:

1. Evaluation of damage was limited to exterior
barriers for plant damage and production events.

2. Estimation of impact probabilities for
vulnerable areas, such as doorways and vent
openings, was not included in the analysis.

3. Failures of plant stacks due to high winds were
not considered.

4. Missile generation contributions resulting from
collapse and/or failure of tall structures were
not included.

5. Non-linear relationships between numbers of
missiles, wind speed, facility layout, and
damage probabilities were not considered.

For plant damage events, reinforced concrete
barriers were assumed to be damaged if the barriers
suffered backface scabbing or worse from any single
missile impact. As a first approximation, it was
assumed that these minimum barrier thicknesses
controlled plant design.

The sum of scabbing damage risk frequencies
for minimum design requirements is 1.1 x 10"fyyr.
This value is slightly higher than the plant
damage goal of 1 x Wtyyr. However, this damage
criteria is very conservative, because even if
backface scabbing occurs, a plant damage event is not
very likely to occur. The WTWG believes that the
plant damage risk frequency is at least one to two
orders of magnitude less than the scabbing damage
risk frequency, and that therefore the recommended
missile criteria meet the plant damage goal by a
significant margin.

At an impact velocity of 35 mph (the plant
damage design guideline), the exceedance
probability for automobile impact is 3.7 x 10*7/yr.
Thus, automobile results meet the plant damage
performance goal.

PROPOSED GUIDELINES FOR NPR DESIGN

Separate wind and missile load specifications
were proposed for NPR safety-related and
production-related SSCs to meet corresponding plant
damage and production requirements. The
recommended response evaluation method and
acceptance levels are similar for both safety-
related and production-related SSCs. It is suggested
that guidelines for other NPR SSCs which are not
required to meet safety and production assurance
requirements should be taken from guidelines
provided by DOE UCRL-15910 for important or low-
hazard facilities.

It is assumed that tornados and straight winds
can occur from any direction. Hence the wind
direction which causes the most critical situation
shall control the design. Wind pressure* induced by
the winds shall be properly identified and
computed for all wind-resitting structural
components. The penetrating type missile* shall be
designed assuming that local structural response
controls the design. The missile load associated
with an automobile shall be treated as an impulsive
force applied to the entire structure.

PROPOSED DESIGN LOAD CALCULATION
METHODOLOGY

Equivalent static wind pressures and forces
shall be determined from recommended design load
specifications for unenclosed main wind-force
resisting systems, individual structural components,
and cladding of buildings and other structures,
following provisions of ASCE 7-88. Equation 1 gives
the velocity pressure for a given basic fastest-mile
tornado and straight wind speed at an elevation of
33 ft above ground.

qz « 0.00256 KZ(IV33)2 (1)

where:

velocity pressure from tornado or straight
wind

velocity pressure exposure coefficient
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V33 * recommended fastest-mile wind speed
(mph)

I importance factor; taken to be 1.35

Note that, for tornado controlled designs, the
velocity pressure exposure coefficient (Kz), as well
as gust response factors and/or internal pressure
coefficients, shall be selected typical of exposure C,
regardless of the actual exposure specification. All
coefficients shall be selected according to the
facility's true exposure category specification if the
design is controlled by straight winds. In addition,
the combination of internal and external pressures on
the exterior wall shall be checked to determine the
maximum pressure load.

The atmospheric pressure change (AFC) load
shall be considered for all sealed buildings designed
to resist the effects of tornadoes. The net effect of
APC is a positive pressure, Wp, inside the building.
This pressure is considered to act outwardly on
exterior walls.

Differential pressures can be generated on
interior walls and ventilation systems of partially
vented buildings that are subjected to the tornado-
induced APC. Therefore, the interior walls and
ventilation systems shall be designed for a minimum
pressure of 5 psf. A lower pressure can be used
provided it is justified through a rational analysis.

Roofs and walls of safety-related and
production-related SSCs shall provide adequate
protection to prevent perforation and scabbing.
Scabbing of concrete could generate airborne missiles
within a building that could damage equipment and
piping systems attached to or residing near walls.
When fragile equipment and small piping systems
sensitive to scabbing damage are near walls and
roofs, protection is required.

As provided in Tables 3 and 4, the angle of
incidence of an impacting missile shall be assumed
to be normal to the targeted plane with the
longitudinal axis of the missile parallel to the line
of flight, so that the area of contact between the
missile and the targeted plane is minimized, and
local impact force is maximized. The barrier
thicknesses shall be calculated using equations 3
through 9 in the later subsection discussing local
structural response evaluations.

Doors and other openings in the building
envelope shall be protected from missile impacts by
barriers to prevent perforation and scabbing, if the
striking probability is greater than 1 x 10*5/yr. If it
can be shown through rational calculations that the
annual probability of a missile striking an opening
in a structure is less than 1 x 10"5/yr, barriers are not
required.

Unless a more rigorous procedure is employed,
the following procedure shall be used to design
barriers for overall damage caused by rolling and
tumbling automobiles. In applying the impulse
momentum procedure, barriers shall be designed
assuming that the impact force, F, between an
automobile and a barrier is constant over a 0.05 sec.
interval, and that the barrier is perfectly rigid. The
impact force is then given by equation 2.

where:

P
W a =
V *

0.624 Wa V

Force (lbs)
weight of automobile (lbs)
impact speed (fps)

(2)

The resulting load, F, shall be treated as a
dynamic load with a 0.05 sec. duration. This
impulse load shall be combined with the total wind
pressure load as indicated by equations 13 through
21 in a later paragraph discussing load combination.

STRUCTURAL ELEMENTS CAPACITY
EVALUATION

Design wind loads specified for NPR SSCs,
shall be imposed on the structural elements. Walls
and roofs shall be designed to withstand the total
load created by external and internal pressures, to
achieve adequate overall design margins to satisfy
the probabilistic risk assessment requirements for
the entire plant. Barriers shall be designed to
protect openings from local and overall damage. The
capacity of these elements shall be obtained from
the national codes and standards given below:

1. ACI/ASCE 531 for masonry structures with a
capacity factor to increase the working strength
to ultimate strength.

2. ACI 349-85 and ACI 318-89 specifications for
concrete structures (ultimate strength design).
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3. AISC Allowable stress design and plastic design
specifications for structural steel buildings -
chapter N for plastic design.

4. ASMS service Levels D or C for ASME
components (level D for safety-related SSCs and
level C for production-related SSCs).

Reinforced concrete walls and roofs shall be
protected from perforation and scabbing where
equipment and piping systems in the immediate
vicinity are sensitive to scabbing damage.
Penetration thickness (used to calculate perforation
and scabbing thicknesses), is calculated using
equations 3,4, and 5.

A «IK N (W / Do) (V / 1000 Do) 1 *] 0 5

Z - (A2+ 1) Do; for A £1.0

(3)

(4)

(5)

Barrier thicknesses required to resist both
perforation and scabbing stall be checked using
equations 6 through 9 . The larger barrier thickness
shall control the design.

For perforation thickness:

e » 3.19 Z-a718Z2/De; for Z/DeS 135 (6)

e = 132 De +1.24 Z; for 135 <Z/D e S 13.5 (7)

For scabbing thickness:

s • 7.91 Z- 5.06 Z2/De; for Z/D eS 0.65 (8)

s > 2.12 De +136 Z; for 0.65 SZ/D e S 11.75 (9)

where:

A x penetration variable
Z a penetration thickness
e * perforation thickness
s * scabbing thickness
V a missile strike velocity (fps)
N - shape factor of 0.72 for flat-nosed missiles
Do * outside diameter of missile: rods and

pipes (in)
D e «

A$ * contact area of rod or pipe (sq. in.)
Pi * 3.1416
W * weight of missile (lbs)
K » 180/(fc)

0>5

f c « compressive strength of concrete (psi)

To ensure adequate protection, a minimum of
12 in. of reinforced concrete is required for all
concrete barriers at elevations below 75 ft. from
ground level, and a minimum of 8 in. of reinforced
concrete is required for all concrete barriers at
elevations above 75 ft. from ground level.

Steel plate barriers shall be designed to
provide resistance to both penetration and
perforation. For steel barrier designs, the Ballistic
Research Laboratory formula shall be used, given in
equation 10.

(10)
672 dw

where:

M
Vs

calculated thickness for incipient
perforation of a Ued plate
mass of miMilr (dugs)
velocity of muitr (ft/tec)
diamrtrr of mmtlr (in)

For irrrguUrhr •ttappd missiles, an equivalent
diameter shall b* wan! TV equivalent diameter is
taken to be the duawwr of the circle with an area
equal to the cirroiMcntvd contact, or projected
frontal area of th* iwm-arcular missile. The
thickness (Tp) to p m m perforation shall be as
specified in equation 11

1.25T (ID

where:

T * calculated thickness for incipient
perforation of a steel plate

To ensure adequate protection, a minimum of
1/2 inch of steel shall be required for all steel
barriers, regardless of elevation.
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The overall response of structural barriers to
missile impact depends upon available ductility. It
is acceptable to assume plastic collisions as long as
the required ductility is within the allowable
ratio. For concrete wall and roof slab designs which
are controlled by flexure, the permissible ductility
ratio ( M u )«taken from ACI349-85, Appendix C, is
given in equation 12.

- 0.05/(p-p1) or less than 10.0 (12)

where:

P
P%

ductility ratio
ratio of tension reinforcement
ratio of compression reinforcement

Load Combination
The SSCs shall be designed for the most

severe total wind load (W"t) weight This is a
combination of wind pressure (Ww), atmospheric
pressure change (Wn), and missile impact loads
(Win). The load factor applies only to wind pressure
and APC pressure, but not to missile loads. In
addition, the APC pressure load is half of its
maximum value at the radius of maximum wind
speed in a tornado; therefore, only 0,5 Wp is
combined with wind pressure and/or missile impact,
as defined in equations 13 through 18.

wt=
w t =

13 Wp
W m

(13)
(14)
(15)
(16)
(17)
(18)

For events controlled by straight wind, the
APC pressure load does not exist. Load combinations
for this case are defined in equations 19,20, and 21.

(19)
(20)
(21)

W t - W m

W | « 1 3 W w + W m

SUMMARY OF DESIGN GUIDELINES
DEVELOPMENT

and on technological advancements and accumulated
experience in wind engineering. The load
specifications reflect enhancements to NRC
regulations, and justification for these is provided in
this report. Proposed structural response evaluation
and acceptance criteria follow industry codes and
standards with minor modifications. Design
guidelines developed by the WTWG in this study
provide a basis for verifying the conservatism and
low risk inherent in the NRC criteria, and an
indication of the margin in the design. However,
this condensed paper should not be used for design
without referring to the full report [6].
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ANALYSIS OF BORE-HOLE SEISMIC VELOCITY SURVEYS
AT THE PADUCAH GASEOUS DIFFUSION PLANT

W. P. Staub and J. C Wang
Oak Ridge National Laboratory

P.O. Box 2008
Oak Ridge, Tennessee 37831-6185

ABSTRACT

Adequate seismic design of hazardous facilities depends on the ability to predict
the influence of several layers of unconsolidated soils and sediments on ground
motion st the free-surface during strong-motion earthquakes. Computer
programs (such as SHAKE [1]) have been developed to analyze ground motions
at the free-surface. Such analyses are based on the physical properties of the
soil column (all the layers of soil between the bedrock and ground surfaces).
Physical properties include the thickness, density, and propagation velocities of
artificially generated seismic waves through the soil in each layer.

Shear and compressions! wave velocities (V, and Vp, respectively) in
unconsolidated layers of soil are commonly measured by a cross-hole seismic
survey where an energy source and receivers arc placed at the same elevation in
adjacent holes. A down-hole seismic survey is an alternative to a cross-hole
survey. In a down-hole survey two or more receivers (spaced a fixed distance
apart on a cable) are lowed into a hole and an energy source is placed at the
surface. A down-hole survey is occasionally used in the deeper part of the soil
column where a cross-hole survey may be impractical. This paper presents an
analysis of cross- and down-hole seismic surveys at the Paducah Gaseous
Diffusion Plant (PGDP).

INTRODUCTION V, = d/t, (1)

The purpose of a bore-hole seismic survey is to Vp = d/tp (2)
measure V, and Vp as functions of depth in a soil
column. Details of the methodology are described by DATA COLLECTION
Dobecki, 1979 [2], These velocities are determined by
measuring the times (t, and t,) required for shear (S-) CROSS-HOLE SURVEYS
and compressional (P-) waves, respectively, to pass a Cross-hole seistnograms were recorded by
given distance (d) (horizontal and vertical distance in Automated Sciences Group (ASG) [3] at the Paducah
the cases of cross- and down-hole surveys, Gaseous Diffusion Plant (PGDP) in late 1990.
respectively) through the soil: Locations of Sites 1 through 4 are shown in Fig. 1.

'This manuscript has been authored by a contractor of the U.S. Government under contract
No. DE-AC05-84OR21400. Accordingly, the U.S. Government retains a nonexclusive, royalty-free license to
publish or reproduce the published form of this contribution, or allow others to do so for U.S. Government
purposes.
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Figure 1. Location of bore-hole seismic velocity surveys with respect to the Paducah Gaseous Diffusion Plant.

Three bore-holes were drilled at each of the four
sites, in line with one another, and 15 ft apart at the
surface. Bore-holes for cross-hole surveys at a given
site were all drilled to the same depth. Bore-hole
depths varied between sites; 65 ft at Site 1,135 ft at
Site 2, 115 ft at Site 3, and 120 ft at Site 4.

As the bore-holes were drilled they deviated from
the vertical. Bore-hole deviations cause distances
between energy sources and receivers to vary as a
function of depth. ASG used a bore-hole directional
survey to determine these distances. A directional
drift tool was lowered into each hole to measure
inclinations and directional bearings (azimuths) at 5 ft
intervals.

Seismograms were recorded at 5 ft intervals from
a depth of 5 ft to the bottoms of the holes at each
site. An energy source was placed in one of the
outside holes and near- snd far-receivers were placed
at the same depth in the middle hole and the other
outside hole, respectively, to record the arrival times
of S- and P-waves. A second set of seismograms was
recorded at Sites 1 through 3 by interchanging the
energy source and receiver in the two outside holes.
The second set of data provides arrival times of
energy traveling in the reverse direction from that of
the first set. Together, the two sets of seismograms
arc forward and reverse components of the complete
data collection package at a given site. In theory,
velocity values measured in opposite directions should
be the same. In practice, this is not necessarily true.
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S- and P-wave energy was generated and
vertically polarized by use of a down-hole shear
hammer. The shear hammer produces a relatively
strong S-wave and a weak P-wave. This energy was
recorded by three component geophones (two
horizontal component and one vertical component
sensors) clamped against the "using in each of the
receiver holes.

Each seismogram consisted of 12 traces. S-wave
signals from the vertical sensor of the near-geophone
were recorded on the top two traces of the
seismogram. S-wave signals from the far-geophone
were recorded on the seventh and eighth traces of the
seismogram. P-wave signals from the two horizontal
ssnsors of the near- and far-geophones were recorded
on the third through the sixth traces and ninth
through twelfth traces, respectively, of the
seismogram.

The manner of recording S-wave energy is
important in understanding the polarity of the seismic
signal. First, all traces were switched off except traces
1 and 7 and the shear hammer was struck in an
upward direction. The seismic signals were stored,
the experiment was repeated several times, and the
several signals generated were summed until a well
defined signal appeared in the scope. The purpose of
summing several seismic signals was to improve the
signal-to-noise ratio. Whereas noise is random with
respect to time for each repetition the seismic signal
always appears at the same time on the seismogram.
Summing the individual records increased the
amplitude of the seismic signal while decreasing the
amplitude of the noise. A paper seismogram was
recorded and the results in the computer were saved
for later analysis. In a seismogram with a high signal-
to-noise ratio the energy onset on the seismogram
breaks sharply in the upward direction and the
polarity of the first break is said to be "upward". The
experiment was repeated on traces 2 and 8 with the
shear hammer struck in the downward direction. This
time, the polarity of (he first break is in the
'downward direction". On a seismogram with a low
signal-to-noise ratio the onset of the arriving S-wave
energy is not easily recognized but the polarity should
ahvays be the same (assuming it can be identified
through the noise).

Despite efforts to improve the signal-to-noise
ratio, many seismograms were difficult to interpret.
One factor that negatively affected data quality was
cultural noise (acoustic energy generated by sources
other than the shear hammer), such as nearby

operating plant equipment and truck traffic, Poor
bonds between bore-hole casings, bemonitic cement,
and the sidewalls of the bore-hole affected the quality
of seismograms in some cases. Poor cement bonds
were detected by recording down-hole sonic variable
density logs and by dual density logs. Most of the
poor cement bonds were detected between the surface
and a depth of 40 ft.

DOWN-HOLE SURVEYS
Down-hole seismograms also were recorded by

ASG at PGDP in late 1990. Two such surveys
extended to bedrock, one at Site 3 and the other at
Site 4. Seismograms were recorded at 10 ft intervals
from depths of 10 ft to 330 ft at Site 3 and from
depths of 10 ft to 320 ft at Site 4. Results of the
down-hole survey at Site 4 were also used to compile
data for the soil columns at Sites 1 and 2 where no
deep holes were drilled. Sites 1, 2, and 4 are fairly
close to one-another and the geology in the deeper
parts of these soil columns is believed to be similar.

S- and P-wave energy for the down-hole surveys
were initiated by hammer blows to a railroad tic held
firmly in place at the surface beneath the wheels of a
truck. S-wave energy was initiated by striking the
railroad tie horizontally to create horizontally
polarized energy. Two orthogonal horizontally
oriented sensors in the three component geophones
recorded arrival times of the S-waves. P-wave energy
was initiated by striking the railroad tie vertically.
This created vertically polarized energy which was
recorded by the vertically oriented sensor. Signal-io-
noise enhancement was achieved in the same manner
as before.

The quality of down-hole seismograms also was
affected by cultural noise. P-wave energy was
especially weak because vertical blows by the hammer
energy source generated insufficient energy to record
first arrivals in the deeper layers of the soil column.

INTERPRETATION

PRELIMINARY INTERPRETATION OF CROSS-
HOLE SEISMOGRAMS

ASG provided preliminary estimates of cross-
hole S- and P-wave velocities, based on their
interpretations of seismograms contained in their data
package [3]. Fig. 2a provides cross-hole seismic
velocity data as a function of depth for Site 3. Circle
and square symbols represent V, and V, estimates,
respectively, at various depths. Open and solid
symbols represent velocity estimates from
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seismograms recorded in the forward and reverse
directions., respectively.

Velocity' estimates in the forward direction are
generally lower than those in the reverse direction of
Fig. 2a from depths of 50 ft to 115 ft. The V, in the
forward direction at these depths range from 200 ft/s
to 500 ft/s (mean value = 314 ft/s) less than
corresponding velocities in the reverse direction and
the Vp in the forward direction ranges from 1500 ft/s
to 3500 ft/s (mean value = 2130 ft/s) less than
corresponding velocities in the reverse direction.
These observations suggest the presence of a
systematic error in determining the velocities.

DETAILED INTERPRETATION OF CROSS-
HOLE SEISMOGRAMS

A complete interpretation of cross-hole
seismograms at all four sites at PDGP is presented by
Staub and others [4]. The following discussion is
based on a detailed interpretation of Site 3.

The source of the systematic error in the
preliminary interpretation of cross-hole seismograms
at Site 3 was the bore-hole deviation calculations.
ASG re-examined their calculations and they
discovered a persistent azimuth error throughout all
four sites at PDGP. Figure 2b illustrates cross-hole
seismic velocity data at Site 3 after the azimuth error
was removed. Velocity differences in the forward and
reverse directions were reduced by a factor of 3.
Between 50 ft and 115 ft the V, differences now vary
from 40 ft/s to 160 ft/s (mean value = 95 ft/s) and the
velocities are not always higher in the reverse
direction. Vp differences now vary from 70 ft/s to
1680 ft/s (mean value = 710 ft/s). Dobecki [2]
demonstrates similar comparisons between results
uncorrected and corrected for bore-hole deviations.

The interpretation of cross-hole seismograms
with low signal-to-noise ratios was particularly
difficult. In some cases seismic energy arrival times
were determined with confidence despite the low
signal-to-noise ratio, based on the same consistent set
of criteria established for interpreting seismograms
with high signal-to-noise ratios. These criteria were
polarity (upward and downward for odd numbered
and even numbered traces, respectively), sharpness,
and character of the wave form. In other cases
seismic energy arrival times could not be determined
because the apparent seismic signal had an
inconsistent polarity and wave form. Such
seismograms were not considered in the final
interpretation. Examination of down-hole sonic logs
revealed that many uninterpretable seismograms were
recorded in bore-hole intervals where the cement
bond was poor.

Random error was observed in measuring the
arrival times of S-wave energy for the 77 seismograms
used in the final interpretation. Arrival times were
measured twice on each seismogram, once during the
upward stroke of the shear hammer and again with
the downward stroke of the hammer. One-half of the
arrival times on different traces varied by 3%,
one-third of the results varied by 6%, one-third varied
by less than 1%, and one-twentieth varied by more
than 9%.

Based on the observed random error, it was
determined that there was no real difference between
shear wave velocities that differed by less than
100 ft/s. Table 1 shows the range of values for V, at
5 ft intervals and mean values for V, at given depth
intervals in the soil column for Site 3.

Table 1. Mean values and range of values for V, at various depth intervals
at Site 3, based on cross-bole scismqgrams

Depth interval (ft)

0 - 1 2

1 2 - 2 8

28 - 75

75 -130

V, (ft/s)

Mean value

625

855

970

1185

Range

620 - 630

815 - 890

9 1 5 - 990

1160 -1250
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DETAILED INTERPRETATION OF DOWN-
HOLE SEISMOGRAMS

In principle, velocities can be determined by
observing the differences in arrival times between the
upper and lower geophones located 10 ft apart in the
hole and applying Equations 1 and 2. Unfortunately,
arrival times were not known with sufficient accuracy
to provide reliable results. Signals were too weak to
provide sharp seismic energy onsets.

Instead V, was determined by linear least squares
fitting of arrival times as a function of depth for the
entire set of seismograms at Sites 3 and 4. The
interpretation was initiated by performing spline fits
to the data. The spline fits were used to identify
layers having distinctly different shear wave velocities.
The spline fit of down-hole data for Site 3 revealed
three distinct layers, a low velocity layer between
depths of 130 ft and 195 ft, a high velocity layer
between depths of 195 ft and 265 ft, and another low
velocity layer between depths of 265 ft and 334 ft (the
bedrock surface at Site 3). The accuracy of arrival
times was not sufficient to justify the use of spline fit
analyses in the final results. The linear least squares
velocity was then obtained for each layer. A spline fit
of down-hole data for Site 4 revealed little change in
velocity from a depth of 123 ft to 322 ft (the bedrock
surface at Site 4). The linear least squares velocity
was then obtained for this layer. Results are
summarized in Table 2.

SUMMARY OF RESULTS

Table 2 provides V, estimates for soil columns
from the ground to bedrock surfaces at all four sites.
These estimates were used in the ground response
analysis performed by Sykora and others [5].

CONCLUSIONS

Credible values of V, were provided for ground
response analysis despite the low signal-to-noise ratios
on many of the cross-hole seismograms.
Interpretation of poor quality seismograms requires
the use of a consistent set of criteria (polarity,
sharpness, and character of wave form) for accurately
measuring the S-wave arrival time on a seismogram

displaying interference by cultural noise. It is also
important to recognize that the measurement of bore-
hole deviations in the field does not, by itself,
guarantee satisfactory results. Comparison of
velocities measured in the forward and reverse
directions is essential for good quality control.
Analysis of P-waves is useful in this regard even
though values of Vp may not be used in the ground
response analysis. Inconsistencies may result from
errors in bore-hole deviation calculations, unjustified
use of poor quality seismograms (especially where
poor cement bonds between the casing and hole are
suspected), and inconsistent interpretations of
seismograms with low signal-to-noise ratios.
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Table 2. S-wavc velocity (V, in fl/s) estimates for iodoskm in soil columns

Site

1

Depth (ft)

0-15

15-123
•

123-322"

V,

770

1065

1550

2

Depth (ft)

0-21

21-75

75-113

113-123

123-138

138-322b

v.
655

1140

1260

1495

1245

1550

3

Depth (ft)

0-12

12-28

28-75

75-130

130-195

195-265

265-334'

v.
625

855

970

1185

1290

1545

1155

4

Depth (ft)

0-9

9-23

23-58

58-88

88-98

98-103

103-123

123-322'

v.
500

655

1280

1410

1130

1510

1100

1550

'Spaces left blank to place similar depth intervals among sites side-by-side for ease of comparison.
Top of rock assumed to be at same depth as at Site 4.
Top of rock at given depth.
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STRONG MOTION MODELING AT THE PADUCAH DIFFUSION FACILITY
FOR A LARGE NEW MADRID EARTHQUAKE

Robert B. Herrmann
Department of Earth and Atmospheric Sciences

Saint Louis University
3507 Ladede Avenue
St. Louis, MO 63103

ABSTRACT

The Paducah Diffusion Facility is within 80 idlometers of the location of the
very large New Madrid earthquakes which occurred during the winter of
1811-1812. Because of their size, seismic moment of 2.0 x 1027 dyne-cm or
moment magnitude Mw = 7.5, the possible recurrence of these earthquakes is
a major element in the assessment of seismic hazard at the facility. Probabilis-
tic hazard analysis can provide uniform hazard response spectra estimates for
structure evaluation, but a deterministic modeling of a such a large earth-
quake can provide strong constraints on the expected duration of motion.

The large earthquake is modeled by specifying the earthquake fault and its
orientation with respect to the site, and by specifying the rupture process.
Synthetic time histories, based on forward modeling of the wavefleld, from
each subelement are combined to yield a three component time history at the
site. Various simulations are performed to sufficiently exercise possible spatial
and temporal distributions of energy release on the fault. Preliminary results
demonstrate the sensitivity of the method to various assumptions, and also
indicate strongly that the total duration of ground motion at the site is con-
trolled primarily by the length of the rupture process on the fault.

I N T R O D U C T I O N

This study is an extension of the numerical
modeling of a large New Madrid earthquake
(Herrmann and Jost, [1]; Jost and Herrmann, [2]).
Following [1], we study the effects of one specific
earthquake fault, EQ1 in [1], shown in Figure 1,
with six epicenter locations on this fault within
the New Madrid seismic zone, on peak ground
motions and response spectra. Only one large
earthquake with size appropriate for a large New
Madrid earthquake is considered. In the follow-
ing, we address a site in western Kentucky,
namely the Paducah Gaseous Diffusion Plant. Our
study includes the low frequency ground motion
(surface waves) that dominates at distances of a
few hundred kilometers. At these distances, the
frequency of the ground motion is in the range of
the natural frequencies of large man-made struc-

tures, indicating a possible earthquake threat, even
with low level morions, if the duration of strong
ground motion is significant.
MODELING NEW MADRID EARTH-
QUAKES

We consider one of three different epicenter
locations in the New Madrid seismic zone used by
Herrmann and Jost [1], Figure 2. These epicenters
are chosen to be comparable to the epicenter esti-
mations of the New Madrid events of 1811-1812 by
Hopper etal [3]. The specific fault considered,
EQ1, is the one closest to the site, and which
should provide larger ground motion values at the
site than the other two sites, EQ2 and EQ3.

In the absence of data that would allow a
reconstruction of the focal mechanisms of the
earthquake sequence in 1811-1812, the focal
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Figure 1. Location of earthquakes in the Central
Mississippi Valley Earthquake Bulletin for the
period July 1, 1974 through March 31, 1991. The
Paducah site is at the upper right comer of the
figure.

mechanisms of our model earthquake are based
upon the present day seismirity of the New
Madrid seismic zone. The focal mechanisms along
the northeast-southwest trending branch, in
northeastern Arkansas and in the Bootheel of Mis-
souri, EQ2 and EQ3, suggest right lateral strike
slip, whereas on the northwest-southeast trending
branch between Missouri and Tennessee, EQ1,
reverse faulting is observed (Herrmann and Canas,
[4]; Herrmann, [5]). To model EQ1, the results of
Herrmann and Canas [4] for the events on Febru-
ary 2, 1962 and June 13, 1975 are combined for
EQ1. Table 1 gives the locations and focal
mechanisms parameter of the three events used by
[1]. Table 2 gives the reference coordinate of the
selected site. From these coordinates, an epicen-
tral distance and azimuth were determined (Table
2) to the southwest comer of fault plane model of
EQ1, the closest large historical earthquake loca-
tion and thus the largest generator of ground
morion at the site of the three.

Table 1
Epicenters and Focal Mechanisms

No. Lat Lon Strike Dip Slip

CN) CW) C) C) C)

1

2

3

36.32

36.11

35.75

89.50

89.80

90.24

350

220

220

80

70

70

145

150

150

Table 2
Site Coordinates and Epicentral Distances to EQ1

Site Lat Lon Distance Azimuth

(*N) CW) (km) H

Paducah Ky 37.0 88.2 140 55

Seismic scaling relations are central to the
approach in estimating source parameters for the
New Madrid earthquake models since observa-
tional data do not exist for large central and
eastern U. S. earthquakes. Use is made of the
recently proposed scaling relation of Nuttli etal [6].
For modeling a large event in the New Madrid
Seismic Zone, the source parameters from
Herrmann and Jost [1] are adopted and shown in
Table 3.

Table 3
Source Parameters

Body-wave Magnitude mb

Surface-wave Magnitude Afs

Seismic Moment Mo

(dyne-cm)

Stress Drop Ao-

Mean Displacement d

Duration T

Fault Length L

Fault Width W

Hypocentral Depth h

7.1

8.4

2.0 x 1027

250 bar

8.3 m

12.6 sec

52 km

14 km

13 km

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

142



8.15 4.70 3.4 8000 4000

-9C.5 -90.0 -69.5 -89.0

Figure 2. Epicenters, fault lengths and focal
mechanisms for three large New Madrid
earthquakes modeled in [1].

The technique used to numerically model
ground motions requires elementary Green's func-
tions as the most important input parameter. In
this study, we used synthetic Green's functions
calculated by the normal-mode theory (Herrmann,
[7]), using the central U. S. crustal model of
Herrmann ([8]; Table 4). The model consists of
five crustal layers overlying a half-space, with rela-
tively low Q-values for the upper 20 km. The Q-
values given in the table are assumed to be
independent of wave frequency. Green's functions
are calculated for 7 different source depths, rang-
ing from 2 to 14 km.

Table 4
Earth Model for Synthetic Seismograms

d a p P QP Qs

(km) (km/s) (km/s) (gm/cm3)

0.5

0.5

9.0

10.0

20.0

5.00

5.00

6.10

6.40

6.70

2.89

2.89

3.52

3.70

3.87

2.5

2.5

2.7

2.9

3.0

200

600

1200

1200

8000

100

300

600

600

4000

The numerical modeling technique is
described in Herrmann and Jost [1] and is applied
here in the same way resulting in synthetic time
histories that are equivalent to ground velocity.
Synthetic short-period, World-Wide Standard
Seismograph Network (WWSSN) type seismo-
grams can be obtained by filtering the broad-band
ground-velocity seismograms. Integration and dif-
ferentiation of the broad-band ground-velocity time
histories gives the displacement and acceleration
synthetic seismograms, respectively (Herrmann,
[7]). Finally, response spectra with 5% damping
are calculated from the synthetic ground velocity
time histories, by assuming a linear variation in
the velocity time history between time samples.

This set of computations differs from the
technique used by Herrmann and Jost [1] because
of the need to model ground motions at a site very
near the fault plane. To do this, the fault plane of
52 km length and 14 km width was divided into
0.5 km by 0.5 km segments. The orientation of
each segment was defined by the three dimen-
sional spatial coordinate of its center, the fault
strike and fault dip. The distance and azimuth of
each fault segment to the site is computed.

A specific point on the fault is designated as
the rupture initiation point, and a distribution of
seismic moment release on the fault is specified so
that the total model release on the fault is equal to
the specified total moment of the event. Each fault
segment is turned on as the seismic rupture front
passes through the segment. This is controlled by
the value of an average rupture velocity from the
rupture initiation point to the specific segment.
The contribution of each of the 2912 fault segments
is then summed to form the total time history at
the site.

RESULTS OF THE NUMERICAL
MODELING

SIMULATIONS

Six models of the rupture process were con-
sidered. They differ in the location of the initial
rupture, with the pairs (1A1, 1A4), (1A2, 1A5) and
(1A3, 1A6) having the same initiation point. Cases
1A1, 1A2 and 1A3 differ from those of 1A4, 1A5
and 1A6 by having a much more localized distribu-
tion of seismic moment release, and by having dif-
ferent rupture initiation times, with those of 1A1,
1A2 and 1A3 being about 10% later than those of
cases 1A4,1A5 and 1A6.
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These simulations provide a suite of time his-
tories that consider variations in possible future
large New Madrid earthquakes on this fault plane,
e.g., rupture initiation point, distribution of
moment release, and rupture initiation time.

SYNTHETIC SEISMOGRAMS
Figure 3 gives the acceleration time history at

the site for earthquake 1A1, The peak acceleration
is on the east-west component and is 0.29g. The
low frequencies at toward the end are due to shal-
lowly propagating surface waves. The total dura-
tion of the signal is approximately 15 seconds,
representing the amount of time for the rupture to
propagate the length of the fault. Previous simula-
tions indicated that the mLs magnitude of this fault
model was 7.5, which is similar to Nuttli's esti-
mates of the size of each of the three large 1811-
1812 earthquakes.

!.S22E*02

N

1.134E+02

2.902E*02

1A1A-PDF

Figure 3. Acceleration time history for simulation
source 1A1.

The peak accelerations on the vertical com-
ponents range from 0.16g to 0.32g, and from O.llg
to 0.29g on the horizontal components. The ratio
of vertical to horizontal motion depends signifi-
cantly upon the shallow velocity structure in the
earth model used.

As a check, we can compare our estimates of
horizontal peak ground acceleration with the

Table 5
Magnitudes and Peak Motions at Paducah for a

New Madrid Earthquake
with Different Rupture Initiation

Case Comp Ace Vel Dis
(cm/s2) {cads) (cm)

1A1

1A2

1A3

1A4

1A5

1A6

Z
N
E

Z
N
E

Z
N
E
Z
N
E
Z
N
E
Z
N
E

7.5

7.5

7.5

7.5

7.5

7.5

282
113
290

162
114
224

202
133
225

315
115
284

220
141
189

240
131
189

48.3
34.0
33.6

42.5
23.2
24.1

23.2
13.8
13.0

53.6
28.4
37.2

55.6
24.9
31.3

17.5
11.1
8.8

80.2
39.3
31.0

57.0
33.7
25.0

42.1
22.5
20.4

76.2
39.9
33.7

64.6
35.0
29.8

40.2
16.8
18.5

peak horizontal acceleration values of 161 cm/see1

for a large New Madrid, M = 7.5, event at 95 km.
Values at the shortest distance of rupture initiation
to tire site would be slightly larger. These values
essentially lie within the results of the numerical
simulation technique (Table 5) .

RESPONSE SPECTRA CALCULATION

5% damped response spectra (in cm/sec),
obtained from the synthetic seismograms (broad-
band velocity), were calculated for EQ1 at the
Paducah site for each of the six rupture process
simulations. The response spectra corresponding
to the time history of Figure 3 is shown in Figure
4. In this figure, the unconnected octagon symbols
on these plots are the random process theory esti-
mates at a distance of 100 km. To make these esti-
mates Herrmann [8] and Boore and Joyner [10]
were used with the following source parameters:
seismic moment, Mo= 2.01027 dyne-cm, comer
frequency, fc = 0.0797 Hz.

One result of the simulations is that the com- ,
puted response spectra are similar in level to theresults of Boore and Atkinson [9] who predict
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Figure 4. Response spectra for three components of
ground motion corresponding to the time history
of Figure 3.

random process theory estimates in the range of
0.3 • 2.0 seconds. Differences are expected, even in
this period range, since random process theory
estimates represent an average over all focal
mechanisms, depths and local sources of variation.
At longer periods, the effect of the fundamental
mode surface waves predominates at very long
periods. At periods shorter than 0.3 seconds, the
limitations of the 0.025 second sampling interval
and finite fault grid discretization cause the model-
ing of the earthquake time history to be come
coherent, rather than incoherent as required, and
thus the increase in response spectra values at
these periods. This points out some problems in
the use of the time series at higher frequencies.
However, the time series are good at periods
greater than 0.3 seconds.

DISCUSSION OF RESULTS
Several features relevant to dynamical

analysis of structures are apparent from the time
histories. Without using a precise definition of
strong motion duration, a quick examination of the
displacement time histories indicates that most of
the large ground motion arrives within a 10 second
window. The ground motion duration is controlled
by two factors, the duration of the source rupture
process as seen by the site and a distance depen-
dent term due to wave propagation (Herrmann,
[8p. Because of the relatively short distance to the

site from EQ1 and also the large size of the earth-
quake modeled, the hard rock signal duration at
the site is controlled by the rupture process itself,
in direct relation to the fault length.

The time histories also show that the specific
nature of the signal buildup is related to the n i p
ture process, i.e., whether the rupture propagates
toward the site, giving a shorter duration, larger
level ground motion, or whether it propagates
away from the site.

Another aspect of the analysis is not directly
seen in the synthetics concerns the loading of long
structures. The Green's functions are generated by
adding together surface-wave modes to represent
the complete shear wave wavefield. The wave
group propagating from the source to the site with
an average speed of 3.5 km/sec have a phase velo-
city between 3 .5-4 .5 km/sec. This means that the
components of the earthquake signal propagate
horizontally across the Paducah site within this
velocity range. For simpler computation consider a
phase velocity range of 3 -4 km/sec. This means
that it will take less than 0.1 sec for a wavefront to
cover 300 meters in the direction of propagation.
Since 300 meters is the order of the size of the long
dimension of the structures at the Paducah facility,
the delay in loading the structure from one end to
the other will be less than 0.1 sec. For frequencies
of 1 Hz, using the relation that X • vT, where v is
the phase velocity, T is the period, and X is the
wavelength, this also means that the structural
dimension is 0.1 wavelength. Thus, it may be
appropriate to consider the structure as being
loaded instantaneously with no differential move-
ment between the end members. Note that at
higher frequencies, this is no longer true and that
the coherence of the wavefield over the base of the
structure must also be considered.
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ABSTRACT

A site-specific earthquake site response (soil
amplification) study is being conducted for the
Department of Energy (DOE), Paducah Gaseous Dif-
fusion Plant (PGDP). This study is pursuant to
an upgraded Final Safety Analysis Report in
accordance with requirements specified by DOE.

The seismic hazard at PGDP is dominated by the
New Madrid Seismic Zone. Site-specific synthetic
earthquake records developed by others were ap-
plied independently to four soil columns with
heights above baserock of about 325 f t . The
results for the 1000-year earthquake event indi-
cate that the s i te period i s between 1.0 and 1.5
sec. Incident shear waves are strongly amplified
at periods of motion greater than 0.3 sec. The
peak free-field horizontal acceleration, occur-
ring at very low periods, i s 0.28 g.

INTRODUCTION of Energy (DOE) gaseous d i f f u s i o n
plants. Considered a non-reactor

The Paducah Gaseous Diffu- nuclear facil ity, uranium hexa-
sion Plant (PGDP), located near flouride i s enriched in the U-235
Paducah, Kentucky, (Fig. 1) i s isotope as an integral part of
one of two operating Department the nuclear fuel cycle.

* This manuscript has been authored by a contractor of the U.S. Government
under Contract No. DE-AC05-840R21400. Accordingly, the U.S. Government
retains non-exclusive royalty-free license to publish or reproduce the
published form of this contribution or allow others to do so for U.S. Govern-
ment purposes. Research was sponsored by the Office of the Assistant Secre-
tary for Nuclear Energy, U.S. Department of Energy, under Contract with Martin
Marietta Energy Systems, Inc., and under Inter-Agency Agreement No. DE-AI05-
91OR21971 with the U.S. Army Waterways Experiment Station.
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Fig. 1: General location of
P6DP showing seismic activity in
a 189-month period between 1974
and 1990 (courtesy of Saint Louis
University)

Engineering analyses and
other scientific studies required
to upgrade the existing PGDP
Final Safety Analysis Report
(FSAR) are presently on-going in
accordance with current DOE
guidelines and requirements.
These efforts include the evalua-
tion of the effects of natural
phenomena hazards, i.e., seismic
events, extreme winds, and
floods. Situated on a deep soil
profile within close proximity
(60-100 km) to a strong earth-
quake source, the New Madrid
Seismic Zone (NMSZ), PGDP has
been categorized as a moderate
hazard facility with respect to
natural phenomena hazard classi-
fications [1]. Consistent with
this classification, the 1000-

year event was of particular
interest in this study.

Synthetic earthquake records
corresponding to rock outcrop
motions were developed from pro-
babilistic assessments using an
extended-source seismic hazard
analysis and were represented by
uniform xisk response spectra for
the 500, 1000, and 5000-year
recurrence intervals. Accelera-
tion records which enveloped the
uniform risk response spectra
were generated for each of three
mutually-orthogonal directions
for each earthquake record. Two
horizontal components were used
for the site response analysis
reported in this paper.

A combination of geophysical
and geotechnical data obtained at
four sites located around the
periphery of PGDP were used to
derive four soil columns. These
soil columns are about 325 ft
thick and represent alluvium
(Pleistocene-age Continental
Deposits) and Tertiary-age inter-
bedded sands, silts, and clays.
The bedrock is limestone of Mis-
sissippian Age. Seismic wave
velocities were measured at each
location using crosshole and
downhole geophysical techniques.
Other downhole geophysical tech-
niques were used to infer the
variation of density with depth.

This paper summarizes site-
specific earthquake response
analyses conducted by the U.S.
Army Engineer Waterways Exper-
iment Station (WES) for the 1000-
year design earthquakes and rep-
resent a key element of the seis-
mic studies for PGDP. Analyses
for 500- and 5000-year events are
in progress. Site-specific spec-
tra were developed for free-field
(soil) response.

The results presented in
this paper correspond to the an
initial set of assumed conditions
where the potential effects of
high confining pressures on shear
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modulus and damping ratio
relationships are not yet ad-
dressed. The analyses that in-
clude the effects of confining
pressure and parametric varia-
tions are mentioned briefly.

The results of analyses
presented in this paper are ex-
pected to be of interest to the
technical community because the
analysis of strong motion in deep
soil deposits in the central
United States has not been widely
reported. The most difficult
aspect appears to be a lack of
resources to obtain material
properties for the full height of
the soil profile.

EARTHQUAKE HAZARDS AND
DESIGN MOTIONS

The earthquake hazards and
design motions used in the site
response analysis for PGDP are
summarized in a recent report [2]
and also a paper to this confer-
ence. A brief description is
also presented in this section.

Three separate hazard anal-
yses were considered for the
overall earthquake hazard study:
the Electric Power Research
Institute/Seismicity Owners Group
(EPRI/SOG) analysis, the Lawrence
Livermore National Laboratory
(LLNL) analysis, and the extend-
ed-source analysis. The EPRI/SOG
analysis used the input data and
methodology developed by EPRI,
under the sponsorship of SOG, for
the evaluation of seismic hazard
in the central and eastern United
States. The LLNL analysis used
the input data and methodology
developed by LLNL for the Nuclear
Regulatory Commission (NRC).

Both the EPRI/SOG and LLNL
methodologies treat earthquakes
as point sources. This assump-
tion is not directly applicable
to PGDP because of the possibili-
ty of large earthquakes occurring
in the NMSZ. As a result, an ex-

tended-source seismic hazard ana-
lysis was performed that modeled
the NMSZ as a system of parallel
faults running in a north-north-
easterly direction. The results
from the EPRI/SOG and LLNL analy-
ses were only used to develop
baseline results and to under-
stand the dominant seismic sour-
ces and the uncertainties in
their parameters.

The seismic hazard results
from the extended-source analysis
are shown in Figures 2 and 3.
Figure 2 shows the mean, 15th,
50th, and the 85th percentile
peak horizontal rock accelera-
tions versus the annual probabi-
lity of exceedance. Figure 3
shows the median (50th percen-
tile) uniform hazard response
spectra for rock at 5 percent
damping, for annual probabilities
of exceedance of 0.002, 0.001,
and 0.0002.

0.00 0.35 0.50 0.75
Peak Acceleration (g)

1.00

Fig. 2: Peak ground acceleration
hazard curves [2]

Earthquake magnitude, dis-
tance, duration, and synthetic
acceleration records were cal-
culated which represent the uni-
form hazard response spectra.
Figure 4 shows the two components
of horizontal motion correspond-
ing to rock outcrop for the 1000-
year median uniform hazard re-
sponse spectra.
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Fig. 4: Synthetic acceleration
records for 1000-year event [2]

SOIL COLUMNS

Four individual soil columns
were provided to WES as basic
input to the free-field seismic
response analysis at PGDP. [3] A
soil column is a one-dimensional
idealization of a layered soil
deposit. The information con-

tained in these soil columns was
the product of a borehole drill-
ing and in-situ geotechnical and
geophysical data acquisition pro-
gram conducted during FY90.
[3,4,5]

The approach of analyzing
the columns independently and
then combining results differs
from another method that involves
deriving an "average"1 stratigra-
phy and then averaging in-situ
densities and seismic velocity
measurements and assigning an
appropriate shear modulus and
damping ratio curve for each
layer. The authors believe that
separate evaluation will provide
a more effective and realistic
bracket of the potential range of
site conditions that could be
produced. The procedure of aver-
aging is subjective and will de-
emphasize, and may overlook,
strong response produced by iso-
lated stiff layers.

The locations of the four
sites are shown in Figure 5, At
Sites 1 and 2, three shallow
boreholes were drilled to depths
ranging from 70 to 125 ft. Four
boreholes were drilled at each of
the other two sites (3 and 4),
three of which were extended to
depths of approximately 125 ft.
The final borehole at each of
Sites 3 and 4 terminated in bed-
rock encountered at depths of 364
and 322 ft, respectively.

The four sites are separated
by great distances and are not
particularly close to critical
structures. Noted variations in
the evaluation of stratigraphic
sections provides evidence that
the extent of possible conditions
in terms of height of column and
individual material types may be
adequately addressed with exist-
ing columns, however, and should
adequately bracket the range of
expected site response. Poten-
tial variations were addressed by
parametric analyses.
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•— SITE 2

Paducah Gaseous
Diffusion Plant

Padueah, Ktntucky

'" —-SITE 1

Fig. 5: Oblique plan view of PGDP and locations of sites
used to derive soil columns

During the drilling activi-
ty* typical Standard Penetrometer
Tests (SPT) were performed at
frequent intervals in one of the
shallow boreholes at each site
and in the deeper borehole, where
present, from a depth of around
125 ft to bedrock. The soil
classification as a function of
depth was generally determined
from observations and drill cut-
ting evaluations. In addition, a
small number of split spoon and
"undisturbed" samples were also
obtained.[3]

The subsurface materials
consist of a thin loess veneer
overlying Continental Deposits of
Pleistocene age then Tertiary-Age
deposits of the Clayton-McNairy
Formations. The area is under-
lain by hard limestone of Missis-
sippian Age. At Site 1, 35 ft of
loess and Continental Deposits
overly 84 ft of the Porter's

Creek Formation and the remaining
203 ft of soil are from the Clay-
ton-McNairy Formation. At Sites
2, 3, and 4, the Continental De-
posits have a thickness of about
112 ft and the Clayton-McNairy is
about 210 thick. At Site 3,
there is an additional layer of
"rubble" above bedrock.

After completion of the
drilling activity at a site, a
suite of geophysical surveys were
performed. Crosshole and down-
hole seismic methods were used to
measure shear wave and compres-
sion wave velocities as a func-
tion of depth at each of the four
sites. [4]

The soil column developed
for Site 2 is shown in Figure 6
and generally reflects the stra-
tigraphy and material properties
for the other three columns.
Solid lines represent demarca-
tions between soil types whereas

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

151



clashed lines represent depths at
which material properties changed
within a particular soil stratum.
The depth of the phreatic surface
at all sites, including Site 2,
was determined from measurements
in nearby monitoring wells. At
Site 2, the depth of the phreatic
surface is about 58 ft.

5 0 •

k m*sM-sc>

iL - " — —*M- — J

&T> S«W ISC 1 SU!

v , <

T-' , i
Q. I

. s s -

: s o -

7 5 -

J

'i
(SM-SC)

•t.'lJQ PCS

A

^^5 I" "
; , S», Sana (W)

I ; vnuo4»

nrlCU

(

U, • vSSOlpi

3 B S -

V, . 1.VX

unavailable and are shown in
Figures 7 and 8.
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Fig. 7: Variations of shear
moduli used for soil layers

O.OOt 0.01
Elective Shear Stroin.
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Fig. 8: Variations of damping
ratios used for soil layers

asc-

Fig. 6: Soil column for Site 2
(modified from [3])

The variations of shear mod-
uli and damping ratios correspon-
ding to materials encountered at
PGDP were estimated using soil
classifications based on several
published results of laboratory
studies.[6,7,8,9,10] These rela-
t;unships are widely used by the
geotechnical engineering profes-
sion when site-specific results
of cyclic laboratory testing are

METHOD OF CALCULATION

The computer program SHAKE
[11] was used to calculate site-
specific free-field response
produced by the synthetic hori-
zontal records assumed to repre-
sent horizontally-polarized shear
waves propagating vertically.
Calculations were made using the
U.S. Army CRAY Y-MP supercomputer
operated at WES. The methodology
and algorithms incorporated in
this program are fairly simple
and straight-forward and quite
adequate for the purpose intend-
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ed. The wide acceptance of SHARE
and standardized modulus and
damping curves is based primarily
on the success in matching mea-
sured and calculated responses
during moderate and strong ground
motions.[e.g.,12,13]

The basic assumptions are:

1. Layers are horizontal;
2. Layers extend to infinity;
3. Layers are defined by shear

modulus and damping as a
function of shear strain,
thickness, and unit weight;

4. Cyclic strength is adequate-
ly represented by a visco-
elastic model implemented
using the equivalent-
linear method;

5. Incident earthquake motions
travel vertically and con-
tain shear waves only.

In general, these assumptions are
consistent with site conditions
at PGOP and are widely accepted
by the geotechnical earthquake
engineering profession as being
suitable for most applications.

RESULTS FOR 1000-YEAR EVENT

The results of site response
analysis for the 1000-year event
are presented below. The shear
modulus and damping ratio rela-
tionships used for this initial
set of calculations correspond to
best estimates based on soil
classification. Results are
presented in the form of pseudo-
velocity response spectra in
tripartite format (5 % damping),
the ratio of absolute accelera-
tion spectra for free field to
outcrop, and a profile of accel-
eration records. The response of
Site 2 to the Horizontal 2 compo-
nent is used as an example of
individual column response and
then the results for all four
sites and both horizontal com-
ponents are combined.

The calculated pseudo-
velocity spectra for five damping
levels (2,5,7,10,and 12%) at Site
2 for the Horizontal 2 component
are shown in Figure 9. The spec-
tra are independent of damping
ratio and smooth at periods below
0.06 sec. Significant variations
with damping ratio occur at peri-
ods greater than 0.15 sec. The
natural period at Site 2 is about
1.1 sec.

10

o
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1000-vr HORIZ-2

r
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Fig. 9: Response spectra calcu-
lated for Site 2

The ratios of response
acceleration spectra for free
field to rock outcrop for Site 2
and the Horizontal 2 component
are shown in Figure 10. Motions
are amplified for periods greater
than 0.3 sec. The greatest am-
plification occurs between peri-
ods of 1.0 and 1.3 sec.

The general effect of the
attenuation of motion from the
soil profile on the propagation
of shear wave energy can be seen
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in Figure 11 where the calculated
acceleration records at the top
of various layers are shown. In
general, amplitudes decrease and
periods decrease as the waves
propagate vertically.

repp sues
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Fig. 10: Ratio of acceleration
spectra for free field to rock
outcrop motions at Site 2

biiri:
Inyer I

" : V ?*V 5 (r'roo Fit-Id)

Layer 3 (21 n>

Layer 7 (75 i

Layer 13 (IBO ri|

.

Layer M (2<o til

Laver 17 (287 t\\

Layer 18 (322 rt|

(Base Rock)

Fig. 11: Profile of calculated
acceleration records at Site 2

The set of results for all
four sites and both horizontal
components at five percent damp-
ing are shown in Figures 12 and
13. The data indicate that
strong free-field motions should
be expected. The range of re-
sults is narrow except for two
spectra that fall considerably
below the pack at periods greater
than 0.5 sec. These two respons-
es were calculated for Site 3 and
are attributed to the "nibble
zone" noted earlier. This zone
attenuated a significant portion
of the energy for this initial
analysis.

The calculated responses at
5 percent damping for Sites 1, 2
and 4 are similar. The natural
period is between 1.0 and 1.5 sec
with a (peak) spectral velocity
of about 60 in/sec. A secondary
resonance peak exists at a period
of about 0.5 sec. The maximum
horizontal acceleration is 0.28

Earthquake motions may be
amplified at periods greater than
0.15 sec although large amplifi-
cation occurs at periods greater
than 0.3 sec. The ratios of
free-field to rock outcrop re-
sponse are between 3.5 and 4.0.

FURTHER ANALYSES &
PARAMETRIC STUDIES

Following the initial set of
calculations conducted by asign-
ing shear modulus and damping
ratio curves on the basis of soil
classification alone, the effects
of confining stress will be ap-
plied to the set of analyses.
High confining stresses, experi-
enced at great depths, tend to
reduce the amount of modulus
reduction and amount of damping
ratio for a given shear strain.
[9,10] The effect of this con-
sideration on the response spec-
tra is likely to increase the
free-field motions (acceleration
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and displacement) and decrease
natural period moderately.

PGDP
Sites 1 - 4
1000-year Event
Horizontal 1 & 2
5 " Damping

Fig. 12: Combined response spe-
ctra for four sites and two hori-
zontal components

PCDP
^ \ - 4

1000-venr £\"
Horuonlul

I FKEE FIELD to OUTCROP]

Fig. 13: Combined acceleration
ratios of acceleration spectra
for four sites and two horizontal
components

Parametric studies are also
in progress for the 1000-year
design event to evaluate the

sensitivity of various input
parameters to the response calcu-
lations. The basis for up;jer and
lower bounds of variation are
based on potential measurement
inaccuracies and natural vari-
ations. Parameters being consid-
ered are maximum shear modulus
(shear wave velocity and densi-
ty) , depth to bedrock, and the
modulus and damping ratio curves
assigned to individual layers.

The results of parametric
analyses completed for the 1000-
year event show that the calcu-
lations tend to be insensitive to
the depth of bedrock and the
exact soil classification (used
to assign shear modulus and damp-
ing ratio relationships). The
calculations are moderately sen-
sitive to the magnitude of shear
modulus (shear wave velocity).

SUMMARY AND CONCLUSIONS

The results of site-specific
earthquake response analyses at
the Paducah Gaseous Diffusion
Plant, near Paducah, Kentucky,
for a 1000-year design event have
been presented. Four soil columns
with heights of 322 and 364 ft
derived for this study using the
results of in-situ measurements
were evaluated for site response
separately. Two horizontal com-
ponents of motion were propagated
through each column.

The compilation of results
indicates that strong free-field
motions should be expected. Peak
horizontal free-field accelera-
tions were calculated to be about
0.28 g. The natural period is
expected to be between 1.0 and
1.5 sec and large amplification
is expected for periods of motion
greater than 0.3 sec. A second-
ary resonance peak exists at a
period of about 0.5 sec.

The results using SHAKE are
considered to be reasonable and
realistic based on previous vali-
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Nation studies published in engi-
neering literature. Evaluations
using more conservative assump-
tions about inputs affecting ma-
terial properties and parametric
analyses are underway.
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EVALUATION OP SEISMIC HAZARD AT THE
PADUCAH GASEOUS DIFFUSION PLANT*

Gabriel R. Toro and Robin K. McGuire
Risk Engineering, Inc
5255 Pine Ridge Road

Golden, CO 80403

ABSTRACT

Seismic hazard at the Paducah Gaseous Diffusion Plant is evaluated
using a formulation that considers the rupture dimensions of poten-
tial large earthquakes in the New Madrid region. The New Madrid
source zone is modeled as a system of parallel faults. A characteristic-
magnitude model, based on historical seismicity and paleoseismic stud-
ies, describes seismicity in the New madrid source zone. The attenua-
tion functions reflect distance saturation caused by the rupture size of
large earthquakes.

Preliminary results from this seismic hazard analysis are presented and
compared to results obtained using the EPRI and LLNL methodolo-
gies.

INTRODUCTION
The Paducah Gaseous Diffusion Plant

(PGDP) is located near the north end of
Reelfoot Rift—a large crustal feature that is
associated with the large New Madrid earth-
quakes of 1811 and 1812. A study of seismic
hazard at the PGDP must consider the pos-
sibility of large-magnitude earthquakes (with
ruptures as long as 50 km), as required for
sites in California. In addition, the study must
consider large uncertainties in seismicity, max-
imum magnitudes, and ground-motion attenu-
ation, as required for other sites in the central
and eastern United States (CEUS).

* This work was performed for Martin Marietta
Energy Systems, under Contract 41K-VD559V.

This paper summarizes the seismic-hazard
study for the PGDP. This study is being per-
formed as part of an effort to upgrade the ex-
isting Final Safety Analysis Report (FSAR) in
accordance with current DOE guidelines and
requirements.

The EPRI and LLNL seismic-hazard anal-
ysis methodologies are not applicable to the
PGDP site because of the possibility of earth-
quakes with large ruptures. These method-
ologies were applied to the PGDP in order
to quantify the relative contributions of the
New Madrid and other sources. The EPRI
and LLNL studies were also used as the basis
to develop the source geometries and seismic-
ity parameters for the extended-source seismic-
hazard hazard analysis.
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In the extended-source seismic-hazard
analysis, the New Madrid seismic zone is mod-
eled as a system of parallel faults running in
a NNE direction. The northern termination
of the New Madrid zone is considered uncer-
tain. Five alternative geometries are consid-
ered, based on the range of interpretations in
the EPRI and LLNL seismic hazard studies for
CEUS and on other geological and geophysi-
cal information. The characteristic magnitude-
recurrence law is developed, based on histor-
ical seismicity and paleoseismicity. An area
source is used to represent seismicity in western
Kentucky, southern Indiana, and southern Illi-
nois. Multiple values of maximum magnitude
are considered, based on the values used in the
EPRI and LLNL studies.

The three ground-motion attenuation func-
tions used in the EPRI methodology were mod-
ified to include a magnitude-saturation term as-
sociated with the long ruptures of large earth-
quakes.

All results presented here apply to rock
conditions. Site amplification is quantified
in a separate, site-specific site amplification
study [1, this volume]. Results from the site-
amplification study will be used to modify the
rock-site seismic-hazard results.

TECTONIC AND SEISMICITY
INTERPRETATIONS

SEISMIC ZONATION
To represent earthquake occurrences in

the central Mississippi valley region, the seis-
mic zonations developed during the EPRI and
LLNL studies were used to derive a set of zones
that span the range of current interpretations
in the region.

The EPRI and LLNL interpretations vary
widely in their assumptions about the geo-
graphic extent of the New Madrid source zone.
For the extended-source seismic-hazard analy-

sis, the New Madrid source zone is represented
by a system of parallel faults that cover the
Reelfoot Rift. The northern extent of the New
Madrid source is critical to the calculated seis-
mic hazard at the PGDP and is treated as an
uncertain parameter. Based on the EPRI and
LLNL interpretations, we define four equally
likely geometries for the New madrid faults,
where the faults terminate as follows: (A) 10
km north of the site, (B) 10 km south of the
site, (C) 20 km south of the site, and (D) 40
km south of the site. We have also consid-
ered a fifth interpretation (E), in which the New
Madrid source contains the site and extends 50
km north of the site. This interpretation repre-
sents the unlikely hypothesis that the Reelfoot
Ridge extends further to the north, as hinted
by the geophysical observations of Hildebrand
et al. [2]. Interpretations A through D are each
given a weight of 23.75 %; interpretation E is
give a weight of 5%.

These five representations of the New
Madrid source are shown in Figure 1. The
faults have a spacing of 2.5 km near the site
and 20 km at the western boundary of the
Reelfoot Rift to obtain better precision on the
distances of earthquakes close to the site. Ac-
tivity rates are assigned in proportion to the
spacing between faults. In other words, earth-
quakes are modeled as equally-likely in space
anywhere within the New Madrid source region,
but a closer spacing of faults is used near the
site to obtain better precision in the calcula-
tions.

Also shown in Figure 1 is a source encom-
passing parts of southern Illinois, southwest-
ern Indiana, southeastern Missouri, and west-
ern Kentucky. This represents the local seis-
micity north of the New Madrid region This
region was drawn to include most of the histor-
ical seismicity north of the Mississippi embay-
ment. Because the seismic hazard at Paducah
is dominated by potential large earthquakes in
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Figure 1: Alternative Geometries for the New Madrid seismic source. Also shown are the Southern Illinois seismic
source and the seismicity in the EPRI catalog (1627-1984).
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Figure 1 (continued)

the Reelfoot Rift, the exact representation of
the boundaries of this host source is not criti-
cal. In particular it is unnecessary to break the
region into several sources, each with its own
set of parameters.

The historical seismicity shown in Figure 1
is taken from the catalog of earthquakes devel-
oped during the EPRI study. Main events with
magnitudes above m& > 3.3 are shown. In the
EPRI catalog only one of the 1811-1812 earth-
quakes is considered a main event, so only one
is shown in the figures. The exact treatment of
large earthquakes using the characteristic mag-
nitude model is described below.

SEISMICITY PARAMETERS
To derive seismicity parameters for the

sources in Figure 1, we performed two sets of
calculations using the EPRI catalog. The first
set of calculations corresponds to a standard
analysis in which one picks periods over which

each magnitude range is considered complete,
obtains the observed seismicity in those time
periods, and calculates the corresponding rate
v and b- value using the maximum likelihood
technique. The second set of calculations uses
the EPRI-derived equivalent periods of com-
pleteness, and derives maximum-likelihood es-
timates of v and b that incorporate more data.
The two sets of calculations yield similar re-
sults.

Figure 2 shows the New Madrid seismic-
ity data and the fitted magnitude-recurrence
model. Three fits to the data are shown: an
exponential model, a characteristic model that
assumes an average rate of occurrence of large
events of 1 in 500 years, and a characteristic
model that assumes an average rate of occur-
rence of large events of 1 in 700 years. These
rates for the characteristic model were chosen
to represent a range of recurrence intervals es-
timated for large events in the New Madrid re-
gion (approximately 600 years, as reported by
Russ [3]). For this analysis a large event is
taken to be one with m& > 7.0, and in the
figures an observed rate of 1/600 is used for
the 1811-1812 earthquakes. The exponential
model underestimates the rate of occurrence of
the large events; as a result only the character-
istic magnitude model (with the two rates for
the large events) is used in calculations.

The analysis of seismicity for the southern
Illinois area source is shown in Figure 3. For
this source the exponential magnitude modeled
is used, as is conventional for area sources in
the CEUS 14].

The calculation of seismicity parameters
described above was performed twice, consid-
ering two sets of geometries. The first set of
geometries represents the the assumption that
the New Madrid source extends near or past
the site (assumptions A, B, C, and E); the sec-
ond set represents the assumption that the New
Madrid source ends 50 km south of the site (as-
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Figure 2: Observed and modeled seismicity for the
New Madrid seismic source.
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Figure 3: Observed and modeled seismicity for South-
ern Illinois source.

sumption C). Figures 2 and 3 correspond to the
first set of geometries.

Maximum magnitudes for the sources were
selected to represent the range of interpreta-
tions specified by the EPRI teams and LLNL
experts. These are as follows. For the New
Madrid source, values of maximum magnitude
of 7.2, 7.5, and 7.8 were assigned weights of 0.2,
0.6, and 0.2, respectively. For the host source,
values of 6.2, 6.5, and 6.8 were assigned weights
of 0.2, 0.6, and 0.2, respectively.

OTHER PARAMETERS
To estimate rupture length RL, the follow-

ing equation was used:

RL = io - 2 l 8 + a 5 1 m » (1)

This equation was fitted to the rupture lengths
predicted by Nuttli et al. [5] for magnitudes 6.6
and 7.6. It predicts a rupture length of 8 km
for mb 6, and a rupture length of 44 km for m*
7.5.

Depths of earthquakes in the New Madrid
sources were taken to range between 2 and
20 km, with a uniform distribution. This re-
flects the possibility that large earthquakes may
occur at relatively large depths in CEUS (al-
though they may also occur at shallow depths).
For the host source a constant depth of 10 km
was used; the small contribution of this source
to seismic hazard at Paducah makes a more de-
tailed unnecessary unnecessary.

ATTENUATION FUNCTIONS
FOR EXTENDED RUPTURES

Attenuation functions that predict magni-
tude saturation at small distances due to ex-
tended ruptures have become standard in Cal-
ifornia. The EPRI/SOG and LLNL attenua-
tion functions do not include saturation effects
because no commercial nuclear plants in the
CEUS are located near faults capable of gen-
erating large earthquakes.

The EPRI/SOG attenuation functions
were selected as a starting point for the devel-
opment of rock-site attenuation functions for
use in this study. Experience from other sites
[6, Appendix A] indicates that the EPRI/SOG
attenuation functions are roughly equivalent
(in their central predictions and their uncer-
tainty bands) to the LLNL attenuation func-
tions without ground-motion Expert 5.

Comparison of the attenuation functions
by Nuttli [7] to predictions that use Nuttli's
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[8,5] source scaling assumptions but use other
methods to predict peak amplitudes [9,10, for
example] indicates that the Nuttli attenuation
function predicts much higher ground motions
for large earthquakes. The Nuttli attenuation
functions are based on scientifically defensible
source-scaling assumptions, but Nuttli's pro-
cess to obtain peak time-domain amplitudes
from spectra is very rudimentary in compari-
son to methods in current use.

As a result, the Nuttli attenuation func-
tions were replaced by attenuation functions de-
veloped using the source scaling model of Nuttli
et al. [5]. The mathematics used to obtain peak
time-domain values, and other model parame-
ters, are identical to those used in [9]; only the
scales assumptions are changed. The resulting
attenuation functions are identified as "Modi-
fied Nuttli Scaling."

In order to quantify the effect of extended
ruptures on near-fault ground-motion satura-
tion, we generated synthetic high-frequency
ground motions from an extended rupture. We
used assumptions based on the ground-motion
simulation method of Jost [11] and Nuttli et al.
[5]. We replaced the deterministic source pulse
with a stochastic pulse with the same spectrum
(to improve results at high frequencies) and as-
sumed \}R geometric spreading for each sub-
event. Using the simulation results for mig 6.6
and 7.6, we obtained a magnitude saturation
term of the form

oc 0.006emi»] (2)

where V represents ground-motion amplitude
(e.g., PGA) and R represents the closest dis-
tance to the rupture.

The magnitude-dependent tern in the
above equation (i.e., the magnitude-saturation
term) is equal to 4.4 km for rnig 6.6 and 12 km
for mis 7.6. This model predicts lower sat-
uration than models for California, because
the underlying source scaling model assumes

smaller ruptures for CEUS earthquakes than for
California earthquakes of the same magnitude.
For instance, Campbell's [12] attenuation func-
tions, predict a magnitude-saturation term of
21 km for Ms 8.4, which corresponds to to
7.6.

PGA a n , T.S PCA s M ro

i o * i o 1 i o * T o * l u io* lo1 io« to*
FAULT DBTAKCE (km) FAULT DISTANCE (km)

Figure 4: Ground motions models used for the New
Madrid source in the extended-source seismic-hazard
calculations: predictions for peak ground acceleration.

The three sets of attenuation functions—
namely, Boore and Atkinson [13], McGuire et
al. [9], and Modified Nuttli Scaling—are mod-
ified by introducing the saturation term of
Equation 2. The resulting attenuation func-
tions are given equal weights in the seismic-
hazard calculations. Figures 4 and 5 show the
ground-motion amplitudes predicted by these
three models for peak acceleration and 1-Hz
spectral velocity. In some panels of figures 4
and 5, the predictions by the Modified Nuttli
scaling are not visible because the stress drop
for small earthquakes was increased to 100 bars,
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Figure 5: Ground motions models used for the New
Madrid source in the extended-source seismic-hazard
calculations: predictions for 1-Hz spectral velocity.
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Figure 6: Peak ground acceleration hazard curves for
Paducah (for rock site conditions) computed from the
extended-source hazard analysis.

causing these predictions to coincide with those
by McGuire et al.

The same three sets of attenuation func-
tions, without the magnitude-saturation term,
are used in computing the hazard from the
southern Illinois source zone. We do not include
the magnitude-saturation term for earthquakes
in southern Illinois because these earthquakes
are modeled as point sources.

RESULTS

Seismic hazard calculations were performed
for peak acceleration and for spectral velocities
at 6 frequencies (0.5 to 25 Hz). Preliminary re-
sults for rock conditions are summarized here
in the form of hazard curves for peak accelera-
tion and 1-Hz spectral velocity (figures 6 and 7)
and median uniform hazard spectra for selected
exceedance probabilities (figuie 8).

PADUCAH (ROCK)
EXTENDED-SOURCE HAZARD RESULTS - 1 Hz PSV

10"
0,85 fmetile
0.50 fr«Ul«
0.15 CracUlc
mun

0. 25. 50. 75.
1 Hz Spectral Velocity (cm/sec)

100.

Figure 7: 1-Hz spectral velocity hazard curves for Pa-
ducah (for rock site conditions) computed from the
extended-source hazard analysis.
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Table 1: Expected Magnitudes and Distances
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Figure 8: Seismic hazard at Paducah (5 % damp-
ing; rock site conditions) computed from the extended-
source hazard analysis. Results shown as uniform haz-
ard spectra for three values of the annual probability of
exceedance.

We also calculate the average magnitudes
and distances associated with a certain ground-
motion amplitude (which in turn correspond
to a certain median non-exceedance probabil-
ity). These quantities provide information on
the kinds of earthquakes that dominate seismic
hazard at the site and the associated duration
and spectral shape. Table 1 shows the aver-
age magnitudes and distances for 1-Hz spectral
velocity and selected exceedance probabilities.
These results indicate that large earthquakes in
the New Madrid area dominate the hazard for
1-Hz spectral velocity and for the exceedance
probabilities of interest.

Table 2 compares the results from the
extended-source seismic-hazard analysis to re-
sults obtained using the EPRI and LLNL
methodologies [14,15], and to the results from
combining the EPRI and LLNL results using
equal weights.

Median Exceedance
Probability (p)

Dominant
Magnitude (Mp)

Dominant
Distance

2x 1(P>
1 x lO"3

2 x 10-*

7.1 65
7.3 52
7.3 38
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THE HANFORD SITE'S GABLE MOUNTAIN STRUCTURE:
A COMPARISON OF THE RECURRENCE OF DESIGN EARTHQUAKES

BASED ON FAULT SLIP RATES AND A PROBABILISTIC EXPOSURE MODEL

A. C. Rohay
Pacific Northwest Laboratory*

Richland, Washington.

ABSTRACT

Gable Mountain is a segment of the Umtanum Ridge-Gable Mountain struc-
tural trend, an east-west trending series of anticlines forming one of the ma-
jor geologic structures on the Hanford Site. A probabilistic seismic
exposure model indicates that Gable Mountain and two adjacent segments
(Gable Butte and Southeast Anticline) contribute significantly to the seismic
hazard at the Hanford Site (Tallman, 1989).
Geologic measurements of the uplift of initially horizontal (11-12 Ma) ba-
salt flows indicate that a broad, continuous, primary anticline grew at an av-
erage rate of 0.009-0.011 mm/a, and narrow, segmented, secondary
anticlines grew at rates of 0.009 mm/a at Gable Butte and 0.018 mm/a at Ga-
ble Mountain. The buried Southeast Anticline appears to have a different
geometry, consisting of a single, intermediate-width anticline with an esti-
mated growth rate of 0.007 mm/a.
The recurrence rate and maximum magnitude of earthquakes for the fault
models associated with these three segments were used to estimate the fault
slip rate for each of the fault models and summed to determine the implied
structural growth rate of the segments. The current model for Gable Moun-
tain-Gable Butte predicts 0.004 mm/a of vertical uplift due to primary fault-
ing and 0.008 mm/a due to secondary faulting. These rates are roughly half
the structurally estimated rates for Gable Mountain, but the model does not
separate the Gable Mountain and Gable Butte segments and thus does not
account for the smaller secondary fold at Gable Butte. The model predicted
an uplift rate for the Southeast Anticline of 0.006 mm/a, but this was caused
by the low "fault capability" weighting rather than a different fault geome-
try.
The effects of previous modifications to the fault models are examined and
potential future modifications are suggested. For example, the earthquake
recurrence relationship (Rohay, 1989) used in the current exposure model
has a b-value of 1.15, compared to a previous value of 0.85. This increases
the implied deformation rates due to secondary fault models, and therefore
supports the use of this regionally determined b-value to this fault/fold sys-
tem.
•Pacific Northwest Laboratory is operated for the U.S. Department of En-
ergy by Battelle Memorial Institute under Contract DE-AC06-76RLO 1830.
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REASSESSMENT OF SEISMIC HAZARDS
AT THE LOS ALAMOS NATIONAL LABORATORY

Ivan G. Wong and Mark A. Hemphill-Haley
Woodward-Clyde Consultants

500 12th Street, Suite 100
Oakland, CA 94607

Keith I. Kelson
William Lettis & Associates
1000 Broadway, Suite 612

Oakland, CA 94607

Jamie N. Gardner and Leigh S. House
Los Alamos National Laboratory

Los Alamos, NM 87545

ABSTRACT

A comprehensive seismic hazards evaluation program has been initiated at the Los Alamos
National Laboratory (LANL) to update the current seismic design criteria. In part, this
program has beenmotivatcd by recentstudies which suggest thatfauksof the nearby Pajarito
fault system may be capable of generating a large magnitude earthquake (M > 7). The
specific objectives of this program are to: (1) characterize the tectonic setting of the LANL
area; (2) characterize the nature, amount, and timing of late Quaternary fault displacements;
(3) reevaluate the recorded seismicity in the LANL region to allow for the evaluation of
seismogenic faults and the tectonic state of stress; (4) characterize the subsurface geologic
conditions beneath the LANL required for the estimation of strong ground motions and site
response; (5) estimate potential stronggroundshakingbothdeterministicallyandprobabilistic-
aliy; and (6) develop the appropriate seismic design criteria. The approach and initial results
of this seismic hazards program are described in this paper.

INTRODUCTION than M 5̂ within 50 km of LANL, geologic evidence exists for
large surface-faulting events (M > 7 or greater) occurring with

The Los Alamos National Laboratory (LANL) is located the Rio Grande rift during the Holocene. Recent studies have
along the western margin of the Rio Grande rift in north- idena'fiedrepeatedepisodesofdisplacementpossiblyasyoung
central New Mexico, a major tectonic feature in the western as4,000to6,000yearsagoontheGuajeMountainfault, which
U.S. (Figure 1). Although the historical seismicity record isapossiblesegmentofthelOO-km-longPajaritofaultsystem.
includes no damaging earthquake larger than approximately This fault system forms the western boundary of the LANL
Richter magnitude (M.J) 6 within the rift and no events larger (Figure 2). In an effort to update the seismic design criteria
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Figure 1. SEISMICITY. 1973 TO 1S34 AND GENERALIZED GEOLOGIC AND TECTONIC
FEATURES IN NORTHERN NEW MEXICO. FROM HOUSE AND CASH [4].

presently being used at LANL, which were developed in
1972, a comprehensive seismic hazards program of
seismologic, geologic and geotechnical studies has been
initiated (Figure 3). These studies include analysis of aerial
photography. Quaternary mapping, paleoseismic trenching
investigations, evaluation of fault characteristics and seg-
mentation, ree valuation of contemporary seismicity recorded

by the LANL microearthquake network, sub-surface site
investigations (drilling and downhole geophysics), dynamic
labcatory testing of drillhole core samples, and both proba-
bilistic and deterministic ground motion evaluations. The
following paper describes in detail the seismic hazards pro-
gram and the initial results obtained to date.
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SCOPE OF WORK

The objective of this program is to identify and charac-
terize seismic sources capable of generating strong ground
shaking at the LANL and to quantify those ground motions
for the purposes of evaluating the seismic safety of existing
and future facilities. To accomplish this objective, the fol-
lowing activities have been and will be performed:

• Assess the nature, amount, and timing of surface
displacements along faults in the LANL region. Of
highest priority are the Frijoles Canyon, Rendija Can-
yon.andGuajeMountainfoultsegmentsofthePajariio
«ault system (Figure 2).

• Assesspotentialrupiuredimensicnsoffaultsegments
of the Pajarito fault system. Necessary data include
potential rupture lengths, down-dip fault width and
geometry, and persistence of segment boundaries.

• Assess the regional tectonic setting of the LANL,
including structural relations along (he northern and

southern extensions of the Pajarito fault system, fault
segmentation, possible associations between contem-
porary seismicity and geologic structures, and the
regional stress regime.

Improve the hypocentral locations and determine fo-
cal mechanisms of earthquakes recorded since 1973
by theLANLscismographic network toassess possible
associations between seismicity and known geologic
structures.

Assess subsurface geologic conditionsat specific LANL
facilities for the estimation of potential strong ground
shaking. Site-specificdatarequiredforthisassessment
include shear wave velocities, damping, and dynamic
properties of subsurface strata.

Perform both deterministic and probabilistic analyses
of seismic hazards. Data required include physical and
behavioral characteristics of known potential seismic
sources, and uncertainties associated with these char-
acteristics.

FAULT INVESTIGATIONS

Ao* Estimation
StudiM

Acquitltlon irtd

Photogtaphy

J.
Rtglonal
Quaternary
Investigations

_L
Detailed
Characterization
ol Investigation
Areas

Paleoseismic
Trenching

Characterization
of Regional
Tectonic Setting

Evaluation ol
Historic and
Contemporary
Setaniciiy

Seismic Source
Characterization

Characterization
ot Site Geology

Deterministic
Ground Motion
Estimates

Probabilistic
Seismic Hazard
Analyses

Development o(
Seismic Design
Criteria

Figure 3. FLOW DIAGRAM OF LANL SEISMIC
HAZARD STUDIES.
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* Ground motion estimates resulting from the above
analyses will provide the basis for developing new
site-specific seismic design criteria.

* Develop criteria for microzonation of the LANL for
both strong ground shaking and potential surface rup-
ture hazards.

Previous Studies
The assessment of earthquake strong shaking and the

development of seismic design criteria at LANL have been
based, to a large extent, on a study performed for the Pluto-
nium Processing facility in 1972 [1]. At that time, the
possibility of a large earthquake occurring on the nearby
Pajarito fault system was not recognized. Dames and Moore
[1] recommended a design peak horizontal acceleration of
0.33 g, based on an estimated maximum expected level of
potential ground shaking corresponding to a Ross»-Forel
intensity (RF) VIII (roughly equivalent to a Modified Mer-
calli [MM] intensity VII). This design value was based on an
evaluation of the historical earthquake record, which unfor-
tunately is incomplete, temporally short, and probably not
indicative of future earthquake activity. In addition, Dames
and Moore [1] did not assess the seismogenic capability of
faults within the LANL region.

Reviews by Gardner and House [2] and Woodward-
Clyde Consultants (WCC) [3] of the available geological
information both concluded that additional data are required
to fully assess seismic hazards at the LANL and to update the
1972 seismic design criteria. In particular, additional data
concerning the nature, amount, and timing of displacements
on the Pajarito fault system, and on potential ground motions
and site response are required.

SEISMOTECTONIC SETTING AND HISTORIC AL SEIS-
MICITY

Numerous small to moderate magnitude earthquakes
have occurred in the Los Alamos area within the past 100
years, the approximate length of the historical earthquake
record [4]. The largest event was the 1918 Cerrillos earth-
quake, which based on felt reports may have been M^ 5 to 6.
This earthquake was located approximately 55 km south-
southeast of Los Alamos and has been reported to have had a
maximum intensity of RF VIII [4]. This probably produced
thehighestgioundshakinginLosAlamos(RFVI)inhistorical
times. The largest earthquakes known to have occurred
within the Rio Grande rift in historical times were part of the
1906-1907 Socorro swarm. Three events in the swarm are
thought to have had maximum intensities of MM VIII,
equivalent to approximately ^ 6. Several earthquakes of M,̂
3 to 4, some felt by local residents, have also occurred in the
Los Alamos area.

In contrast to the historical earthquake record, there is
some evidence for large prehistoric surface-faulting events in
the Rio Grande rift. In the central portion of the rift,
paleoseismic investigations have revealed at least five surface
rupture events, M,_ 7 occurring during the late-Quaternary
along the 35-km long La Jencia fault near Socorro [5]. Like
the Pajarito fault system, the La Jencia fault is a major basin-
margin normal fault that borders the west edge of the Rio
Grande rift.

The Pajarito fault system is a major structural element
within the northern Rio Grande rift that separates the Jemez
Mountains volcanic pile on the west from the central Espafiola
Basin on the east [6, 7]. Although prominent topographic
scarps in the 1.1 Ma Tshirege Member of the Bandelier Tuff
clearly suggest multiple late-Quaternary displacements along
the Pajarito fault system, the only directevidenceof faultcap-
ability in the Los Alamos area is described along the Guaje
Mountain fault segment by Gardner et al. [8]. They report
post-6 ka displacement of strata exposed in a trench across the
faultin Cabra Canyon. Gonzalez and Gardner [9] also suggest
that a 180- to 250-ka-old geomorphic surface is displaced
approximately 12 m in a down-to-the-west sense along the
fault.

Several other lines of geologic or geomorphic evidence
suggest, but do not unequivocally indicate, that other faults
within the Pajarito fault system in the Los Alamos area have
been recently active. For example, along the Frijolcs Canyon
segment, topographic scaips up to 125 m high in Bandelier
Tuff indicate substantial post-1.1 Ma displacement \2]. In
addition, Gardner and House [2] identified displaced Quater-
nary alluvium in one exposure along the Bland-Sanchez
Canyon segment of the Pajarito fault system, about 11 km
south of the LANL. The age of this alluvium is poorly
constrained. The number and sense of displacements repre-
sented in the Bland Canyon exposure are unknown, but it is
possible that the 6 m of apparent vertical separation was
producedby more thanoneevent. These relations suggest thai
there have been multipledisplacementsduringtheQuatemary
and therefore this fault segment may be capable. In summary,
geologic data suggest that fault segments in the LANL area
have been active in the (ate Quaternary. Studies proposed in
the seismic hazards program have been designed to test this
hypothesis and to determine whether the fau'ts of the Pajarito
fault system are capable of generating large-magnitude
earthquakes.

CURRENT STUDIES AND INITIAL RESULTS

The seismic hazards evaluation program developed to
update seismic design criteria at the LANL consists of twelve
primary tasks (Table 1 and Figure 3). Each of these tasks
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TABLE 1
TASKS IN LANL SEISMIC HAZARDS STUDY

Task 1: Acquisition and Analysis of Aerial Photography
• Conventional black-and-white and color photography
• Low-sun-angle or oblique photography

Task 2 : Regional Quaternary Investigations
• Field reconnaissance
• Helicopter and fixed-wing aircraft overflights
• Verify and, as appropriate, adopt previous Quaternary map units
• Prepare regional Quaternary maps (scale 1:12,000) along the Pajarito, Embudo, and La Bajada fault zones.
• Assess deformation of base of Bandelier Tuff via refinement of structure contour map

Task 3: Detailed Characterization of Investigation Areas
• Delineate linear and planar datums (fluvial terrace surfaces, alluvial fan surfaces, active and buried channels,

planated bedrock surfaces, valley margins, and stratigraphic markers)
• Field mapping and topographic surveying
• Assess surficial expression of deformation (lineaments, drainage, patterns, linear ridges, fault scarps)

Task 4: Pateoseismic Trenching
• Excavation, shoring, logging, interpretation
• Assessment of Quaternary deformation and near-surface fault geometry

Task 5: Age-Estimation Studies
•Estimate ages of Quaternary deposits and geomorphic surfaces
• Numerical techniques (radiocarbon, thermoluimncscence, potassium-argon)
• Correlative techniques (tephrochronology, amino acid raccmization)
• Relative techniques (topographic position, soil-profile development, surface morphology, deposit characteristics)

Task 6: Characterization of Regional Tectonic Setting
• Review of published and unpublished data
• Interaction with active researchers
• Compilation of regional tectonic map (1:100,000)
• Refine existing or develop new tectonic models

Task 7: Evaluation of Contemporary Seismicity
• Seismic data review and reanalysis
• Development of crustal velocity model
• Earthquake relocations and determination of focal mechanisms

Task 8: Seismic Source Characterization
• Significant sources and locations
• Fault geometry, type, slip rates, segmentation, maximum earthquakes
• Assessment of earthquake recurrence

Task 9: Characterization of Site Geology
• Drilling and lithologic logging
• In situ shear-wave velocity and shear-wave damping measurements
• Dynamic laboratory testing

Task 10: Deterministic Ground Motion Estimates
• Empirical estimates
• Stochastic site-specific estimates

Task 11: Probabilistic Seismic Hazard Analyses
• Treatment of uncertainties through logic trees
• Site-specific probabilistic hazard curves
• Probabilistic response spectra

Task 12: Development of Seismic Design Criteria
• Acceleration response spectra for design
• Time histories for design
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involves several subiasks, and many of Che tasks and subtasks
are co-dependent. Hie first phases of the program are de-
signed to characterize potential seismic sources through fault
investigations.characterizalionof the. regional tec tonicsetting,
and evaluation of contemporary seismicity. Initial results
from these phases (Figure 3) which provides input to the
seismic source characterization are briefly described below.

Available conventional aerial photography and low-sun-
angle photography was analyzed at a reconnaissance level.
New low-sun-angle photography was obtained to assess the
geomorphic expression of the Pajarito fault system and to
identify investigation areas for detailed paleoseismic studies.
Aerial reconnaissance was also conducted along the Pajarito,
Embudo and La Bajada fault zones. During this flight, fault-
related features possibly associated with the Rendija Canyon
fault were identified in the Los Alamos County landfill.

Regional field mapping has been conducted along the
Frijoles Canyon segmentofthePajaikofaultsystemandalong
the Rendija Canyon and Guaje Mountain faults. The objec-
tives of this mapping are to map 'ate-Quatemary surficial
deposits and fault-related features ith the intent of selecting
potential trench locations. In addition, a preliminary working
model of scraugraphic relations for surficial deposits younger
than the Bandelier Tuff has been developed. This model
should aidinprovidingapproximaterelau'veagc-csumatcs for
undispiaced and displaced deposits along the fault zones. As
pan of this mapping of surficial deposits, existing borehole
and building-foundation data in the vicinity of the LANL has
been compiled. This compilation provides information on the
thicknessand distribution of late-Quatemary alluvium overly-
ing the Bandelier Tuff and on the presence or absence of late
Quaternary faulting. Based on field studies, we have selected
a total of nine investigation areas for possible trenching along
the Pajarito fault system. Four of these areas are along the
Frijoles Canyon faultsegment, twoareas are along the Rendija
Canyon fault, and three areas are along the Guaje Mountain
fault

Based on aerial and field reconnaissance studies, a major
strand of the Rendija Canyon fault was identified in the 12- to
15-m high northern wall of the Los County landfill. Strati-
graphic and structural contacts (faults and fractures) exposed
in the excavation wall were flagged, surveyed, and then
plotted on a map of the pit wall at a scale of approximately
1:20. Contacts were mapped from an aerial lift and from the
ground. Detailed structural data were collected for several
major faults and fractures. Sediment samples were collected
and will be submitted forpaleomagnetic analysis. Analysis of
the fault at this site provides information on the style and
amount of middle to late Quaternary displacement along this
major fault strand of the Pajarito fault system. In brief, the

presence of both extensions! and compressions! features
within the fault zone exposed at the landfill suggests this fault
strand is characterized by a large component of lateral dis-
placement. Additional investigations will be designed to
address the sense of slip, as well as the timing and amount of
displacement, along this fault.

A program of drilling was initiated and is currently in
progress with the intent of providing sufficient data to charac-
terize the subsurface geology beneath the LANL and, in
particular, beneath *J1 moderate to high-hazard facilities. A
specific objective is to characterize the BandelierTuff andany
other unwelded volcanic unit or unconsolidated sedimentary
unit in the subsurface above basement rock. Such units can
have a significant impact on strong ground shaking due to
their damping properties and tendency to behave nonlinearly
under high strain levels. A total of two 213-m-deep and two
61 -in-deep boreholes are planned to be drilled. The first hole
located at one of the high hazard facilities was completed at a
depth of 213 m. Samples were collected fordynamic laboratory
testing. Downhole shear-wave velocity measurements willbc
performed in each borehole. Based on geologic and shear-
wave velocity profiles extending to depths of basement or
high velocity rock, site-specific ground motion estimates will
be made.

A program of relocating a subset of the earthquakes
recorded by the LANL regional seismographic network since
1973 is also partially completed. Approximately 900 events
in a region out to a distance of ISO km have been relocated
through systematically evaluating the original arrival time
data, deleting obvious reading errors and, in some cases,
rereading arrival times.
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ABSTRACT

A geotechnical investigation has been completed at Savannah River
Site to characterize the foundation conditions in K-Reactor Area and
confirm soil design properties for use in seismic qualification of struc-
tures. The scope of field work included ten soil borings to a 200-foot
depth with split-spoon and undisturbed sampling. Additionally,
42 cone penetrometer tests were performed with seismic down-hole
measurements. Three cross-hole shear wave velocity tests were also
completed to confirm the assumed dynamic properties which had been
used in preliminary seismic analysis.

INTRODUCTION AND PURPOSE

The design criteria necessary for evaluation of
earthquake effects on essential structures and
systems in the reactor areas is based on the
analyses of the soil-structure interaction
response during the Design Basis Earthquake
(DBE) which has a PGA of 0.2 g at the ground
surface. As a part of the Seismic Qualification
Program for Reactor Restart at the Savannah
River Site, Westinghouse Savannah River
Company (WSRC), the operating contractor for
the Department of Energy, recently conducted
an extensive subsurface investigation and
evaluation program of the foundation condi-
tions in K-Reactor Area in order to confirm
actual in situ seismic soil parameters which
had been extrapolated from previous earlier
site studies in the area. The purpose of this
new geotechnical investigation program was to
characterize the soil layering as well as to
collect samples for laboratory tests to deter-
mine soil parameters for use in analysis of the
behavior of the foundation and structures
during a seismic event.

General Site Geology

The Savannah River Site (SRS) is located on
the Atlantic Coastal Plain and the foundation
soils consist of unconsolidated marine and
fluvial sediments of sandy soils about 1,050
feet thick over basement rock. The surficial
geology (upper 200 feet) is composed of sand,
sandy-clay and clayey-sands which are under-
lain by unconsolidated and partially consoli-
dated sediments. The upper soils consist suc-
cessively down from the ground surface of the
Hawthorne, Barnwell and McBean formations
of tertiary age. The Tuscaloosa formation lies
between the McBean and the basement rock.

K-Area Soils

Original foundation investigations for K-Reac-
tor Area structures were carried out by tlie
U.S. Army Corps of Engineers (COE) in 1951
before plant construction [1]. During the
drilling of exploratory soil borings in many
areas of SRS, numerous rod drops and drilling
fluid losses were observed in the upper part of
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the McBean formation. These drilling occur*
rences were considered by the COE to be indi-
cative of soft zones and/or cavities formed by
the solutioning of calcium carbonates from the
marine strata due to the circulation of ground
water over millions of years. In the K-Area,
the soil zone between 110 and 170 feet below
the ground surface is in the McBean forma-
tion. Typical depths of rod drops and drilling
fluid losses which occurred ranged from
96 feet to 160 feet below the ground surface.
In order to preclude potential for settlement
due to the structure loads, an extensive
grouting program to consolidate these soft
soils was performed by the COE prior to con-
struction of the major buildings throughout
the site 12].

OBJECTIVES OP THE PROGRAM

The main objectives of the soils investigation
program were to characterize the reactor area
foundation, determine soil properties, evaluate
potential settlements and liquefaction and
confirm or redefine assumed values used in
the preliminary SSI analyses. These require-
ments were carried out through completion of
the following four geotechnical activities.

Profile of TTifl and
penetration resistance and shear
wave velocity versus depth to
200 feet using field testing.

• Exploration for potential cavities or
soft zones using various sampling
techniques and down-hole cone
penetrometer tests.

Evaluation of potential for sfelc
ally induced settlement or lique-
faction potential using specialized
laboratory tests.

Estimation of potential settlements
at ground surface.

Coordination Requirements for Site Work

In order to mobilize resources quickly and
begin site drilling in a minimum time as
requested by DOE, it was necessary to com-
bine the efforts of four subcontractors into a
project team using existing site contracts and
task orders. The major participants in the
investigation and their various scopes of res-
ponsibility are listed under Acknowledgments.
In addition to the need to assemble and
manage the four technical components of the
soils investigation program, i.e., drilling tech-
nical oversight, laboratory testing, and con-
sultant evaluation, many other site coordi-
nation and security activities were required in
order to initiate actual field drilling operations
in the reactor site area. A QA Program Plan
was developed based on SRS QA procedures
and the contractor's operating technical work
procedures. After receiving direction from
DOE in April to initiate the program as soon
as possible, work in the K-Reactor Area was
started on June 18, 1990. The field work
continued for five months and was completed
in November 1990. Laboratory testing con-
tinued through January 1991, and a draft
evaluation report was developed and submit-
ted for DOE review in February 1991. The
final report covering the total program and
evaluation of results was completed and pub-
lished on March 15,1991, WSRC [3].

Field Investigation

A series of Cone Penetration Tests (CPT) were
perfonned initially to identify the locations
where the soft zones detected by the COE
were present. Most of the investigation was
concentrated in areas not grouted by the COE.
Down-hole seismic shear wave velocity mea-
surements were also performed in several of
the CPT soundings. Subsequent exploration
by means of Standard Penetration Test (SPT)
borings was concentrated adjacent to CPTs
that found soft zones. Fourteen borehole
locations were drilled and sampled around the
Cooling Water Reservoir and the reactor
buildings. SPTs were perfonned at 5-foot
intervals, and at three locations, a series of
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three boreholes 10 feet apart were drilled and
cased to allow cross-hole shear wave velocity
tests to be performed to a depth of 200 feet
below yard grade.

Laboratory Tests

In addition to SPT sampling, undisturbed
samples of the silty and clayey sands and
clays were obtained using fixed-piston and
pitcher-barrel samplers at selected depths.
Laboratory soil index tests including moisture
content, sieve and hydrometer analyses for
grain size curve data, and liquid and plastic
limit tests were performed by the WEGS lab
in Columbia, South Carolina. Laboratory tests
on the undisturbed samples were performed by
the GEI lab in Winchester, Massachusetts.
These tests included specific gravity, one-
dimensional consolidation, drained triaxial
compression, resonant column, and cyclic
triaxial small strain tests.

RESULTS AND CONCLUSIONS

Soil Conditions

The description of the soil conditions present-
ed below pertains mostly to the soft zones
found typically at depths of 115 to 145 feet
(elevation of 155 to 125). A typical soil profile
is presented in Fig. 1, and a plot of all shear
wave velocity measurements is shown in
Fig. 2. The soils are predominantly sands,
generally ranging from medium dense to
dense. The CPT log indicates a soft zone at
about elevation 130, about 5 feet thick. For
classification purposes, a soft zone was defined
as sands having a CPT tip resistance of less
than 200 psi, or zones in which the borings
indicated a loss of drilling fluid and/or drops of
rods under their own weight.

A review of all the soft zones encountered in
the borings and CPTs indicated an average
thickness of soft zones of 6 feet and a maxi-
mum of 15 feet. Soft zones were encountered
in about one half of the CPTs, and it was
concluded that on average the soft zones
occupy about 10 to 15% of the volume of the

30-foot-thick layer between elevation 155 and
125. The soft zones are probably elongated
features with a width similar to their height.
The results of laboratory tests and in situ
measurements indicated the following relative
to the properties of the soils in the soft zones
and the soil surrounding the soft zones
(matrix):

• Both soft zone and matrix soils
consist mostly of clayey sands or
sandy clays with 6 to 60% fines.
Generally the matrix soils were less
clayey than the soft zones. Shell
fragments were observed in some
samples of both soft and matrix
soils. No cementation was observed
in either type of soil.

• Consolidation test results on soft
zone soil samples indicated that the
soil is consolidated to only 12 to 43%
of the average effective overburden
stress. If the consolidation stress
were to increase to the full over-
burden the soft zone soils would
compress on average about 14%.

• The low CPT resistance and the
losses of drilling fluid in borings
correspond to soft soil zones rather
than cavities since: 1) soil samples
were actually obtained from the soft
zones; 2) the matrix soil was not
cemented; and 3) shear waves were
transmitted through the soft zones
in the down-hole tests with the CPT
equipment.

An interpretation of the origin of the soft
zones is that they were originally sedimentary
deposits predominantly composed of quartz
sand, silt and sand- to pebble-sized shell
fragments, Price [4]. Percolating ground water
removed much of the shelly fragments by dis-
solution. Shell fragments were locally re-
placed by precipitated silica, but an overall
volume decrease of the soil deposits occurred
wherever shell fragments were present. The
volume decrease probably caused the large
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shallow depressions tuat have been identified
throughout the SRS area. A larger tendency
for compression would occur in certain zones
of the layer because of a higher concentration
of soluble shells. If these zones are small
enough in lateral extent, the surrounding soils
will arch over such zones leading to the state
of underccnsolidation that was actually ob-
served in the soft zones during drilling.

The state of underconsolidation is consistent
with the losses of drilling fluid in boreholes
and the grout takes during the grouting pro-
gram performed by the COE in the early
1950's [2]. The pressure of the drilling fluid
and of the grout exceed the effective stresses
in the soft zones leading to hydraulic fractur-
ing within the soft zones and compression of
these soils providing the space into which
drilling fluid or grout penetrates.

Potential for Liquefaction and Settlements

The presence of the soft zones represents a
condition, which to the authors' knowledge,
has n<- precedent for evaluation of seisnucally
induced liquefaction. The soft zones are at
depths of 115 to 145 feet below the ground
surface and are not affected by the presence of
the structure because all major structures
were built as floating foundations, i.e., their
net bearing pressures are about zero. Thus
the behavior of the soft zone layer can be
analyzed for free-field conditions. Propagation
of shear waves through the soft zone layer will
be controlled by the matrix material, since the
soft zones account for only 10 to 15% of the
volume of the layer. The shear wave velocity
measurements in the matrix soil indicate
similar shear wave velocities to the overlying
soils, i.e., about 1,100 ft/see. The presence of
the soft zones will result in slightly lower
values for the layer as a whole, estimated as
about 1,000 ft/sec

The main issue for assessing seismically
induced settlements is the potential for the
collapse of the arching of the matrix soils and
the resulting compression of the soft zones.
The potential for the collapse of the arching is

directly tied to the potential for seisnucally
induced pore pressure increases in the matrix
soils, since significant deformations would
occur if the pore pressures reach values close
to 100% of the initial effective stress.

Two methods were followed to estimate pore
pressure increases. The empirical chart by
Seed et al. [5] relates manifestations of pore
pressure increases (mostly sand boils) in level
ground sites to earthquake intensity and blow-
counts. The blowcounts of the matrix soils
greatly exceed those of sites in which sand
boils were observed, thus leading to the
conclusion that pore pressure increases in the
matrix soils will be insignificant for the 0.2 g
seismic event. Note that for this analysis the
blowcounts in the soft soils are irrelevant,
since the soft zones occupy a very small per-
centage of the volume of the layer and are sur-
rounded by stiffer matrix soils that limit their
ability to strain and develop pore pressure.

A methodology by Castro [6] was also followed
to estimate pore pressure increases and subse-
quent settlements for level ground sites. Seis-
mically induced shear strains were computed
for the postulated seismic event using the
measured shear wave velocities throughout
the soil profile. These strains were then used
to estimate pore pressure increases based on
the results of the cyclic tests on samples from
the SRS and on published data by Dobry [7].
The maximum cyclic strains occurred in the
layer containing the soft zones, but thfc peak
strain was only about 0.1% which would
correspond to less than 20% pore pressure
increase. Thus these results are in agreement
with those obtained following the Seed et al.
methodology [5]. It was then concluded that
the arching of the matrix soil around the soft
zones would not be affected by the 0.2 g earth-
quake.

The maximum compression of the soils follow-
ing the earthquake was estimated to be at
most 1.5 inches following the procedures in
Castro [6]. It was conservatively assumed
that the soils would undergo compression only
in certain areas of the site. Differential settle-

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

181



ments at the ground surface were then esti-
mated using techniques based on loss of
ground into soft ground tunnels by Peck [8]
tmd Attewell et al. [9]. The maximum slope of
the settlement profile at the ground surface
was estimated to be at most 0.06 inch per
10 feet (1 in 2,000), which is well within
acceptable limits.

Soil Parameters for Seismic Analysis

The key parameter required for soil-structure
interaction studies is the shear wave velocity
of the foundation soils. The recommended
shear wave velocity profile is presented in
Fig. 2 which indicates good agreement be-
tween cross-hole and down-hole measure-
ments. Dow^-iole data was obtained at 17
locations and cross-hole data at 3 locations.
Note that the down-hole data shows greater
vertical and horizontal variability, which is
probably due to the propagation velocity hav-
ing been measured for shorter distances in the
down-hole tests than in the cross-hole tests.
The lower values for the down-hole data, in
the depth range of about 115 to 145 feet,
represent measurements in the soft zone
material.

SUMMARY

An extensive geotechmcal investigation to
evaluate soil properties in the K-Reactor Area
has confirmed that the foundation soils are
safe for support of the structures during and
after the DBE. The soft zones found in a
matrix of stronger materials at depths of 115
to 145 feet will not constitute a safety risk to
the facilities, since their existing conditions
will not he affected by the DBE.
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ABSTRACT

Ground motion assessments are presented for evaluation of the
seismic safety of K-Reactor at the Savannah River Site. Two earthquake
sources were identified as the most significant to seismic hazard at the
site, a M 7.5 earthquake occurring at Charleston, South Carolina, and
a M 5 event occurring in the site vicinity. These events control the low
frequency and high frequency portions of the spectrum, respectively.

Three major issues were identified in the assessment of ground
motions for the Savannah River site; specification of the appropriate
stress drop for the Charleston source earthquake, specification of the
appropriate levels of soil damping at large depths for site response
analyses, and the appropriateness of western US recordings for
specification of ground motions in the eastern US.

INTRODUCTION

This paper summarizes the results of a site-
specific deterministic assessment of earthquake
ground motions for the K-reactor at the
Savannah River Site (SRS). The purpose of the
study was to assist the Environmental Sciences
Section of the Savannah River Laboratory in
reevaJuating the design basis earthquake (DBE)
ground motion at SRS using approaches defined
in Appendix A to 10 CFR Part 100. This work
is in support of the Seismic Engineering
Section's Seismic Qualification Program for
reactor restart. Presented in this paper is a brief
summary of the study that is documented in [1].

There have been considerable advances in
ground motion assessment for eastern US
earthquakes in recent years. In this paper we
illustrate how these new approaches were applied
to the assessment for SRS and discuss the

significant issues raised during the course of the
study. The focus of this paper is on ground
motion assessment. However, prior to
presenting that subject, we present a brief review
of the assessment of the Design Basis
Earthquakes (DBE).

SPECIFICATION OF THE DESIGN BASIS
EARTHQUAKES

The identification and characterization of
earthquake sources of significance to ground
motions at the K-reactor site at SRS followed the
methodologies established by precedent in
applications of Appendix A for eastern U.S.
commercial reactor sites and as represented in
the Standard Review Plan for Chapter 2.5 [2].
Specifically, the potential causes and geologic
structural controls of earthquakes were
considered as well as the seismotectonic
provinces within which earthquakes occur. After
evaluating several local and regional seismic
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sources, the two potential sources of future
earthquakes considered most significant to the K-
reactor site are the Charleston source and a local
random earthquake occurring in the upper coastal
plain. Each of these are discussed below.

CHARLESTON SOURCE

Location The first earthquake source
identified that may affect ground motions at the
SRS is the source that gave rise to the 1886
Charleston, South Carolina earthquake. This
earthquake was the largest historical earthquake
in the Coastal Plain tectonic province (maximum
intensity of MMI X) and is one of the largest
earthquakes that has occurred in the eastern U.S.
during the historical period. It is our
interpretation that the source of future Charleston
type earthquakes should be located in the
meizoseismal region of the 1886 event. While
the causative structure for the 1886 event has not
been definitively identified [3], the ongoing
seismieity in the region, the existence of several
candidate structures, and most importantly, the
evidence for repeated occurrence of similar
events near Charleston over the previous several
thousand years [4, 5, 6] with little evidence for
other sources to the north or south [5, 7] argues
for spatial stationarity of the source. Assuming
that the source lies within the intensity X contour
for the 1886 event or is oriented in the direction
of isoseismal elongation (Figure 1), the
Charleston source lies at a distance of about 120
km from the site.

Maximum Earthquake Magnitude In this
deterministic assessment, we have followed the
precedent set by the NRC in its recent
application of Appendix A [8] and have assumed
that an appropriate maximum earthquake for the
Charleston source is one that is similar in size to
the 1886 earthquake. We have adopted the most
recent studies of the size-expressed as moment
magnitude-of the Charleston.

Johnston [9] in his work for the Electric
Power Research Institute Stable Continental
Regions study [10] has developed relationships
between isoseismal areas and seismic moment
from an extensive earthquake data base for stable
continental regions (SCR) that are tectonically
similar to the eastern United States. Based on
the smoothed isoseismal map of Bollinger [11]
and assuming symmetry in the isoseismals at the
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Figure 1 • Site vicinity map showing the Charleston source
and the distribution of recorded seismicity.

coastline, Johnston [9] arrives at seismic moment
estimates based on the isoseismal areas for felt
area, and intensities IV, V, and VI. Averaging
these moment values, Johnston arrives at a
seismic moment estimate for the 1886 Charleston
earthquake of about 2.75-lO27 dyne-cm, and,
using Hanks and Kanamori [12], a moment
magnitude estimate of M 7.5.

LOCAL SOURCE

Location Following the application of
Appendix A as represented in the Standard
Review Plan for Chapter 2.5 [2], we consider
the possibility of a nearby source that may
generate earthquakes within the local site
vicinity. Based on the available data and
interpretations, the known faults that exist in the
local site vicinity, such as the Pen Branch fault
and the border fault zone of the Dumbarton
basin, are not considered to be capable. In the
absence of an identifiable nearby seismic source,
we allowed for the possible existence of a
random "nearby" source that might exist within
the local site vicinity. By convention, the "local
site vicinity" is taken to be the region within
about 25 km of the site.
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Maximum Earthquake
f l l i h h

q e M p Again
following the approach of Appendix A, the
magnitude assigned to the local source represents
the largest event known to have occurred within
the site tectonic province. The largest
earthquakes that have occurred during the
historical period within 25 km of the site have
been in the magnitude range of about 2.0-3.0,
including the 1985 n w 2.6 earthquake [13] that
occurred within the SRS boundary. However,
we do not consider these events to be
representative of the maximum magnitudes
possible in the site vicinity. The site is underlain
by crystalline basement rocks equivalent to those
of the Piedmont province. Therefore, we
consider the largest earthquakes that have
occurred within the Piedmont tectonic province
to provide a reasonable constraint on the
maximum magnitude within the site vicinity.
The 1913 Union County earthquake (moment
magnitude M 4.5, see Figure 1) is the largest
historical earthquake within the southeastern
Piedmont province, and the 1875 Central
Virginia earthquake (M 4.8) is the largest
historical earthquake that has occurred within the
Appalachian Piedmont. Therefore, we conclude
that the maximum magnitude for the nearby
seismic source is moment magnitude M 5.0.
Relationships between seismic moment and mbLs
(e.g., [14, 15]) indicate that moment magnitude
M 5.0 is equivalent to mhLg 5.3.

ASSESSMENT OF STRONG GROUND
MOTION

Site-specific strong ground motions resulting
from the design basis earthquakes defined above
were assessed using three approaches that have
been employed in recent licensing efforts for
commercial nuclear power plants. These are:
estimation of site-specific ground motions using
empirical ground motion attenuation relationships
for the appropriate tectonic regime and site
conditions, statistical analysis of strong motion
data from earthquake* within similar tectonic
environments reccrdeo on sites with similar
subsurface conditions, and estimation of site-
specific ground motions using physical-numerical
models. While empirical approaches have been
the basis for the majority of seismic safety
evaluations of commercial nuclear power plants,
estimates of ground motion obtained from
physical and numerical models have played an
important role in recent safety reviews.

SITE CONDITIONS AND DYNAMIC SOIL
PROPERTIES

The K-Reactor site at Savannah River is
underlain by approximately 275 meters of coastal
plain sediments, consisting of sandy soils with
interbedded clays. The measured shear wave
velocity in the upper 60 ra are in the range of
300 to 400 m/sec [16]. Below 60 m, the shear
wave velocity was assumed to increase smoothly
to a value of 760 m/sec at the baserock interface
(275 meter depth). The shear wave velocity
gradient with depth was assumed to follow a
generic deep soil site velocity profile developed
by the Electric Power Research Institute to
analyze ground motions at eastern US nuclear
power plants [17]. Measured compression wave
velocities at SRS in the depth interval of 60 to
250 meters are consistent with the postulated
shear wave velocities.

The base rock consists of approximately 3 km
of Triassic sedimentary rocks overlying
crystalline basement. Measured compression
wave velocities in the two materials range from
4.0 to 5.0 km/sec in the sedimentary rock and
from 5.4 to 6.1 km/sec in the crystalline
basement [18]. Assuming a Poisson solid, the
average baserock shear wave velocity is
approximately 2.5 km/sec in the sedimentary
rock and 3.5 km/sec in the crystalline rock.

The strain-compatible soil modulus reduction
and damping relationships used in site response
analyses are shown in Figure 2. These
relationships were developed by GEI [16] from
laboratory tests of soil samples collected from
the site. The shear modulus reduction and
damping relationships shown in Figure 2 are
similar to those developed for other locations at
the Savannah River site. The relationships show
in increase in stiffness and a decrease in damping
as the confining pressure (depth) increases.

The selection of the appropriate modulus
reduction and, more importantly, damping
relationships for use in site response analyses of
the deep soil profile has a major impact on the
estimated site ground motions. Figure 3 shows
the effect of the use of various modulus
reduction and damping curves shown in Figure
2 on computed surface motions. Site response
calculations were conducted using soil shear
wave velocities similar to those at the site, but
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Figure 2 - Strain-compatible soil modulus and damping
relationships used in site response analyses compared to
the published relationships of Seed and Idriss [19],

with a western US base rock velocity (1.2
km/sec). A western rock motion with a free
field peak acceleration of 0.2g was used as an
input motion. Two sets of modulus reduction
and damping curves were used; those developed
for the site profile [16] and the mid-range shear
modulus reduction and damping curves of Seed
and Idriss [19]. As can be seen, there is a
significant reduction in the computed high
frequency motion when greater modulus
reduction and higher damping curves are used.
Also shown in Figure 3 is the median response
spectrum estimated using an western US
empirical attenuation relationship for deep soil
sites [20] for conditions that would produce 0.2g
free field rock motions.

These comparisons indicate that the use of
modulus reduction and damping curves similar to
those originally developed by [19] over the entire
275-m depth range would tend to under predict
the high frequency ground motions observed on
western US deep soil sites. In addition, not
accounting for the reduction in soil damping with
depth would also lead to an under prediction of
the obse' «d high frequency ground motions.
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Figure 3 - Deep soil site response spectra (5% damping)
computed using the two sets of modulus and damping
relationships shown in Figure 2 compared to empirical
western US spectrum [20] for a rock motion of 0.2g.

GROUND MOTIONS ASSESSMENTS FOR
THE CHARLESTON SOURCE

Two approaches were used to characterize the
potential ground motions from this event, the use
of published attenuation relationships and direct
modeling of ground motions. Because most of
the recently developed attenuation relationships
for eastern US earthquake ground motions have
been developed for rock site conditions, site
response analyses were used to translate
estimates of ground motion on rock to ground
motion at the surface of the deep soil profile at
the K-Reactor site. Statistical analysis of
recorded strong motion data was not used as
there are only a few recordings in this magnitude
and distance range and they come from very
different tectonic environments.

Rock Site Motions Figure 4 shows the
variation of peak acceleration with distance for
a magnitude M 7.5 earthquake predicted by the
rock site attenuation relationships examined in
this study [17, 21]. As there are only a limited
number of strong ground motion recordings that
have been obtained in the eastern US, these
relationships rely to a large extent on theoretical
scaling laws and/or numerical models to
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Figure A - Rock site attenuation relationships for a M 7.5
Charleston source event. Thin solid lines show range of
BLWN/RVT predictions as a function of source depth.

constrain parameters in the attenuation
relationships. These relationships have been
used in the analyses of probabilistic seismic
hazard at commercial nuclear power plants in the
eastern US conducted by the Lawrence
Livermore National Laboratory [22] and the
Seisrnicity Owners Group [23].

Also shown in Figure 4 are rock site
attenuation relationships developed for the site
region using direct modeling of ground motions.
The modeling technique used was the band-
limited-white-noise/random-vibration-theory
(BLWN/RVT) model [24, 25]. The
BLWN/RVT model used in this analysis has
been extended in two ways. First, nonlinear
site-specific wave propagation characteristics
have be included through the use of an
equivalent-linear formulation for one-dimensional
wave propagation in a layered medium [26],
allowing direct estimates of ground motions at
the surface of a soil profile. Second, the crustal
wave propagation modeling techniques of Ou and
Herrmann [27] have been included to account for
both direct and critically reflected waves within
the crust. Critically reflected waves have been
suggested as the cause of the lack of significant
attenuation in the distance range of 80 to 120 km
observed in recent strong motion data in eastern
and western North America (e.g. [28, 29]).

An important aspect of the model is the
specification of the appropriate source scaling
relationships. In the BLWN/RVT model, the
source scaling is provided by the seismic
moment and the comer frequency - the later
specified by the assumed stress drop. In the past
there has been considerable uncertainty in the
appropriate scaling relationships to use in
estimating high frequency ground motion in the
eastern US. However, recent investigations have
suggested that, in general, eastern and western
US earthquakes have similar source
characteristics. Somerville et al. [14] used
teleseismic wave form modeling to estimate the
source duration of large eastern US earthquakes
and concluded that the source scaling relationship
for eastern North American earthquakes is
generally similar to that for other regions.
Their results show that the source duration for
large earthquakes can be represented by a source
scaling model that assumes a constant stress
drop, with the stress drop for eastern North
American earthquakes slightly larger than that
for western earthquakes. Wells and Coppersmith
[30] have developed empirical relationships
between moment magnitude and rupture
dimensions measured from the pattern of young
aftershocks. The data set is dominated by
interplate events, but contains some earthquakes
from stable continental regions. Comparison of
the available SCR data with the data as a whole
shows no discernable differences (Figure 5).

1OV
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B. 10
Plate Boundary
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Plate Boundary

SCR
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Magnitude (Mw)

Figure 5 - Comparison of rupture dimensions for plate
boundary and stable continental region (SCR) earthquakes.
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In terms of ground motion prediction, Boore
and Atkinson [15] found that the BLWN/RVT
model provided a good overall fit to the
empirical eastern US data using a RMS stress
drop of 100 bars, which is higher than the stress
drop of 50 bars used by Boore [31] to model
western US ground motions. However,
comparisons of the predictions cf the
BLWN/RVT model with recently developed
empirical attenuation relationships [20] have
suggested that a stress drop in the range of 75 to
100 bars is necessary to bring the two
predictions into agreement.

The data reviewed as part of this study
together with the preferred rupture dimensions
for the maximum Charleston source earthquake
argue in favor of an average stress drop not
greatly different than that appropriate for western
US earthquakes, perhaps the value of 100 bars
used by [15]. However, there is only limited
data for large magnitude events and higher
average values could be possible. Accordingly,
a stress parameter of 150 bars was adopted to
account for the uncertainty in the appropriate
average value for M 7.5 events. The assumed
stress drop has a major impact on the predicted
ground motions. Doubling the stress drop
results in approximately 60 percent higher
ground motions.

Rock site motions were computed using the
BLWN/RVT model for a range of point source
depths between 10 and 20 km. Shown in Figure
4 are the average and range of the rock site
motions at each distance accounting for the
effects of critically reflected waves. The
BLWN/RVT model predictions at distances
beyond 100 km are comparable to those of [17,
21], which are based on similar physical
modeling (with a stress drop of 100 bars,
however).

Soil Site Motions Ground motions at the K-
Reactor site were computed from the rock
motions shown in Figure 4 using site response
analyses conducted using the BLWN/RVT model
coupled with an equivalent-linear model for soil
response [26]. Ground motion estimates were
made for a range of input rock motion levels.
Figure 6 shows typical smoothed response
spectral ratios (ratio of soil response to input
rock response spectra) for eastern US and
western US conditions for input rock motions of

.01 .02

Period (sec)
Figure 6 - Computed soil site/rock site spectral ratios (5%
damping) for western and eastern US input motions for a
M 6 earthquake and rock peak accelerations of 0. lg, 0.2g,
and 0.3g.

0.1, 0.2, and 0.3 g. The results indicates that
there is a greater amplification at low
frequencies and a greater deamplification at high
frequencies for the eastern US conditions. The
greater low frequency amplification for eastern
US conditions is primarily due to the much
larger velocity contrast at the soil profile-
baserock interface in the eastern US as compared
to typical western US conditions. The larger
deamplification at high frequencies for eastern
US conditions is do to the greater high frequency
content of eastern US rock motions. Figure 7
compares average spectral amplification for near
field rock motions for M - 6 events in eastern
and western North America. The response
spectra for eastern US records peaks at a much
higher frequency than the western US spectra.

Figure 8 presents the estimated median 5-
percent damped response spectra at the Savannah
River K-Reactor site from a M 7.5 Charleston
source event at 120 km. The response spectra
labeled as scaled to deep soil were obtained by
multiplying the rock site spectra predicted by
[17] and [21] by the appropriate soil/rock
spectral ratios computed for M 7.5 events. The
spectrum predicted by the BLWN/RVT was
conservatively selected to be the maximum
prediction over the range of point source depths.
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Figure 8 - Predicted median 5 &-damped response spectra
for the M 7.5 Charleston source event at the K-Reactor
site.

Also shown in Figure 8 is the spectrum
predicted by the relationships developed by
Nuttli et al. [32] specifically for soil sites in
South Carolina. (The spectral amplification
factors of Newmark and Hktll [33] were used to
obtain the spectral values from the peak
acceleration, velocity and displacement
predictions of [32].) Nuttli et al.'s [32]
relationships assume an increase is the stress
drop with increasing magnitude, rather th^i the
constant stress drop model favored in this study.

GROUND MOTION ESTIMATES FOR THE
"NEARBY" EVENT

The "nearby" event is defined as a magnitude
M 5.0±0.5 event occurring in the site vicinity
(within 25 km). Ground motions for this event
were estimated using the standard site-specific-
spectra technique employed for evaluation of
commercial nuclear power plants [34] involving
statistical analysis of response spectra for ground
motions recorded on similar site conditions. The
BLWN/RVT model was used to examine
possible differences between eastern and western
US ground motions for a nearby M 5.0 event.

Statistical Analysis of Recorded Strong Motion
Data Figure 9 shows the median and 84th-
percentile 5% -damped response spectra for the
available deep soil site (depth to rock greater
than 40 m) recordings for M 4.5 to 5.5
earthquakes recorded within 25 km of the
source. The statistical spectra were computed
using weights to adjust for the unequal
distribution of source-to site distances in the data
set. The resulting spectra have a mean
magnitude of 5.2 and a mean distance of 15.3
km. Also shown in Figure 9 are the response
spectra for a M 5.0 earthquake at a distance of
15 km estimated using an empirical attenuation
relationships for deep soil site ground motions in
the western US [20]. As can be seen, the
response spectra based on statistics of recorded
motions are significantly higher that those based
on general attenuation relationships.

One possible reason for the differences
between the empirical attenuation and statistical
spectra shown in Figure 9 is the bias introduced
in the selection of recordings to be digitized.
Processing agencies (e.g. USGS, CDMG)
typically tend to process accelerograms from the
larger recordings, rather than from all of the
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Figure 9 - Median and 84*-percenlile 5 % -damped response
spectra for M 4.5-5.5, distance < 25 km recordings
compared to empirical spectra from [20]

accelerograms. The statistical spectra shown in
Figure 9 are based on 25 recordings within the
specified magnitude and distance range that have
been digitized and processed. However, there
are an additional 106 recordings that have beun
obtained for which only measures peak
accelerations are available. The computed
median and 84ttl-percentile accelerations of this
larger data set are 60% and 70%, respectively,
of the median and 84*-percentile accelerations
for processed accelerogram data set. It should
also be noted that the mean magnitude of the
larger data set is M 5.0. Thus part of the bias in
the statistical spectrum shown in Figure 9 is due
to a overestimate of the desired expected
magnitude. The empirical attenuation
relationships [20] would predict about a 20
percent difference in the median ground motions
between a magnitude 5 and 5.2 earthquake.

Figure 9 shows "corrected" median and 84*-
percentile random earthquake spectra that are
60& and 70%, respectively, of the original
spectra under the assumption that the bias in
peak acceleration applies throughout the
spectrum (at least for frequencies of interest to
the evaluation of the K-Reactor site). The
"corrected" spectra are likely to be a better
representation of what would be computed if the
full data set of accelerograms were available for

statistical analysis. These spectra are compatible
with those developed from empirical attenuation
relationships, further suggesting that the
"correction" is appropriate. Accordingly, the
"corrected" spectra shown in Figure 9 are
assumed to be the appropriate representation of
ground motions resulting from a M 5.0 random
event.

Assessment of eastern US motions The data
set used in the above analysis consists entirely of
western US recordings, as there are no eastern
US deep soil recordings that fall within the
selection criteria. The BLWN/RVT model was
used to examine the possible differences between
eastern and western ground motions for the local
event. These differences were examined by
comparing the response spectra predicted by the
model for a M 5.0 earthquake occurring 15 km
from a deep soil site. Assuming that the source
characteristics of eastern and western US
earthquakes are generally similar, as indicated by
similar stress drops and source scaling
relationships, then the observed differences in
recorded rock motions are likely due to travel
path effects. To assess these differences
predictions of response spectral ordinates were
made for eastern US and western US crustal
conditions assuming equal stress drop in both
regions. Figure 10 shows the compute estimates
of rock site motions from a M 5.0 event at a
distance of 15 km for eastern and western US
conditions. These spectra show similar
differences to those observed for near field
recorded motions (see Figure 7). Corresponding
deep soil site motions were obtained using the
soil/rock spectral ratios developed for M 5.0
events. The eastern deep soil site motions are
significantly higher than the western deep soil
site motions at frequencies greater than 5 Hz,
suggesting that the western US statistical
response spectra shown in Figure 9 may under
estimate the high frequency ground motions that
may occur from a random local event in the
eastern US.

Figure 11 presents a comparison of the
ground motion estimates for the two events
considered. Estimates for the Charleston event
are those obtained using BLWN/RVT model
with a 150 bar stress drop. The 84lh-percentile
was estimated assuming a standard error of 0.5
on the natural log of ground motion amplitude.
The estimate for the local event based on
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Figure 11 - Comparison of the predicted 5%-
damped horizontal response spectra for the K-
Rer.ctor site for the Charleston and local events.

western US data, when scaled using the ratio of
the soil site spectra shown in Figure 10, exceeds
the Charleston source event spectra only at
periods less than about 0.1 seconds.

SUMMARY

Three major issues were identified with
respect to the assessment of ground motions for
the Savannah River site. The first is
specification of the appropriate stress drop for
the Charleston source earthquake. Analyses of
instrumentally recorded eastern North American
earthquakes indicates that the average stress drop
is about 100 bars. However, some proposed
source scaling relationships and some postulated
source dimensions would suggest that the stress
drop should be higher by a factor of two or
three, resulting in a prediction of a much higher
level of ground shaking in the site region,
perhaps much higher than indicated by the
reported levels of shaking intensity. The second
issue is specification of the appropriate levels of
soil damping at large depths for site response
analyses. The level of damping has a critical
effect on the computed levels of shaking and the
low damping values used in this study allow the
propagation of high frequency energy upward
through a deep soil column. The thud issue is
evaluation of the appropriateness of western US
recordings for specification of ground motions in
the eastern US. Analyses presented in this
report suggest that an adjustment of the response
spectra of western US deep soil recordings may
be warranted to account for the expected greater
high frequency content of eastern US rock site
motions.
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ABSTRACT

In die course of reassessing seismic hazards at the Idaho National
Engineering Laboratory (INEL), several key issues have been raised
concerning the effects of the earthquake source and site geology on
potential strong ground motions that might be generated by a large
earthquake. The design earthquake for the INEL is an approximate
moment magnitude (Mw) 7 event that may occur on the southern portion
of the Lemhi fault, a Basin and Range normal fault that is located on the
northwestern boundary of the eastern Snake River Plain and the INEL,
within 10 to 27 km of several major facilities. Because the locations of
these facilities place them at close distances to a large earthquake and
generally along strike of the causative fault, the effects of source rupture
dynamics (e.g., directivity) could be critical in enhancing potential ground
shaking at the INEL. An additional source issue that has been addressed
is the value of stress drop to use in ground motion predictions. In terms
of site geology, it has been questioned whether the interbedded volcanic
stratigraphy beneath the ESRP and the INEL attenuates ground motions
to a greater degree than a typical rock site in the western U.S. These
three issues have been investigated employing a stochastic ground motion
methodology which incorporates the Band-Limited-White-Noise source
model for both a point source and finite fault, random vibration theory
and an equivalent linear approach to model soil response.
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INTRODUCTION

Since 1988, efforts have been underway to reexam-
ine the seismic safety of existing facilities at the Idaho
National Engineering Laboratory (INEL). In large part, this
increased attention to seismic hazards is due to the occurrence
of the 1983 surface wave magnitude M, 7,3 (moment mag-
nitude M% 6.8) Borah Peak earthquake which occurred ap-
proximately 100 km away. The INEL is located along the
northwestern margin of the eastern Snake River Plain (ESRP)
adjacent to three major Basin-and-Range normal faults in-
cluding the Lost River fault which was the sourceof the 1983
earthquake (Figure 1). The fault of most significance to the
INEL is the Lemhi fault which appears to have ruptured along
its two southernmost segments two to three times in the
interval 15,000 to 25,000 years B.P. [1,2]. Because most of
the facili ties at die INEL are within 10 to 25 km of the southern
end of the fault, an accurate assessment of potential strong
ground shaking is imperative.

Deterministic strong ground motion modeling of a
potential Mw 6.9 southern Lemhi fault earthquake has been
recently performed employing a stochastic methodology
which incorporates the Band-Limited-White-Noise (BLWN)
source modei for both a point source and a finite fault, random
vibration theory (RVT) and an equivalent linear approach to
model soil response [3,4]. In the course ofthese studies, three
key issues have been raised concerning the effects of the
earthquake source and site geology on strong ground motions.
The effects of propagation path on the seismic waves (e.g.
attenuation), die third of the three categories of ground
motion factors (source, path and site; Figure 2) are not
signiftcantat the INEL whenconsidering thedesign earthquake
because of the short source-to-site distances.

The first issue focuses on the effects of rupture
dynamics on ground motions. Because most of the facilities
at the INEL are in the near-field of a potential southern Lemhi
fault earthquake and generally along strike of die fault,
rupture directivity may be significant. Enhanced ground
motions due to directivity have been observed in several
California earthquakes.

An additional source issue is the appropriate value
of the stress parameter (as defined by Boore [5]) to use in
modeling a potential Lemhi earthquake and the relationship
between the stress parameter and the measurable quantity,
stress drop. (Ground motions increase with increasing stress
parameter or stress drop.) Stress drops for earthquakes
occurring within the extensional western U.S. appear to have
generally smaller values than for earthquakes in the compres-
sional regimes along the plate boundary in California and in
the eastern U.S. In fact, this difference may account for the
possible observation (hat earthquake ground motions in cx-

tensional regimes, such as the Basin and Range Province, are
smaller than in compressional regimes (e.g., [6]) possibly
because the stress drops of normal-faulting earthquakes are
smaller.

In terms of the site geology, it has been suggested
that the interbedded basalts and welded tuffs beneath the
ESRP and the INEL attenuate ground motions compared to a
typical rock site in the western U.S. The effects of damping
within the unconsolidated to weakly consolidated sedimen-
tary interbeds and scattering may be factors unique to the
ESRP. How these three issues were addressed and evaluated
is discussed in the following paper.

SCOPE OF WORK

A program of strong ground motion studies for the
INEL was initiated in late-1988 [3, 7, 8]. The specific
objectives of these studies were to: 1) provide site-specific
estimatesofpeak horizontal groundaccclerationandresponse
spectra for nine existing or proposed facility sites located on
soil and/or bedrock; 2) record local and regional earthquakes
at selected sites using portable digital seismographs; and 3)
process and analyze the data recorded by the survey to
evaluate local site response and seismic attenuation along the
propagation path and in the very shallow crust.

In the past, ground motion evaluations for the INEL
have been empirical in nature, restricted to the use of data from
earthquakes occurring in other regions worldwide. This was
due to the lack of recorded stiongground motion dataforlarge
magnitude events at distances less than 90 km at the INEL, or
for that matter, the intermountain U.S. For this reason and
because of the uncertainties regarding propagation path and
site response effects on ground motions (Figure 2), site-
specific strong ground motion modeling was performed and
parameters for the INEL were estimated for seismic safety
analyses.

APPROACH

The BLWN ground motion model first developed by
Hanks and McGuirc [9] in which the energy is distributed
randomly over the duration of the source has proven remark-
ably effective in correlating with a wide range of ground
motion observations [9,5, 10,11,12]. The BLWN model
incorporates the general characteristics of the source and
wave propagation as well as site effects. The model is
appropriate for an engineering characterization of ground
motion since it captures the general features of strong ground
motion in terms of peak acceleration and spectral composition
with a minimum of free parameters.

The ground motion model assumes an or2 Brune
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source model with a single-corner frequency and a constant-
stress parameter [5]. RVT is used to relate rms (root-mean-
square) values of acceleration and oscillator response com-
puted from the power spectra to expected peak time domain
values. Details of the methodology are described in WCC [3].
The observation that acceleration spectral density falls off
rapidly beyond some region-dependent maximum frequency
is incorporated in the form of e"*11 where r is the cpiccntral
distance and K(r) is a distance-dependent damping factor fol-
lowing the Anderson and Hough [ 13] attenuation model. This
observed phenomenon truncates the high frequency portion
of the spectrum and is responsible for the band-limited nature
of the stochastic model. At r = 0, K represents the intrinsic
energy attenuation in the shallow crust beneath the site [14].
Q(f), the frequency-dependent portion of the attenuation
along the raypath, is also incorporated into the model. It takes
the form of CKO = O f̂/fr,)*1 where Q,, is the reference value at
frequency f0.

The original stochastic methodology assumedapoint
source (e.g., {11]). Recently, the modeling of a finite fault has
beencombined with the BLWN-RVTmethodology [15]. The
BLWN source model is used to generate a2 sources in lieu of
spectra from small earthquakes (or Green's functions) in the
summation of the finite source.

ISSUES AND RESULTS

The stochastic ground motion approach was used to
modelapoienualM,6.9eanhquakeoccurringonthesoulhcm
portion of the Lemhi fault (Figure 1). The magnitude of the
design earthquake is consistent with the possibility that the
two southern segments of the fault, the Howe and Fallens
Springs segments, could rupture in p. single event. A stress
parameter of 50 bars was assumed reasonable for such an

event [3] (see following discussion). The Lemhi fault was
depicted as a 45° southwest-dipping normal fault whose
closest approach to facility sites at the INEL ranged from 30
to 27 km. A point source was assumed in the ground motion
modeling with the source constrained to the point on the
rupture plane closest to each site. It was expected that such a
model would provide conservative ground motion values.

Crustal attenuation was described as Q(f) = 45(F
[3], Site-specific geologic and velocity profiles were devel-
oped for each of the sites based on available well data and a 3-
km deep exploratory borehole called INEL-1 (Figure 3). Site-
specific values of the near-surface attenuation as described by
the factor K were estimated through an analysis of the regional
earthquakes recorded by the temporary network [3].

1

Et»ng<1M4)

Astum •, . 0.30 tor M u l l
ire! T- 0»lo> MUM km and rttyodacm

500. 1000. 1500. WOO 2500. 3000. 3500.

SHEAR WAVE VELOCITY (mtKI

Rgure 3. SHEAR-WAVE VELOCITY PROFILE AT
THE INEL-1 DRILLHOLE.

Based on these input parameters, acceleration re-
sponse spectra were computed for each site. Peak horizontal
accelerations ranged from 0.09 to 0.40 g at distances of 27 to
10 km, respectively for both rock and soil sites [3]. As a result
of this study, three significant issues have been raised con-
cerning the estimated ground motions at the INEL (also in a
broader sense, two of the factors affect ground motion predic-
tions for the Intermountain U.S.), and they are discussed in the
following.
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Figure 4. 1983 BORAH PEAK EARTHQUAKE SLIP DISTRIBUTION [19] USED IN FINITE
FAULT MODELING FOR THE SOUTHERN LEMHI FAULT EARTHQUAKE.
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Rupture Directivity
The existence of strong directivity effects in ground

motions for frequencies of engineering significance has been
• ontroversial. The observation and quantification of directiv-
ity is complicated by other competing effects such as the
heterogeneous nature of coseismic slip along rupture planes,
site response and attenuation [16]. Although directivity has
been predominately observed in California strike-slip earth-
quakes (e.g., 1979 Coyote Lake, 1979 Imperial Valley and
1980 Livermore earthquakes), some recorded ground motions
from the 1971 San Fernando earthquake, which was the result
of thrust faulting, are also believed to have contained directiv-
ity effects.

In the 1983 Borah Peak earthquake, rupture initiated
at a depth of 16 km at the southern end of the Lost River fault
and proceeded northwestward [17,18]. Because such unilat-
eral rupture has been observed to result in enhanced ground
shaking due to effects of directivity, albeit infrequently, the
possibility of directed rupture towards the MEL from an
earthquake on the southern Lemhi fault was investigated.

To test this possibility, ground motion modeling of a
southern Lemhi fault earthquake using a Finite fault rupture
model was performed based on the approach of Silva etal. [ 15].
The slip distribution along the segment of the Lost River fault
that ruptured in 1983 as modeled by Mendozaand Hartzell [19]
was used (Figure 4). Three rapture initiation points (Fl, F2,

F3) were assumed to evaluate possible directivity effects.
They were located near the southern edge, ccnterand northern
edge of the rupture plane, all at depths of 16 km.

Acceleration response spectra were computed for
each of the three nuclean'on points for a site 5 km east of CPP
(Figure 1). Figure 5 shows the resulting spectra and peak
accelerations [4j. As expected, the ground motions computed
for the southern focus (Fl) are the lowest, characterized by a
peak acceleration of 0.17 g. Interestingly, the center focus
(F2), which would result in a bilateral rupture, produces a
nearly equivalent peak horizontal acceleration of 0.24 g at the
siteas unilateral ruptuietowardsthesite(F3)(Figurc S). This
is probably due to the updip effect of directivity being much
more significant for a focus located near the large asperity
(areas of relatively larger slip) rather than at the northern end
of the fault (Figure 4). For this fault geometry and site
location, the directivity amounts to about 40 percent increase
ip pssk acceleration. These results suggest that although
directivity can in some situations enhance ground motions
from a normal-faulting earthquake, the slip retribution or,
more specifically, the locations of asperities may be equally
or more significant in controlling die level and spectral
content of near-field ground motions.

In most cases, it is doubtful, however, that anapriori
knowledge of the slip distribution of most future earthquakes
will be available including events near the INEL. Thus the use
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FAULT MODELING.

of a randomized slipdistribution in ground motion predictions
may be more reasonable in a probabilistic sense. The use of
conservative slip distributions and rupture scenarios is a
reasonable approach for critical facilities.

Earthquake Stress Drops
As has been observed in many studies, the value of

the stress parameter used in stochastic modeling is critical in
estimating ground motions. Complicating this selection is the
uncertainly in what the stress parameter actually is in terms of
a physical parameter of the earthquake source (i.e., is the
stress parameter simply a scaling factor or is it somehow
related to stress drop?).

Boore [S, 20] and Boore and Atkinson [10] have
previously found that a stress parameter of SO bars gives a

good predictive fit to a number of strong motion records of
western U.S. earthquakes in the range of Mw 5.0 to 7.7 and
even subduction zone earthquakes as large as M.9.5. Ac-
cording to Boore (USGS, personal communication, 1991),
the stress parameter is identical to the stress drop for earth-
quakes which have a source spectrum consistent with a
single-corner-frequency-co'3 model. In this case, the stress
drop may be computed by determining the seismic moment,
M,,, and corner frequency, fc, [ACT = 8.44 M,, (f^B^3] and is
generally referred to as the Brune stress drop or static stress
drop. Theroot-mean-square (rms) stress drop was introduced
by Hanks [21J and is defined as the stress drop required in the
singlc-comer-frequcncy-co- Brune model to predict observed
rms accelerations. Thus a convenient way of assessing the
appropriateness of the BLWN source model is to compare
Brune stress drops with rms stress drops,both computed from
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data recorded in the region of interest. The assumption of
equivalency between the stress parameter of the stochastic
model and Brune or rms stress drops is correct if both the rms
and Brune stress drops arc equivalent.

Brune and/orrms stress drops were computed for28
Basin and Range earthquakes including 18 aftershocks [4]
and several regional earthquakes recorded by a temporary
digital seismographic network installed at the INEL in 1989
[3] (Table 1). The Brune stress drops were calculated using
a nonlinear least-squares simultaneous inversion of the Fou-
rier spectra which inverts for six BLWN parameters: Aa.M,,,
K(0), Q,, T|, and A, the frequency-independent site amplifica-
tion [4]. The rms stress drops were computed utilizing a

modified version of the Hanks and McGuire [9] technique
which incorporates the BLWN parameters resulting from the
inversions [4], (See Boatwrighi [22J for an excellent discus-
sion of the various stress drops.)

As has been observed in numerous ether studies,
stress drops for earthquakes appear to be generally indepen-
dent of magnitude (Table 1). The log-normal average Brune
stress drop for all 28 events is 35 bars. The log-normal average
rms stress drop of 21 events is 30 bars. The fact that the Brune
and rms stress drops are similar indicates that these events can
be modeled as single corner-frequency-w2 sources. Currently,
the 1983 mainshock records are being reprocessed and both
Brune and rms stress drops will be computed.

Table 1
BASIN AND RANGE EARTHQUAKE STRESS DROPS

Date

29 May 89
6JunS9
24Jun89
24Jun89
27Jun89
27Jun89
28Jun89
29Oct83
29Oct83
30Oct83
30Oct83
2 Nov 83
6 Nov 83
29Oct83
29Oct83
30Oct83
30Oct83
30Oct83
3 Nov 83
4 Nov 83
4 Nov 83
5 Nov 83
5 Nov 83
5 Nov 83
6 Nov 83
30 Sept 62
31Oct35
28 Nov 35

Time
(GMT)

0349
2002
0924
1025
1551
1628
0316
2329
2339
0124
0159
2343
2104
2113
1737
0116
0254
1749
0150
0500
0708
0537
1736
2256
2111
1335
1837
1441

Origin
Location

Centennial Mtns, MT
Hebgen Lake, MT
Jackson, WY
Jackson, WY
Hansel Valley, UT
Hansel Valley, UT
Centennial Valley, MT
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Borah Peak, ID
Cache Valley, UT
Helena, MT
Helena, MT

Magnitude

ML 3.0
W^ 3.5
ML 3.7
MC3.6
ML 3.0
^ 2.9
ML 3.1
ML 5.8
^ 5.4
^ 4.8
M, 4.7
ML 4.2
ML 4.6
^ 3.3
M^ 3.3
ML 3.3
ML 4.0
^ 3.5
ML 4.2
^ 3.5
^ 3.7
M^ 3.5
^ 3.8
ML 3.6
ML 3.8
ML 5.6
^ 6.0
^ 5.5

Stress Drop (bars)
Brune

18.2 ±2.6
19.6 ±3.2
12.8 ±3.0
18.3 ±3.7
45.5 ±7.4
47.6 ±7.9
7.6 ±1.3
30.1 ±54.7
25.7 ±28.7
61.7 ±26.6
31.4 ±14.5
27.4 ±8.7
43.5 ±12.6
76.5 + 13.3
66.2 ±11.8
57.7 ±8.8
60.1 ± 13.9
58.4 ±3.0
66.3 ± 14.9
49.3 ±7.2
35.2 ±5.7
55.8 ±8.5
27.1 ±5.0
52.8 ±7.0
42.5 ±7.1
25.2 ±5.2
49.3 ± 76.5
101.8 + 51.6

rms

«
—
—
—
«
«
57.2
32.7
31.0
14.9
52.4
22.0
39.4
22.3
20.8
14.0
29.0
84.1
22.6
15.5
29.1
17.5
18.3
13.0
45.4
62.9
95.4
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Although, in practice, average static stress drops
calculated from die fault rapture dimensions and seismic
moment (Ao = 8 Ny3nwsL) are often uncorrelatable with
Brune stress drops due to the uncertainties in estimating
rupture dimensions [22], it is instructive to examine static
stress drops for other Basin and Range earthquakes. A static
stress drop ofl 7 bars has been determined by Boatwright and
Choy [23] for the 1983 Borah Peak earthquake based on the

' maximum fault displacement (u) of 2 m and a total lengih of
faulting of 35 km. Doser and Smith [17] estimated static
stress drops of 12 and 17 bars based on average displacement,
rupture dimension, and either geologic or seismologic esti-
mates of the seismic moment, respectively. Doser and Smith
(17] state that even considering possible errors in stress drop
estimates, the 1983 earthquake was probably a low stress drop
event compared toother normal-faulting earthquakes and that
the stress dropdtd not exceed 75 bars. Shemcta and Pechmann
[24] computed static stress drops for S3 aftershocks in the
Richter magnitude (M,_) range 2.5-5.6; the average value was
9 bars and all stress drops were less than SO bars. The 28
March 197S Ma6.0PocatcUo Valley earthquake in southeast-
ern Idaho had an estimated dynamic stress drop of SO bars and
a static stress drop of 20 bars [25],

As a comparison with other Basin and Range earth-
quakes, Doscr [26] estimated a static stress drop of 1 IS bars
for the 18 August 1959 M, 7.5 Hebgen Lake earthquake.
However, the mainshock was a complex double-event possi-
bly involving rupture on one or more faults. Doser [26] also
estimated stress drops of 17 and 4 bars for two of the largest
aftershocks. Mt 6.3 and 5.9 on 18 and 19 August 1959,
respectively.

Based on these analyses and a review of other
studies, tne data suggests that a stress parameter of 50 bars is
a reasonable value to use in the estimation of strong motions
for a southern Letnhi fault earthquake as well as most other
Basin and Range normal faulting events.

Site Effects
In an early evaluation of seismic design criteria for

1NEL facilities in 1977, it was suggested that ground motions
would be smaller in the ESRP due to attenuation within the
alluvial imerbeds within the basalt stratigraphy. At that time,
it was concluded that there was no evidence to indicate that
such a process would occur and that it was unlikely due to the
thinness of the interbeds relative to the wavelengths of seis-
mic waves that are of engineering significance.

However, results of this recent site-specific analysis
indicate that the interbeds are probably significant in terms of
attenuating ground motions especially since such interbeds
arc dramatically thicker than previously believed [3]. (An-
other contribution is the absence of a strong shear-wave

velocity gradient in the volcanic section in the uppermost
crust which tends to lower ground motions relative to a
typical western U.S. rock site (3]). Site K'S which reflect (he
near-surface attenuation, were computed based upon the
recorded regional earthquakes and a template technique
described in WCC [3], The value of K is inversely propor-
tional to the shear wave velocities and Q, beneath each site.

K values ranged from 0.002 sec at ANL to 0.026 sec
at ATR, with an average of 0.015 secintheESRP. Typical
values of K for western North America (WNA) rock sites
range from approximately 0.02 to 0.06 sec and for eastern
North America, approximately 0.006 sec. This suggests that
attenuation in die shallow crust beneath the ESRP may be
slightly lower on average than the WNA, but can vary
considerably locally.

The ESRP K values generally correlate with our
assessments of the subsurface geology beneath each site.
Preliminary analysis of INEL borehole data shows the per-
centage of intcrbeds to decrease with distance away from the
Big Lost River floodplain. Sites such as ATR, PBF, and the
INEL-1 drillhole (Figure 1) have relatively high values
because they lie within the floodplain and probably have the
greatest number and total thickness of interbeds within the
basalt section. Hence, the greater the total thickness of the
interbeds, the lower the average Qt, the higher the K value and
the greater the attenuation in the geologic profile. Not
surprisingly, station BLM situated on the fairly dense and
strong limestone of the Lost River Range outside the ESRP
has the lowest observed K of 0.002 sec.

A sensitivity analysis was performed using the
INEL-1 geologic profile (Figure 3) to assess the attenuating
properties of the basalt interbeds. As the number of thicker
interbeds (>30 in) increased, hence increasing kappa, the
peak horizontal accelerations decreased [3]. Thinnerinterbeds
did not appreciably effect the peak accelerations in terms of
increased damping, although some additional attenuation
occurs from scattering. Thusthepresenceofthescdimentary
interbeds in the basalts beneath the ESRP appears to attenu-
ate high-frequency ground motions to a greater degree than
for rock sites with very few inierbeds or for sites located off
the plain.

SUMMARY

Site-specific ground motions have been estimated
for facility sites at the INEL assuming a Mw 6.9 design
earthquake occurring on the southern Lemhi fault at source-
to-site distances of 27 to 10 km. Acceleration response
spectra have been computed at both rock and soil sites with
peak horizontal accelerations ranging from 0.09 to 0.40 g,
respectively. Although earlier modeling assumed a point I
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source for the design earthquake, which results in conservative
ground motion values, the phenomenon of rupture directivity
was investigated. Surprisingly, for the assumed 1983 Borah
Peak earthquake slip distribution model, a rupture initiation
point at the lower center of the rupture plane (bilateral rupture)
gave similar ground motions as unilateral rupture towards the
INEL. In this case, this is due to the favorable locations of
asperities and their subsequent rupture which appear to be
quite significant in specifying the level and spectral content of
ground motions. A stress drop of 50 bars was found to be a
reasonable valueforaneanhquakeon the southern Lemhi fault
based on an analysis of other normal-faulting earthquakes in
the Basin and Range. Finally, the sedimentary interbedded
volcanic stratigraphy beneath the INEL attenuates ground
motions relative to a typical western U.S. rock site based on
site-specific stochastic modeling.
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ABSTRACT

This paper presents the results of a calculation to determine the site specific
seismic hazard appropriate for the deep soil site at Brookhaven National
Laboratory (BNL) which is to be used in the risk assessment studies being
conducted for the High Flux Beam Reactor (HFBR). The calculations use
as input the seismic hazard defined for the bedrock outcrop by a study
conducted at Lawrence Livermorc National Laboratory (LLNL). Variability
in site soil properties were included in the calculations to obtain the seismic
hazard at the ground surface and compare these results with those using the
generic amplification factors from the LLNL study.

INTRODUCTION

A numerical procedure has been developed to
determine site specific seismic hazards appropriate
for the deep soil site existing at BNL from
comparable hazards defined at the rock outcrop.
The input rock site hazard definition was obtained
from the site study performed by LLNL [1]. The
rock outcrop hazard is specified in terms of the
annual probability of exceedance of the peak
ground acceleration (PGA) and the associated
uniform hazard spectra (UHS) corresponding to
each return period of interest This data is
converted in the LLNL study to the corresponding
site hazard appropriate to the top of the ground
surface by using generic frequency dependent soil
amplification factors. These factors account for the
effects of the overburden soils on the seismic
response and are typically obtained from studies of
upward propagating shear waves through the soil
column. However, questions of the magnitudes of
these factors have been raised, particularly for deep
soil sites such as that at BNL. In several
applications considered to date, it has been found
that the conversion of the input rock hazard to the
corresponding definition at the top of the soil

column by means of these generic amplification
factors may not be appropriate for any particular
site in question.

To accomplish this objective, a Monte Carlo
procedure has been developed which includes the
effects of variability in the parameters describing
the properties of the soil overburden which
influence site response. This procedure has been
applied to the deep soil site existing at HFBR. A
convolution method of analysis is used, assuming
upward propagating shear waves, to convert rock
motions appropriate for the rock outcrop at the site
to surface soil responses and corresponding hazard
definitions. Variability effects from input rock
motion, soil shear moduli, effective hysteretic
damping ratio and strain dependency are included
in the procedure to determine the surface hazard
predictions.

SITE DESCRIPTION

The site description was obtained from
previous studies conducted at BNL as well as from
studies of the nearby Shoreham Nuclear Power
Plant and is summarized in [2]. A cross-section
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through the BNL site is shown in Fig. 1. The
depth of the soil overburden at the site is
approximately 1550 feet and consists of relatively
dense gravels and sands interspersed with stiff
clays and sandy clays. Blow count data obtained
from standard penetration tests were obtained from
several borings taken in the area through the upper
100 feet of sediments, with soil descriptions for the
deeper sediments obtained from well logs
appropriate to the area. No other strength or
stiffness information was available for these soils.
The variability in blow count data for the near
surface soils, shown in Fig. 2, was significant and
can be considered typical for the site. This
variability was included in the site specific
calculations to try to capture the effect of this
uncertainty in the convolution studies.

SITE RESPONSE CALCULATIONS

The site specific response calculations made
use of the standard assumption of horizontal shear
waves traveling upward through the long soil
column from the basement bedrock up to the
ground surface, with nonlinear soil properties
being included in each specific calculation by the
usual iterative methods. In each calculation, the
input rock motions were specified as outcrop
motions applied at the top of bedrock. Compatible
motions within the soil column were then
calculaved which suitably account for reflection and
refraction effects at the bedrock/soil interface as
well as at all layer interfaces within the soil
column. The CARES Computer Code [3] was
used to perform these calculations.

Initially, the soil column calculations were
made using the standard Seed-Idriss strain
dependent soil properties typically used in site
evaluations [4]. These effects are represented by
the degradation in shear modulus and increase in
hysteretic damping ratio which accompanies
increased shear strain levels as shown in Fig. 3.
However, recent studies ([5], [6]) have indicated
that the degradation in soil properties postulated in
the original Seed-Idriss formulation may in fact be
too large so as to preclude the ability of significant
high frequency energy from being transmitted
upward through the soil column. As may be noted
in Fig. 3, the modified models indicate
significantly less degradation with strain as
compared to the original Seed-Idriss model. At any
deep soil site, such as at BNL, the form of the
degradation properties used in the analyses

becomes extremely important. For this
investigation, seismic motions were calculated ai
the ground surface using additional postulates of
the nonlinear properties of the foundation soils to
obtain the sensitivity of the predictions to these
assumptions.

To obtain estimates of soil stiffness required
for die hazard calculations, the number of blows
required to drive the Standard Penetration Test
(SPT) sampler (taken at five foot intervals to
depths of about 90 feet) was used and converted to
effective low strain (initial) shear modulus. Since
this SPT data is used directly to estimate the low
strain shear modulus, the variability in this data
must be suitably accounted for in the hazard
calculations. The SPT data was first modified for
the effects of depth by converting to equivalent
blows at a standard depth ([7]). This corrected
data was then used to obtain bounding estimates of
blow counts for all soils in the column.

The initial soil shear stiffness at any depth in
the soil column is obtained from standard
relationships for the various soil types. For sandy
soils, for example, the initial shear modulus is
obtained directly from estimates of relative density
and confining pressure where the parameters are
directly related to the relative density of the sands
and the confining pressure at depth. The relative
density can in turn be estimated from the SPT blow
counts for the soil from a variety of relations.
However, as may be expected, the wide range of
variability in estimated soil stiffness may be
obtained, depending upon the particular
relationship utilized. This variability was
incorporated into the calculation by using bounds
on these recommendations, with a further random
generation to select relative density from the SPT
blow count data. For any sandy soil layer in the
column, random number generators were used to
estimate first the corrected SPT blow count
associated with that layer between the lower and
upper bound values found from the site borings,
and then the relative density for that particular blow
count. The initial soil stiffness could then be
computed directly from the relations mentioned
above. An additional random number generator
was included to account for additional scatter in the
available data used to define these parameters.

For the clay soils at the site, the relative
density was not directly used in the calculation.
Rather, the initial soil stiffness was related to the
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initial void ratio of the soil as well as the
overburden pressure at depth and the
overconsolidation ratio of the soil. A random
number generator was then used to select the layer
void ratio, from which the initial shear modulus of
the clay soil layer calculated. Iterative convolution
calculations were then performed suitably
accounting for degradation in this stiffness with
cyclic shear straining. Separate evaluations of site
response for a particular rock input motion were
made using the various degradation models
discussed above.

SURFACE HAZARD CALCULATIONS

For the soil column defined for the site, the
following procedure was then used to obtain
estimates of the site specific seismic hazards, and
this procedure is shown schematically in Fig. 4.
First, the hazard data defined as the bedrock
outcrop hazard was obtained for return periods of
100 to 1,000,000 years. This data was available in
the form of PGA and spectral accelerations (at
frequencies of 1, 2.5, 5, 10 and 25 hertz) at
probability fractiles of 15%, 50% and 85%. The
PGA hazard data is shown in Fig. 5 for both the
bedrock input as well as at the ground surface
using the generic amplification factors from the
LLNL study. As may be noted from these data, no
significant change in peak acceleration is postulated
in this approach from bedrock to the ground
surface, even for a soil column as long as 1550
feet.

For each return period and fractile, a
recommended bedrock spectra was then available
as the estimate of the seismic input to the soil
column. This spectra was considered to be the
definition of the motion of the rock outcrop
associated with the site. For any one column
evaluation, a time history was generated to match
this defined bedrock spectra, utilizing a random
distribution of time phasing of the frequency
components making up the seismic pulse and
matching the specified peak ground acceleration by
"cupping". The frequency range considered in any
one time history development was up to 50 hertz at
a frequency increment of 0.05 hertz. Pulse
durations used in the calculations were 20 seconds.

SITE SPECIFIC RESULTS

For each of five return periods and three
fractiles considered in the calculations, a number of

column cases were run to obtain surface ground
motions for each of the degradation models
considered (100 runs for the Seed-Idriss model, 50
runs for the Geomatrix model and 100 runs for the
no degradation model). Random number
generators were used throughout to select soil
stiffness and damping properties used in these
calculations and provide a range of output motion
suitably accounting for variability in these
properties. Each surface spectra computed for a
given spectral input was then stored in a data base
associated with that input. After the surface spectral
data was amassed, median and median plus/minus
one sigma spectral accelerations were computed at
each frequency of interest An example of the
results is shown in Fig. 6, in which median surface
spectra are shown for the case of a median rock
outcrop input motion at the 1,000 year return
period. Although spectral values were computed at
many frequencies, only the results at the six
frequencies defined for the input spectra are
shown.

Several important facts can be deduced from
these results. First, the comparison between the
LLNL spectra at bedrock and at the ground surface
show relatively small differences at all frequency
intervals, even at the lower frequencies associated
with the deep soil column. Secondly, the impact of
the soil degradation models assumed for the soils
of the column completely dominate the magnitude
and shape of the computed surface response
spectra. For larger degradation values of the Seed-
Idriss type, the magnitude of response at the
ground surface is significantly reduced as
compared to the input, particularly at frequencies
above 10 hz, and increased at the lower frequencies
(below 2.5 hz). The results associated with the
Geomatrix model, on the other hand, show
significantly higher surface response at all
frequencies above about 1 hz. This is primarily
due to the low damping, particularly at the deeper
depths of the soil column, defined in this model.
For higher input acceleration levels associated with
longer return periods, it was found that even this
model indicated shifts in column frequency to
lower values due to soil degradation effects. Thus
changes in spectral shape with return period can be
significant in these calculations.

The Geomatrix degradation model was then
selected for the surface hazard calculation since it
leads to much higher predictions of surface motion
than the other models considered, and therefore can
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be considered conservative for this site. The
median output spectral results of these calculations
for the 15th, 50th and 85th percentiles spectral
definitions of the input motions are plotted in Fig.
7. The spectral accelerations shown in this figure
are the average of the 5 and 10 hz responses which
were deemed most important for the structural risk
assessments to be made for the HFBR. As may be
noted, at the higher acceleration levels associated
with the bedrock inputs, the magnitudes of the
surface response fall significantly below the initial
slope, indicating the nonlinear behavior of the soil
column at the higher acceleration levels. This result
is even more striking at the higher frequency
levels. This behavior can be thought of as a
"saturation" of the soil column indicating that the
column is no longer able to transmit the larger
spectral accelerations associated with the higher
input motions.

The impact of this column saturation on the
surface seismic hazard curves is shown in Fig. 8.
The hazard data plotted is return period as a
function of the average spectral acceleration (5 to
10 hz), although similar conclusions would be
reached for any other spectral acceleration of
interest. The generic rock outcrop curves of Fig. 5
were then converted to the site specific surface
hazard curves of Fig. 8 using the deterministic
relationship of Fig. 7. The additional variability
associated with this conversion, including the
scatter shown, was incorporated into this
calculation. The details of this computation are
presented in [9]. The results of Fig. 8 suggest that
at the lower input acceleration levels (or shorter
return periods), the site specific hazard is greater
than would be predicted using the generic soil
amplification factors predicted with the generic
approach. On the other hand, at higher input
acceleration levels (longer return periods), the
surface hazard is significantly reduced from that
predicted from the use of the generic data.
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A BASIS FOR STANDARDIZED SEISMIC DESIGN (SSD)
FOR NUCLEAR POWER PLANTS/CRITICAL FACILITIES

Thomas F. O'Hara, John P. Jacobson, Francis X. Bellini
Yankee Atomic Electric Company

580 Main St.
Bolton, MA 02173

ABSTRACT

U.S. Nuclear Power Plants (NPP's) are designed, engineered and constructed
to stringent standards. Their seismic adequacy is assured by compliance with
regulatory standards and demonstrated by both probabilistic risk assessments
(PRAs) and seismic margin studies. However, present seismic siting criteria
requires improvement. Proposed changes to siting criteria discussed here will
provide a predictable licensing process and a stable regulatory environment.

Two recent state-of-the-art studies evaluate the seismic design for all eastern
U.S. (EUS) NPP's: a Lawrence Livermore National Labs study (LLNL, 1989)
funded by the NRC and similar research by the Electric Power Research
Institute (EPRI, 1989) supported by the utilities. Both confirm that Appendix
A 10CFR Part ICO has not provided consistent seismic design levels for all
sites.

Standardized Seismic Design (SSD) uses a probabilistic framework to
accommodate alternative deterministic interpretations. It uses seismic hazard
input from EPRI or LLNL to produce consistent bases for future seismic
design. SSD combines deterministic and probabilistic insights to provide a
comprehensive approach for determining a future site's acceptable seismic
design basis.

BACKGROUND

Over the past twenty years there has been extensive
funding of seismic hazard research by both the
electric utility industry and the Nuclear Regulatory
Commission (NRC). The impetus for this effort can
be traced to historical regulatory concerns associated
with the licensing process given in Appendix A,
"Seismic and Geologic Siting Criteria for Nuclear
Power Plants", to 10CFR, Part 100, "Reactor Site
Criteria." In effect, this research has resulted in a

transition from the simple deterministic assumption
that the Safe Shutdown Earthquake (SSE) could not
be exceeded to the realization that the annual
probability of exceeding the SSE (at the peak ground
acceleration (PGA)) varies considerably from site to
site.

Appendix A originally addressed seismic siting
criteria from a Western U. S. (WUS) perspective.
This presumed that seismic activity could be
assigned to structures, particularly faults exposed at
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the surface. In other words, given the distance to a
fault and the expected rupture length, the ground
shaking at some proposed site could be
deterministically hounded. Of course for the eastern
or central U.S. (EUS) such is not the case.
Appendix A thus employed a concept of "tectonic
provinces" (Hatheway and McClure, 1979) as a
model to determine seismic design levels at nuclear
power plant sites. The tectonic province approach
is prescriptive, forcing adversaries to be placed into
deterministic yes-no positions. This is particularly
true with respect to determination of tectonic
provinces and structures, maximum magnitude
earthquake, conversion from Modified Mercalli
Intensity (MM1) to Peak Ground Acceleration
(PGA), and the appropriate spectral shape to anchor
at the PGA. The fundamental problem with the
deterministic approach (dramatically highlighted by
both the LLNL (1989) and EPRI (1989) seismic
hazard studies) is that there is no scientific consensus
as to what are the correct provinces, structures,
maximum magnitude earthquakes, etc. Furthermore,
because contending viewpoints are framed in a legal
context of an absolute yes-no question, the process
usually ends up in court. This results in delays,
increased costs, instability, and uncertainty in the
overall licensing and regulatory process.

Our recent paper (O'Hara and Jacobson, 1990)
discusses a method to determine acceptable site
seismic design levels for future nuclear power plants
or critical facilities. This paper is an application of
the proposed methodology based upon seismic
hazard results from both the LLNL and EPRI
studies. We contend that state-of-the-art seismic
hazard analyses represent a rational framework for
the incorporation of the multitude of contending
hypotheses concerning the cause of earthquakes, as
well as for incorporation of new information.
Furthermore, these analyses should be used to
determine acceptable site seismic design levels. It
should be noted that the SSD approach results in
consistent acceptable site design levels from location
to location in the EUS yet the actual design may be
higher if the utility decides to adopt an enveloping
0.3g design level which is the present Advanced
Light Water Reactor (ALWR) design level. The
essence of this SSD approach is the calibration of a

methodology (LLNL, 1989 or EPRI, 1989) to a
common standard.

However, prior to describing this approach an
awareness of some fundamental issues is needed to
understand the basis for our approach. These issues
are:

(1) Evaluation of the Deterministic Licensing
Process for Existing Plants.

(2) Standardization of the Seismic Design Level
or the Probability of Exceeding the Design
Level.

(3) Justification of a 0.3g Standardized Design
Level

(4) Justification of an Acceptable Probability of
Exceeding a Design Level

The following sections discuss these issues with the
objective of integrating the conclusions of each
section into an overall method to standardize the
seismic design licensing process.

EVALUATION OF THE DETERMINISTIC
LICENSING PROCESS FOR EXISTING
PLANTS

Presently, both the Electric Power Research Institute
(EPRI) and Lawrence Livermore National Labs
(LLNL) have mature seismic hazard methodologies
and both have calculated the seismic hazard at EUS
NPP sites. Because the LLNL and EPRI
methodologies are internally consistent, i.e. common
attenuation models, experts, and calculation^
procedures, the relative hazard between various NPP
sites for each methodology is easily determined. In
this context, the seismic hazard results from both the
LLNL and EPRI studies can be used to
independently evaluate the probability of exceeding
the current licensing basis at existing NPPs. In
particular, this comparison evaluates the consistency
of the deterministic licensing process that has been
used to define the current licensing basis at existing
EUS NPP sites.
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A fundamental licensing/engineering premise is that
the seismic design basis (defined in Appendix A as
the Safe Shutdown Earthquake, SSE) should be
proportional to the expected seismic loadings, in
other words, the higher the expected seismic
loadings, the higher the seismic design basis. Figure
1 presents the SSEs determined for 61 EUS NPP
sites. As can be seen these seismic design levels
vary between O.lg and 0.25g. Clearly, if the
deterministic process used to determine these seismic
design levels is consistent with the above premise
(i.e., higher seismic loadings require a higher
seismic design level) then it should follow that the
probability of exceeding each plant's seismic design
level should be about the same.

Figure 2 is a plot of the probability of exceeding the
Safe Shutdown Earthquake (SSE) at 61 EUS NPP
sites based upon median results from both LLNL
and EPRI. Analyses have shown (NRC, 1990) that
the median results (as compared to mean, 15th or
85th percentile results) are most consistent between
LLNL and EPRI. As can be seen, the probability of
exceeding the SSE frpjn site. 12 sjjg is far from
consistent within each methodology (LLNL or
EPRI). These results cast doubt on the ability of the
current deterministic approach to define consistent
seismic design levels from site to site. However,
what also can be seen from Figure 2, is that the
trend from site to site between the LLNL and EPRI
results is consistent in a relative sense, meaning that
both studies consistently identify high and low
hazard sites, albeit that the magnitude of the absolute
probabilities vary significantly.

Figure 3 is a plot of the probability of exceeding the
SSE for each of the 61 sites using the EPRI results.
As can be seen, sites with an SSE of O.lSg vary by
over two orders of magnitude in probability of
exceedance. This figure further highlights the
inability of the deterministic licensing process to
define consistent design levels from site to site.
Figures 2 and 3 are simply the probability of
exceeding the PGA associated with the SSE at each
site. Because the LLNL and EPRI results define the
seismic hazard at the PGA, 25, 10, 5, 2.5, and lhz,
it is possible to convert SSE response spectra at each

of these frequencies to probabilities and then plot the
results. Figure 4 is such a plot and dramatically
illustrates the inconsistency in probability of
exceedance between sites not only at the PGA but at
other frequencies as well. We thus conclude that
across the current population of NPPs the
deterministic process used to define the seismic
design bases at existing NPPs has not resulted in
consistent seismic design levels (as defined by
similar probabilities of exceedance). However,
this does not imply that those plants with the highest
probability of exceeding their design basis are
unsafe. PRAs and margins studies have shown that
plant capacity exists well beyond the SSE and that
the major contribution to seismically-induced core
melt frequency for EUS plants come from
earthquakes that are about 2 to 4 times the SSE
(LLNL, 1985).

STANDARDIZATION OF THE SEISMIC
DESIGN LEVEL OR THE PROBABILITY OF
EXCEEDING THE DESIGN LEVEL

A standardized seismic design level is a design level
that is the same from location to location. This
implies that the envelope of future site-specific
seismic hazard characteristics should be determined
such that standardized design may be repetitively
applied at all sites. To allow repetitive applications,
the standard design must be somewhat overdesigned
to envelope the seismic hazard that varies from site
to site. It is believed that standardization will result
in savings in engineering, licensing, equipment and
procurement, construction (learning curve), start up
(standard procedures), and operation (standard
procedures and spare parts) (Bechtel, 1986).

The standardized design approach is not without its
inconsistencies. For example, assume that at
locations A, B, and C the seismic hazard is that as
shown on Figure 5, high, medium, and low
respectively. Because seismic hazard is not uniform
across the EUS, standardization at a fixed design
level will result in the probability of exceeding the
fixed value to vary from location to location. This
situation is exactly what has precipitated the
protracted seismic reviews by the NRC for the
current generation of NPPs. To avoid this problem
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it must be shown that the standardized design level
is acceptable at the highest hazard site and therefore
is acceptable at all other sites.

An alternative to the above approach is the
standardization of the probability of exceeding the
design level, in other words, because the hazard
varies from location to location the design level
should vary from location to location. Figure 6
illustrates this approach. As can be seen, if 2.0E- 4
is considered to be an acceptable probability of
exceeding the design level, then the design level at
locations A, B, and C would be about 0.05g, 0.15g,
and 0.30g respectively. The advantage of varying the
design level from location to location is that there
will be a consistent probability of exceedance from
site to site and also there is the potential for a
reduction in cost at the low hazard sites. These
acceptable site values if used as input ground
motions for site geotechnical analyses such as
liquefaction analyses would certainly result in cost
savings. It should be noted, that if in fact site A in
Figure 5 represents the site with the highest hazard,
and if in fact 0.3g is acceptable at that location, then
the standardized probability of exceedance is defined
by site A.

As can be seen from the above discussion a
standardized design value results in varying
probabilities of exceedance from site to site while a
standardized probability of exceedance results in
varying design levels from site to site. Advantages
and disadvantages are associated with both methods
of standardization, however, the task at hand is to
take advantage of both approaches.

In its most fundamental sense, the establishment of
standardized design criteria involves the balancing of
benefits and costs. For seismic design, the benefit
of providing additional reinforcement to withstand
earthquake motion is a reduction in risk to the public
posed by a facility. The enhanced seismic capacity
associated with the standardized design is believed to
be relatively inexpensive compared to total plant
expenditures if incorporated into the original design
and construction of a new plant. A follow-up to
prior studies (Stevenson, 1981) by Stevenson vOct,
1991, personal communication) will show a 7 to

10% overall increase in cost by going from a O.lg
design to about a 0.3g design. Above about 0.3g
costs increase more rapidly with design level. NPP
licensing history has shown that licensing delays due
to seismic design level issues and actual changes to
the seismic design basis while construction is in
progress have resulted in significant increases in cost
and can no longer be tolerated.

Over time, as regulators require stricter and more
costly so-called "safety" at newer facilities, they are
assumed to be implementing the public's desire to
pay more for incremental safety gains over similar
previously licensed facilities. Within these arguments
to standardize and increase safety, there must be an
awareness of the bottom line cost to generate
electricity, otherwise future plants may only exist
on paper, and may not ever be built.

J U S T I F I C A T I O N O F T H E 0 . 3 G
STANDARDIZED DESIGN LEVEL

To avoid problems associated with the deterministic
licensing process it has been recommended by EPRI
(1989) that the SSE be standardized to 0.3g for all
future plants. The basis for this recommendation
was documented by Bechtel (1986) and was
primarily based upon minimizing the increase in cost
due to over design. In their analysis Bechtel
deterministically evaluated 21 expected future sites.
For these sites the 0.3g design value is equal to or
greater than each site's Preliminary Safety Analysis
Review (PSAR) seismic design value. For four sites
the 1.0E-4, PGA based upon EPRI hazard results,
was assumed to be the PSAR seismic design value.

Two additional arguments exist which support the
0.3g standardized design level. The first is an
empirical argument. It follows that because the 0.3g
value bounds all currently acceptable EUS design
values, and because this sample of existing sites is
representative of the population of future sites (i.e.
future plants will be built where present plants exist
or at locations similar in hazard to existing sites), the
bounding value of 0.3g should surely be acceptable.

The other argument is based on safety goals. The
Advanced Light Water Reactor (ALWR) mean core
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damage frequency (MCDF) safety goal is l.QE-5
(EPRI, 1989) and the goal for the seismic
contribution is 1.0E-£(i.e., 10%), The safety goal
approach is based upon meeting the seismic
contribution to MCDF and has been applied by
EPR1 (1990) using only the EPRI hazard results to
justify the 0.3g design level. Fundamental to the
safety goal approach is the mean hazard curve for a
given site and an assumed generic plant fragility of
about 1.2g for the standard 0.3g plant. It is the
convolving of the mean hazard curve and the plant
fragility curve that defines the seismic contribution
to MCDF. As shown on Figure 7, it is not unusual
to have two to three orders of magnitude difference
between the LLNL and EPRI mean hazard results at
acceleration levels of interest (0.5g to 1.5g). A
direct consequence of this situation is that
justification of the 0.3g standardized design using
safety goals appear to be satisfied using the EPRI
results but it will certainly not be satisfied using the
LLNL results for a typical site. Due to this, efforts
are being made to resolve differences between the
two studies. Also, it must be understood that the
quantitative safety goal approach views these
probabilities in an absolute context - that is as 'true'
probabilities.

True probabilities, such as the probability of tossing
a six in one throw of a fair die, are based on one's
ability to define the sample space and the likelihood
of each outcome. In seismic hazard analyses the
process is not quite as simple. Figure 8 shows a
logic tree which would typically be used to define
the sample space (all possible outcomes) for a
seismic hazard analysis. The figure illustrates how
the "degree of belief of each hypothesis (outcome)
is calculated. First, weights are assigned to each
parameter of the tree. The weights of the different
zonations add to one, those of the different
attenuation models add to one, and so on. These
weights are typically subjective expert opinion.
Second, the likelihood of each hypothesis (outcome)
is obtained as the product of the weights of the
various components that define that hypothesis. The
point to be made here is that the sample space may
be adequately covered but the likelihood of each
outcome in the sample space is based upon
subjective opinion unlike the classic die tossing

problem. Because there are divergent opinions on
all of the parameters that typically go into a seismic
hazard analysis, use of these results in an absolute
fashion (safety goal approach) will not prove to be
feasible until all the significant differences are
resolved.

The safety goals method is appealing because the
acceptance criterion is apparently quantifiable. But,
because the calculation to determine MCDF is based
upon the convolving of both a mean hazard curve
and an assumed generic plant fragility curve, and the
half life of the hypotheses presented in seismic
hazard analyses may be on the order of a few years
(i.e. the length of time before new theories replace
older ones), a meeting of the safety goals now may
show otherwise in a few years. In addition, nothing
prevents the safety goals or the value of the
future-plant fragility curve from changing. Because
of these issues, a safety goal approach, at present,
cannot satisfactorily justify a 0.3g standardized
design level. Conversely, deterministic arguments
strongly support 0.3g as an acceptable value.

JUSTIFICATION OF AN ACCEPTABLE
PROBABILITY OF EXCEEDING THE DESIGN
LEVEL

Acceptable probabilities must be defined relative to
a methodology. The relative use of subjective
probabilistic results contrasts with the absolute safety
goal approach. The relative approach is used because
absolute approaches fail to recognize the inherent
limitations in current EUS seismic hazard results.
As stated above, it is not unusual to find differences
between EPRI and LLNL results of two orders of
magnitude or more at a given acceleration. Because
of these differences, there is a question as to whether
these estimates of seismic hazard can be used in an
absolute (safety goal) sense.

Justification of acceptable probabilities is empirical.
The major problem associated with this approach is
obviously that of calibrating the results from a
seismic hazard methodology (LLNL or EPRI) to
some realistic acceptance level. Design levels for
currently operating NPPs are by definition
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acceptable and therefore the probabilities associated
with these design levels must be acceptable. Thus,
tor future plants a fundamental premise is that
acceptable site seismic design levels shall be
consistent with current seismic designs. The basis
for this premise is that results of PRAs and Margins
studies at existing plants show that current design
levels are acceptable. Consistent can be defined
such that the population of future plants will have a
higher seismic resistance titan the current population
of plants. Acceptable probabilities of exceedance
can thus be determined as follows:

(1) Using the median seismic hazard results
calculated by LLNL or EPRI for all existing EUS
sites convert the existing SSEs (Figure 9) into
probabilities at various frequencies (PGA, 25, 10,5,
2.5, and 1 hz). Figure 10 illustrates this process.

(2) Define some target levels for future plants,
and compute the acceptable probabilities. The
acceptable probabilities could be, for example, the
mean or median values of the probabilities of
exceedance associated with current design spectra at
the above defined frequencies.

An alternative and more objectively justifiable
approach is based on use of the standardized 0.3g
R.G. 1.60 spectrum. Because this spectrum exceeds
all existing design spectra for EUS NPPs it can
certainly be considered acceptable, if not excessive.
Given this premise, an analysis similar to that
described above can be performed except that rather
than using existing SSEs, the 0.3g standardized
spectrum is assumed to be the SSE at each site.
Probabilities of exceeding the 0.3g spectrum can be
calculated for each site and the enveloping
probabilities are defined as acceptable. Using these
approaches, interpretations of acceptable proba-
bilities have been calculated consistent with both the
LLNL and EPRI methodologies. Figure 11 shows
the Figure 9 spectra converted to probabilities using
the LLNL results. The dashed line defines acceptable
probabilities based upon the assumption that the 0.3g
spectrum is acceptable. Results of both approaches
are shown on Figure 12. As can be seen, even
though the 0.3g spectrum approach envelopes all
existing EUS spectra, its acceptable probabilities are

consistent with the median probabilities for the
current generation of NPPs.

Figure 12 also illustrates the basis for confusion that
has typically been associated with the concept of
acceptable probabilities. For example, in the
Systematic Evaluation Program (SEP) the 1000 year
spectra developed by LLNL were applied to the SEP
sites. Given this information utilities assumed
1.0E-3 was acceptable and would then calculate
seismic hazard at their sites using a different seismic
hazard methodology and determine the PGA as-
sociated with the 1.0E-3 'acceptable* probability.
As expected the 1.0E-3 PGA determined by the
utility was significantly lower than the LLNL value.
Obviously, the point to be made here is that the
above defined acceptable probabilities are acceptable
relative to jhj methodology. What will be shown in
the next section is an application of the above
defined acceptable probabilities and the use of these
probabilities in a relative sense to define acceptable
and consistent site seismic design values.

STANDARDIZED SEISMIC DESIGN PROCESS

This approach results in an acceptable sM design
level of less than 0.3g at typical EUS sites
(excepting New Madrid, Missouri and Charleston,
South Carolina) and a default standardized plant
design level of 0.3g. A fundamental premise of this
approach is that a utility should be given the option
of building a plant to some standardized design
(0.3g) or to some acceptable site design level less
than or equal to 0.3g. Furthermore, using this
approach, the probability of exceeding the acceptable
site design level will be the same from site to site,
while the probability of exceeding the actual plant
design value will always be equal to or less than the
acceptable site design value.

The essence of this approach is the normalization of
a seismic hazard methodology relative to a standard
(0.3g R.G. 1.60 spectrum) to determine acceptable
probabilities, and then the use of these probabilities
in an internally consistent manner. Figure 2 shows
there is reasonable consistency between the LLNL
and EPRI results in a relative sense but not in terms
of the absolute value of the numbers. Given that the
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relative rankings of the hazard are consistent from
site to site, it is only a matter of defining acceptable
probabilities consistent with a methodology to
determine acceptable site design levels.

As stated earlier, " consistent" is defined in terms
of probabilities specific to a given methodology.
Using these acceptable probabilities, standardized
probabilistic methods (such as LLNL, EPRI, USGS,
or the results of a resolution between LLNL and
EPRI) can be used to determine acceptable site
design levels that will be consistent in terms of
probability of exceedance from location to location.
The philosophy of this approach is similar to that of
Short et al (1990) except that in their paper they
advocate the use of the mean probability of
exceeding current SSE values. Based upon
arguments stated earlier, we conclude that the
enveloping probabilities of exceeding the 0.3g
spectrum at existing EUS sites can be used to define
acceptable probabilities for future sites. Using the
LLNL or EPRI hazard results for existing sites and
these acceptable probabilities, it is possible to
determine acceptable site seismic design spectra for
future plants at these existing sites. The process is
simply the reverse of the Figure 10 process. Figures
13 shows these proposed spectra relative to the 0.3g
R. G. 1.60 spectrum. As can be seen Figure 13
looks very similar to Figure 9, however the
significant difference is that all of these spectra have
exactly the same probability of exceedance which is
defined by the dashed line on Figure 11. In other
words, the probability of exceeding the spectra
would be consistent across all sites. Similar results
would be obtained if the EPRI hazard results were
used. An important result of this approach is that it
assures that a 0.3g standardized design is acceptable
at any existing EUS site regardless of seismic hazard
methodology.

Given an acceptable site design spectrum, it is
extremely important that well defined, close in,
seismological and geological evidence around the
proposed site be gathered to confirm the adequacy of
the spectra.

CONCLUSIONS

Based upon a review of the issues associated with
the determination of a seismic design basis for
NPPs, the SSD methodology has been developed to
stabilize the licensing and regulatory process. The
SSD approach results in an acceptable site design
level of less than 0.3g at typical EUS sites and a
default standardized plant design level of 0.3g.

Three fundamental assumptions are used in this
methodology. They are:

1. Multiple-hypothesis seismic hazard
methodologies, such as LLNL or EPRI, represent
rational methods to incorporate the diversity of
expert opinion concerning earthquake prediction.

2. A conservative deterministic standard (0.3g
R. G. 1.60 spectrum) should be used to define
acceptable probabilities consistent with a seismic
hazard methodology.

3. Relative probabilities, based upon acceptable
probabilities within a given methodology, will be
stable and predictable.

The SSD methodology is important because the
current seismic licensing process, as defined in
Appendix A 10CFR Part 100, is now being
re-written. Given the methodology presented here
there is little reason as to why seismic design issues
cannot be treated similar to meteorology and
hydrology, in other words maps could be made
defining acceptable site design levels for essentially
all of the EUS for future plants. Even those utilities
that choose to bound the acceptable site value with
a 0.3g standardized value may find it beneficial to
use the acceptable site values when performing
liquefaction and other geotechnical analyses.

Lastly, there are those that see the existence of two
or more seismic hazard methodologies as
destabilizing to the licensing process for future NPPs
or critical facilities. This concern merely becomes
a distinction without a difference when our proposed
SSD approach is used. Based upon use of the SSD
approach in conjunction with conservative and
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consistent design standards, adequate seismic
resistance will be provided at all future NPPs and
critical facilities.
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SEISMIC DESIGN LEVEL (SSE) AT EUS NPP SITES
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Figure 1. Distribution of seismic design levels (SSE) (or EUS NPP's by sites.
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Figure 2. Annual probability of exceeding seismic design levels (SSE) based or

median hazard results from EPRI (1989) and LLNL (19S9).
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COMPARISON OF MEAN HAZARD CURVES FOR TYPICAL
NEW ENGLAND SITE
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Figure 7. Mean hazard curves for data from EPRI (1889) and LLNL (1989) for an
EUS site. Mean values are used for any "Safety Goals' approach.
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SSE SPECTRA AT ALL EASTERN U.S. SITES
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Figure 9. SSE design spectra tor all EUS NPP's, and 0.3g R.G. 1.60 spectrum
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Figure 11. Probability of excetdlng SSE spectra for all EUS NPP sitts
basad on LLNL (19B9) results, and the probability of exceeding
spectrum from R.G. 1.60.

PROBABILITY OF EXCEEDING 0.3g R.G. 1.60
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Figure 12. Probability of exceeding SSE spectra for ail EUS NPP sites
based on UJNL (1989) results, and the probability of exceeding
spectrum from R.G. 1.60.
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FUTURE SSE SPECTRA FOR EASTERN U.S.
SITES BASED ON LLNL METHODOLOGY

0.3g R.G. 1.60 SPECTRUM

FREQUENCY (HZ) too

Rgure 13. SSE spectra for lulure EUS NPP sites based on LLNL (1989).
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Session VII
Equipment Qualification
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SEISMIC QUALIFICATION OF NON SAFETY CLASS EQUIPMENT WHOSE
FAILURE WOULD DAMAGE SAFETY CLASS EQUIPMENT

Frank R. LaSalle, P. E.
Westinghouse Hanford Company

Box 1970, Rl-30, Rich!and, WA 99352

ABSTRACT

Both Code of Federal Regulations, Title 10, Part 501, and
U.S. Department of Energy Order 6430.1A have requirements to
assess the interaction of non-safety and safety class
structures and equipment during a seismic event to maintain
the safety function. At the Hanford Site, a cost effective
program has been developed to perform the evaluation of non-
safety class equipment. Seismic qualification is performed by
analysis, test, or upgrading of the equipment to ensure the
integrity of safety class structures and equipment. This
paper gives a brief overview and synopsis that address design
analysis guidelines including applied loading, damping values,
component anchorage, allowable loads, and stresses. Test
qualification of equipment and walkdown acceptance criteria
for heating & ventilation (H & V) ducting, conduit, cable
tray, missile zone of influence, as well as energy criteria
are presented.

INTRODUCTION

The requirements basis for
qualification of non-safety class
(NSC) equipment is clearly stated in
6430.1A, General Design Criteria [1]
as follows: "Safety Class-1 (SC-1)
items required to function during or
following severe natural phenomena,
shall not be prevented from performing
their required function by the failure
of components, systems, or structures
that are not designed to severe

natural phenomena criteria." Code of
Federal Regulations, Title 10, Part 50
[2] also has the requirement. The
requirement means that NSC equipment
must be evaluated to determine that
the SC-1 equipment's safety function,
which could be a pressure boundary,
electrical, or mechanical operation
shall not be impaired should failure
occur.

ANRC 1986, Design Basis for Protection Against Natural Phenamena, Title 10,
Code of Federal Regulations, Part 50, Appendix A, General Design Criterion 2,
U.S. Nuclear Regulatory Commission, Washington, D.C.

2DOE, 1989, General Design Criteria, DOE Order 6430.1A, U.S. Department of
Energy, Washington, D.C.
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Historically, a walkdown
acceptance program was initiated in
1974 at the Hanford Site during the
construction of the Fast Flux Test
Facility.

General acceptance criteria were
developed for field walkdown use as
generic problems were classified.
These proved to be very cost effective
and efficient in qualifying and
documenting the NSC equipment. At the
Hanford Site, these techniques were
applied to N Reactor, Plutonium
Finishing Plant, Plutonium/Uranium
Extraction Facility, and Fuels &
Materials Examination Facility nuclear
facilities, and elements were used on
P, K, and L Reactors at Savannah
River.

Since 1982, the commercial power
operators have funded the Seismic
Qualification Utility Group (SQUG),
which gathers information on
structures and equipment that have
failed or survived actual earthquakes.
The most significant finding of these
studies is that when equipment is
anchored properly, a very high
percentage will survive the
earthquake. This survival rate
indicates that well engineered
anchorage has a good cost benefit for
seismic qualification.

Walkdowns using generic
acceptance criteria have been used for
seismic qualification or for Uniform
Building Code [3], safety class, and
non safety class structures and
equipment. This paper addresses
qualification of NSC equipment by the
following

• Analysis - Basic design criteria
are suggested, including material
allowables

Test - Component and in situ
testing used on the Hanford Site
facilities are included

Walkdown - Combining elements of
analysis and testing provided basic
generic acceptance criteria

Seismic strengthening -Generic
methods of upgrading equipment to
resist seismic loading are
presented.

ANALYSIS QUALIFICATION

To qualify NSC equipment, basic
information is required as follows:
as-built drawings that show the anchor
details and the proximity of
SC-1 equipment, safe shutdown
earthquake (SSE) response spectra
curves for the target SC-1 equipment
location, design guidelines for
applied seismic loads and allowable
loads and stresses. A proposed set of
guidelines was presented in Guidelines
for Evaluation of NSC Components [4]
and those are summarized here. The
key to cost effective analysis is to
group as many of the common generic
configurations as possible and perform
one seismic qualification analysis.

Guidelines Assumptions/Ground Rules

During a design basis earthquake
(DBE) event SC-1 equipment function
will be protected from damage by
NSC equipment. Loss of NSC equipment
function integrity is acceptable.
Qualifying NSC equipment to
SC-1 requirements is not necessary,
and higher stress or strain levels and
larger deflections than common for
SC-1 equipment are allowed.
Exceptions to be considered, for
instance, would be pipe failure that
can release water and short
SC-1 electrical equipment or
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SC-1 impact damage caused by gross
distortion or deflection of
NSC equipment.

Applied Loads

Where applicable, loading to be
considered in the evaluations should
mclude the following.

• Seismic inertia

• Gravity

• Pressure

• Thermal

• Interface reactions (i.e. nozzle
loads).

Thermal-induced secondary loads
are not normally combined with seismic
loads; however, there may be
conditions in which these loads act to
produce primary (non-relieving)
loading. Interface nozzle loads
should be considered when evaluating
component support integrity. The
NSC components and component supports
can be evaluated with simplified and
conservative calculations using a
static load obtained by multiplying
the peak of the response spectra curve
by 1.5, per the Nuclear Regulatory
Commission Regulatory Guide 1.92 [5].

Damping

Because NSC equipment is not
required to meet SC-1 structural
limits and may deform plastically,
this increasing damping, damping
values may be used when justified by
experience or tests. The damping
values in UCRL-15910 [6] are
recommended for equipment other than
piping. For NSC piping and conduits,
the Guidelines recommend a damping
value of 12 percent. [4],

Concrete Anchor Allowables

Site-specific concrete anchor
bolt allowables should be confirmed by
tests. In lieu of test data, reduced
concrete allowable loads are provided
for screening purposes. Anchor status
should be determined to show that
existing anchors 1) are adequate,
2) require testing, 3) need
replacement. Table 1 represents the
lower bound concrete allowable based
on review of extensive tests from
eight plants [4]. The allowables for
existing installations were set at
one-half of new installation valves.

Table 1. Minimum Safe Working Loads
All Older Concrete Anchors.

•t i l CNtnwUi In. Imml

1/4 Id

31* (101

1/2 11)1

Mini

3/4 (1SI

1 (251

1-1/4 1321

ISO ( I I I

2SOII14)

iSO (MSI

550 11*1)

1.200 154$)

l.»00 |(«4)

1.700 (1.2271

tlMtt Ik (ktl

400 nizi

tOO I3«4|

1.3S0KI4I

1.900 (M4I

2.700 (1.217)

4.500 12.0*51

•.000(2.7271

NOTES
(1)

(2)

Allowables in this table are
based upon test data for
substandard installations and
will yield a minimum safety
factor of 2 on ultimate
capacity.
These allowables are valid only
for anchors verified in good
condition by visual inspection
(e.g., no excessive spalling,
not loose, and baseplates not
lifted off).
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Component Allowable Stresses/Loads

Although NSC component stress
levels can be allowed to exceed
SC-1 limits, the American Society of
Mechanical Engineers (ASME) Section
III, Faulted condition (Level D), were
used as guidance that could be
exceeded in evaluating ductile steel
structures such as pipe and electrical
conduit, heating, ventilation, and air
conditioning (HVAC) ducting;
structural limits are based on bending
movements that cause buckling of the
duct rather than on tensile allowable.
The NSC components fabricated of non-
ductile material (e.g. cast iron pipe)
have structural limits that are the
lesser of 0.9 tensile yield or
0.7 tensile ultimate stresses in
accordance with guidance in DOE
Order 6430.7A [1]. Concrete
structural analysis should follow
appropriate American Concrete
Institute ultimate strength
procedures.

Component Support Allowable
Stresses/Loads

Guidelines for NSC supports are
similar to component stress criteria
based on ASME Section III, Class 3,
Level D (faulted condition) support
criteria. Unlike components, however,
functional failure or supports are not
permitted, and these criteria should
not exceeded.

TEST QUALIFICATION

Component tests have been
performed at Hanford to establish
basic load allowables for
qualification. A brief description of
the testing follows.

Anchor Bolts

Varying parameters were used to
test driiled-in anchor bolts for hole
size, imbedment depth, and
installation torque [7]; also, dynamic
testing [8] was also performed. This
information would be valid for new
construction as well as existing
construction.

Electrical Conduit and Cable Tray

Conduit testing [9] was conducted
on individual components and systems
mounted on standard strut structural
systems with multiple linear supports.
The results of the threaded fitting
test indicated that 30 percent of the
allowable conduit stress for coupling
and 50 percent of allowable stress for
elbows should be used for evaluation
purposes. Also, the addition of grit
paper in the clamps increased the
longitudinal load capacity. Elec-
trical raceway systems consisting of
trapeze rod and strut hangers were
dynamically tested by URS/Blume [10]
and others. The testing indicated
damping values between 5 percent and
40 percent related to average peak
response accelerations for 20 percent
to 100 percent g respectively. The
mode of failure was fatigue cracking.
The conclusion was that there is
reasonable assurance that the systems
have enough seismic capacity to
perform their functions. From plants
that were subjected to strong motion
earthquakes with horizontal peak
ground acceleration between 10 percent
and 50 percent g, information indi-
cates very minor or no damage at all.

Heating and Ventilation Ducting

Dynamic tests have been performed
by the Tennessee Valley Authority [11]
on ducting designed to Sheet Metal and
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Air Conditioning Contractors National
Association standards for supports and
spacing using peak accelerations of
8.0 g. The result indicated that by
the time an actual general failure was
induced, the specimens had experienced
many normal lifetimes of vibrations
including the equivalent of several
JBEs.

The Waldinger Corporation
performed ducting tests [12] for the
Hanfcrd Washington Public Power Supply
System Plants. Static testing was
used to determine the ultimate bending
capacity for straight ducting and
components. Dynamic testing was
performed to determine frequencies and
mode shapes in the range of 0 to
50 Hz.

Bottle Racks

High-pressure gas bottles can
become high velocity missiles if
impacted and breached during an
earthquake. Seismic tests. [13] were
performed on systems that contained
high-pressure nitrogen bottles in
standard designed racks. The results
indicated that the bottles would
vibrate out of the rack unless it is
retained at the bottom and top by a
ring with no more than a 1/16 radial
clearance.

In Situ Qualification Testing

Some amount of in situ testing is
highly recommended to verify
analytical loads and experiential
data, especially for anchorage. When
the tests are simple, using dead or
hydraulic cylinder load, the
qualification can be accomplished
expeditiously. Anchor bolts can be
tested on a quality assurance
statistical basis to minimize the
number of tests performed. Small-bore
pipe, conduit, and cable tray can be

quickly qualified. Of course, actual
experiential data from equipment that
has been subjected to real earthquakes
as contained in the SQUG data base
represent the most credible test.

WALKDOWN QUALIFICATION

The most cost effective method of
qualifying existing plants is to use
highly skilled teams equipped with
generic acceptance criteria in a
facility walkdown. The documentation
from the walkdown qualifies the
equipment that meets the generic
acceptance criteria, identifies
outliers that require further
evaluation, and includes a redesign
for those items that require fixing.

One of the successful seismic
walkdown teams was composed of a
process engineer who had the
responsibility for the safety system
being protected, a safety engineer, a
quality assurance engineer who could
approve the documentation, and one or
more experienced structural engineers.
All members of the team received
training on the walkdown generic
acceptance criteria. When the
walkdown was complete, there was an
immediate approval of the results.

A checklist with essential data
was developed to maintain consistency
among walkdown teams. Equipment was
classified and pre-analyzed for anchor
loadings so that the equipment could
be bought off by field inspection.
Maintenance personnel were equipped to
check the torque on the anchorage.

An element of the check list was
the "as-is " condition of the
equipment with respect to corrosion or
other damage. Allowable span charts
were developed for conduit, small
piping, and H & V ducts. An example
of a piping chart is shown in
Figure 1.
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Figure 1.
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A missile zone of influence
(Figure 2) was developed based on a
peak of response spectra curve. On
the assumption that all NSC equipment
within the zone of influence could be
hazards to the SC-1 equipment, energy-
absorbing capacity rules were
developed for SC-1 equipment and put
in tabular form, so that potential
damage could be assessed by the team.
An example of a SC-1 piping chart
shows the height in feet below
whichthe missile will not damage the
target. (Figure 3).

Generic criteria for unsecured
items were developed for equipment
such as welding units on wheels,
desks, chairs, file cabinets, portable
fire extinguishers, and skid-mounted
components. Tip factors and sliding
distances were calculated. The
walkdown flow chart is shown in Figure
4. Pipe supports were also covered.

An example of field acceptance
criteria is shown in Figure 5.

Figure 2. Falling Object Zone
of Influence
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i
u
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u
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Generic fixes were developed for
various classes of equipment some of
which are listed below.

• Lights - Fluorescent fixtures:
chain hooks were closed,
reinforcing cables were used,
mercury vapor with cast iron hooks-
-safety screw and cable were added
(Figure 6)

• Ladders - Stringer angle supports
were welded and anchor bolted
(Figure 7)

• Conduit - Grit paper was added to
vertical runs to improve
longitudinal load capacity;
friction beam clamps were supported
by clamps added to the other side
of the beam
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• Cantilever pipe hangers - A
standard knee brace was added for
the appropriate class.

After all of the criteria were
developed, the teams were trained in
their use. The walkdown activity was
conducted in a fashion similar to that
shown in the flow net in
Figure 7.

Figure 3.

Missile Type
(H&V Ducting (8"x25") x 16'
& Electrical Junction Box)

Figure 5. Catilever Hanger Criteria

HtvDua
(.•lift

wi i its n>«

I M I

ElKtncM Junction •»«
(tltn, t IItnJ««l

a
i

i

; »

<

K

9

0.1

l l j

« J

11«

l l «

n«
aa
rm

> > tug
HTS Sw»c« ttog E 1 v»
Canirai * *u«- taw* - 3 • • * •« •
R M C W Csnitlnnom SH n and » « •

NOTE: Blocked area gives height in
feet below which the missile can be
ignored (height = verticle distance of
missile over target within cone of
influence).

TMa Mn(<r <« f«*< Mr I Hv Mm
it, w t » wnwfcui^ >m mw,
VMHMfiwnaiMMi

CONCLUSIONS

• Non-safety class equipment must be
evaluated and qualified to ensure
that seismic interaction will not
impair the safety function of SC-1
equipment.

• The NSC equipment qualified by
analysis should use higher stress
allowables than those for SC-1
equipment.

• Simple in situ tests and seismic
experiential data can be used to
qualify NSC equipment rapidly.

• Walkdown qualification of NSC
equipment is the most cost
effective method to use in existing
facilities.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

238



Figure 4. Flow Chart for Walkdown of
Unsecured Items in Building.
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Figure 6. Figure 7. Typical Ladder Rework

Typical Fix and Calculations for
Mercury Vapor Light With Hook Support
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NOTE:
From HWS 1385, max vert accel. =

8.6 G's
WT (Mer. Vap. Lt.) = 20 LBS
Max ver force = (1.0 + 1.5 x

8.6 G's) x 20 LBS = 278 LBS
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Figure 8, Flow Net for Resolving Seismic Interaction Potential Problems.
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APPLICATION OF THE SQUG-GIP TO THE SEISMIC UPGRADE

PROGRAM OF THE SAVANNAH RIVER REACTORS

ByG.A.AnUki
W stiughous* Savannah River Company

P. O. Box 616
Aikcn, S.C. 29802

INTRODUCTION

In August 1991, the S:, -annah River Site (SRS)
seismic evaluation program using the Generic Imple-
mentation Procedure (GIP) celebrated its third anni-
versary—a respectable age for such a new method-
ology. During these three years, the GIP, developed
for the commercial nuclear industry's Seismic Qualifi-
cation Utility Group (SQUG), had evolved through
Revision OP), Revision ll2), Revision 2l3) and a Revi-
sion 2 "update" which is currently in the works. This
evolution is not surprising for such an important, and
in many ways pioneering, document. The various
revisions were anticipated at SRS, and the program
adjusted accordingly.

The verification of seismic adequacy of equip-
ment at the SRS nuclear reactors has been outlined in
previous publication^4-5!. The purpose of this paper
is to relate the more practical and managerial aspects
of our relatively mature SQUG-GIP implementation
program, which will hopefully prove useful to future
users of the GIP.

This report is divided into four sections, which
follow the normal flow of work under GIP: (1)
Program Prerequisites (2) Definition of Scope (3)
Equipment Evaluations, and (4) Resolution of Out-
liers.

1 - PROGRAM PREREQUISITES

1.1 EARLY ASSESSMENTS AND TRAINING
Three decisions made in the early stages of the

GIP implementation effort at SRS greatly contributed
to its success:
(A) A smail team of experts conducted a brief (five
day) assessment of the seismic characteristics of
the essential safety systems. This assessment identi-
fied unique plant features that would require special
evaluation. This review was valuable for two reasons:
(1) it guided the selection of the safest, most qualifi-
able, shutdown path, and (2) it provided an estimate
of the likely outcome, and cost, of the seismic evalua-
tions to follow. The concept of an expert scoping
review (also referred to as Delphi review after the
famousancient oracle of Apollo) has been used at vari-
ous DOE facilities!11]
(B) Prior to conducting walkdowns, all Seismic Re-
view learn (SRT) engineers participate in a one-week
training session in which required reading material is
provided. During the current implementation phase,
periodic brainstcrming sessions allowdifferent SRTsto
compare their knowledge and build on their experi-
ences. Proper and continuous training is essential for
the successful implementation of the GIP. This

includes attending the SQUG-sponsored meetings
and briefings.
(C) In the early stages of the GIP application,
we requested the SQUG steering committee and Se-
nior Seismic Review and Advisory Panel (SSRAP) to
independently review our program. Their early feed-
back proved most valuable in further improving the
implementation of the GIP at SRS.

1.2 SEISMIC EVALUATION PERSONNEL
Because SRS can count on a strong nucleus of

experienced seismic analysis and qualification engi-
neers, the implementation of the GIP is carried out by
inhouse personnel. Consulting engineers who are
familiar with, and have access to, an earthquake equip-
ment performance database supplement the effort. lb
better utilize the most experienced engineers, they are
assigned to the Seismic Review Teams with the primary
task of evaluating the seismic adequacy of the equip-
ment using the GIP. Once the decision is made
to upgrade the equipment, the standard design activi-
ties (such as sizing new anchor bolts or braces, prepar-
ing design drawings, and working with the construction
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division) are performed by a separate design engineer-
ing group.

The systems and relays engineers are responsi-
ble for identifying the Seismic Safe Shutdown System's
boundaries and functions. However, their continuous
presence during all seismic inspection activities has
proven to be neither warranted nor practical.

At times, the realities of equipment availability
(particularly lockouts of electrical equipment) pre-
clude having ail SRT members available for an inspec-
tion. Therefore, it is necessary at times to restructure
the SKT with available personnel from different teams
for the inspection of available equipment in a short pe-
riod of time (particularly on a late holiday night). Simi-
larly, exceptions to the PE licensed engineer provision
of the GIP are in orde.* under these circumstances.

1.3 QUALITY ASSURANCE AND CONTROL
Although not explicitly required by the GIP, we

have maintained the program within the SRS Quality
Assurance program. In particular, the training and the
walkdown documentation (photographs, drawings,
calculations) are filed, the program is audited by QA,
and the activities involving hardware (such as removal
of anchor bolts for inspection, reinstallation, and tight-
ening) are performed under Quality Control surveil-
lance.

1.4 INTERDEPARTMENTAL COORDINATION
As illustrated in Figure 1, the SKT interfaces

with a number of disciplines and departments. The
word "SQUG" has become familiar in the various
reactor groups on site.

Each step illustrated in Figure 1 is essential, and
requires close coordination and team effort. Salient
points of the SKT interface are:

Systems Engineering: The development of the Safe

Shutdown Equipment List (SSEL) and the role of the
systems engineer during walkdowns are discussed else-
where in this paper. Note that the duties of the sys-
tems engineer do not end with the issue of the SSEL
because it is likely that the SSEL will evolve based on
feedback from the SKT.

Operations: The complexity of equipment lockouts for
seismic inspection, particularly during outages while
other priority work is ongoing, requires close coordina-
tion between the SixTand the control room operators.
The SKT must be in a constant state of readiness
to inspect equipment during the short periods of time
they are made available. The operations department
also has the responsibility to review seismic upgrade
design drawings to ensure that the planned structural
modification does not affect the component's oper-
ability or the operator's access.

Maintenance: Maintenance technicians work closely
with the SRT to install scaffolding, perform bolt in-
spections and tightness checks, verify safety precau-
tions during hands-on inspections, etc.

Quality Control: The QC inspector is present during
hands-on activities, si .h rs removal of anchor bolts for
visual inspection and reiristallation. Should the SKT
identify problems during inspections (whether or not
related to seismic features), they follow the site proce-
dures to document the problem, and report the situa-
tion to the QA-QC inspector.

Design and drafting: As stated above, the responsibil-
ity for designing the seismic fix (using standard indus-
try rules) can be delegated by the SRT to a design and
drafting group. Having identified an outlier, the SRT
has the important responsibility to decide when to stop
the evaluation and analysis process, and turn over the
outlier for design upgrade.

2 - DEFINITION OF SCOPE

11 THE SINGLE SHUTDOWN PATH
The resolution of US NRC Unresolved Safety

Issue USI A-46 requires the verification of seismic
adequacy of one post-earthquake shutdown path (with
proper consideration of single active failure within the
selected path). This SQUG/NRC scope of work is only
the first phase of the SRS program. It will be com-
pleted (including hardware upgrades) prior to the re-
start of the reactors.

The SRS reactors' seismic program expands the
SQUG/NRC scope of work by introducing a second
phase. The second phase, to be implemented during
reactor operation and outages, will evaluate and up-
grade additional accident prevention systems. This ap-
proach provides additional confidence in the seismic
capability of backup safety features, and gives more
flexibility to the reactor operators during post-earth-
quake conditions.
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Figure 1. Seismic Review Team (SRT) Activities and Interfaces

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

245



The equipment in '.he first phase (GIF Scope) is
included in the Safe Shutdown Equipment list
(SSEL). The additional equipment in the second
phase is in the Seismic Equipment list (SEIA Ideally,
the SSEL and SEL, when combined, should encom-
pass all safety related equipment. However, at some
point, marginal safety benefits will not justify the costs
of scismically upgrading all the safety systems. In oth-
er words, safety equipment of little or no post-earth-
quake importance will be evaluated on a cost-benefit
basis. Therefore, at the completion of the program,
the SSEL and SEL equipment will consist of a sub-
group of the safety class equipment in the reactors, as
illustrated in Figure 2.

Stfet)' CUB &)uipnKni

S*tc Shutdown Equipment Uu (SSGL)
(SRSudGIFacopcT

Figure 2. Scope of Phase 1 (SSEL) and Phase 2
(SEL) Seismic Upgrade Programs

2.2 CONCURRENT PLANT ACCIDENT
SCENARIOS
The selection of the GIP SSEL excludes the pos-

sibility of consequent "extraordinary events or acri-
dents1*!3) such as Loss of Coolant Accidents (LOCAs)
and high energy line breaks (HELB). In order to
further improve safety, a more restrictive approach has
been followed at SRS: Pipe failures have been postu-
lated to result from a safe shutdown earthquake (SSE).
in accordance with ANSI standards 58.2 and 56.1 ll6 7i.
This more restrictive approach has required, in some
cases, seismically upgrading certain nonessential pip-
ing subsystems to reduce the possible number of pipe
ruptures.

The GIP exclusion of concurrent seismic and
pipe break scenarios, if followed, has to be implem-
ented with caution. The GIP exclusion has implica-
tions in three licensing areas: (1) seismic qualification,
(2) emergency core cooling capacity limits (based on
guillotine break LOCA), and (3) environmental quali-
fication, including potential equipment flooding fol-
lowing an earthquake, as defined in ANSI standard
S6.11. This overlap of licensing bases complicates the
already intricate rules for postulating pipe breaks. Fig-
ure 3 places the GIP seismic break exclusion rule in the
perspective of the existing pipe break regulation.

2.3 DOCirMENTATION OF THE SSEL
Our experience points to three practical consid-

erations when documenting an SSEL:
(A) The equipment seismic class number should be
assigned by the seismic engineer, not by the systems
engineer. The seismic engineer can best classify the
equipment relative to the data in the twenty classes re-
port PI.
(B) The SSEL can not be a list only. It must be ac-
companied by the corresponding process and instru-
mentation diagram (P&ID) and electrical line dia-
grams to help the SRT understand the full scope and
boundaries of the shutdown path.
(C) The SSEL should identify components sched-
uled to be replaced or modified for other than seismic
reasons (such as normal maintenance and repairs;. In
this form, the SRT will avoid unnecessary seismic eval-
uations.

2.4 THE MISSING EQUIPMENT CLASSES
There are two important classes of equipment

that are not included in the scope of GIP: piping and
tubing. The former (piping) is addressed in industry
codes and standards, and has been the subject of con-
siderable upgrades as a result of NRC Bulletins 79-02
and 79-14. The latter (tubing) is a natural extension
of GIP equipment classes 18 (instrument racks), 19
(temperature sensors) and 20 (control and instrumen-
tation panels and cabinets). The SRS seismic program
has Licluded the evaluation and upgrade of piping and
tubing. Piping was inspected and analyzed!*!. Tubing
was evaluated with screening criteria similar to GIP us-
ing screening evaluation worksheets (SEWS). Based
on our experience it it recommended that SQUG es-
tablish an equipment class 21 "instrument tubing", and
explore, with organizations such as the Group (NCIG)
and the Pressure Vessel Research Council (PVRC),
development of screening evaluation criteria for pip-
ing.
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Figure 3. The GIP and other nuclear industry rules for posiulation of pipe breaks.
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3 - EQUIPMENT EVALUATIONS

3.1 ADEQUACY OF ANCHORAGE
The G1P analytical rules for verifying anchorage

are prescriptive, and similar in form to standard struc-
tural design practice. Therefore, it is possible to assign
anchorage calculations to structural engineers, not
necessarily members of the SRT. The completed an-
chorage calculations are then turned over to the SRT
for approval and inclusion into the SEWS package.
The structural engineers performing this function
need to be trained on the anchorage aspects of theGIP.

However, the field inspections of anchorage are
performed by the SRT members. Although the GIP
allows 95 by 5 sampling to be applied to anchorage in-
spections, SRS has adopted a 100% inspection rule.
Inaccessible anchors are assigned zero capacity.

3.2 TANKS AND HEAT EXCHANGERS
As is the case for anchorage analysis, the rules

for tanks and heat exchangers are prescriptive (they
are entitled "step-by-step"). They can be delegated to
a structural or mechanical engineer who may perform
the analytical computations and turn over his results
to the SRT for approval and inclusion in the SEWS
package.

3.3 ANCHORAGE SAFETY FACTORS
The GIP anchorage capacity safety factors have

changed over time. From an original two (non-expan-
sion anchors) and four (expansion anchors), the safety
factor changed to three (expansion and non-expansion
anchors), to the current GIP Revision 2 values of three
with a capacity reduction factor ranging from 1.0 to 0.6
(according to manufacturer and type). At the same
time the concrete strength reduction factor changed
from a square root to a linear function of concrete
strength. The current guideline, which is a function of
anchorage manufacturer and type, is difficult to imple-
ment in the field because it is difficult to recognize cer-
tain anchorage types from others. When in doubt, the
worst case reduction factor is used, often unnecessari-
ly. Therefore, it is recommended that further anchor-
age tests be conducted by SQUG to improve the cur-
rent procedure, which can be overly conservative. SRS
has conducted inplant testing of lead shell expansion
anchors and established plant-specific lower bound ca-
pacities for these particular anchors, using a safety fac-
tor of four.

4 - RESOLUTION OF OUTLIERS

4.1 UNIFORM CRITERIA
The GIP, justifiably, recognizes that "outliers

resolution may be somewhat open-ended in that sev-
eral different options or approaches are available"!3!.
Experience at SRS leads us to recommend the use of
outliers evaluation criteria. The criteria would define
the analytical or test methods to be used for resolving
GIP outliers. They include, for example, the applica-
ble input spectra, the committed regulatory guides,
and industry codes and standards along with any plant-
specific additions or exceptions used for analysis or
rests. This would ensure compliance with plant licens-
ing commitments, and consistent resolution of outli-
ers.

4.2 EXTENSION OF THE TWENTY CLASSES
REPORT
The outliers resolution criteria shculd allow for

the extension of the earthquake database of equip-
ment. In a few instances it has been necessary to refer
back to 'he earthquake data records to search for

equipment similarities that were not obvious from the
sole use of the twenty classes reportl9). In these cases
the access to the original earthquake data records
proved very valuable.

4.3 RESOLUTION OF USIA-40 AND A-17
The GIP, in appendix D, addresses spatial inter-

actions from three sources: proximity impact, falling
impact, and anchor motion tearing. It explicitly ex-
cludes fire, flooding, and liquid spray. SRS has chosen
to go beyond the GIP and address the effects of fire,
flooding, and spray prior to restart. The latter, wetting
of safe shutdown electrical components from potential
spray sources, is particularly well-suited for inclusion
in the GIP walkdowns.

To this end, the Seismic Review Team is given
screening criteria to identify vessels and piping attrib-
utes that could lead to earthquake-induced leaks and
sprays. Where this spray may wet safe shutdown elec-
trical components, the source of water is classified as
an outlier.
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4.4 EVALUATION OF AUXILIARY
EQUIPMENT
At all times, the SRT has the responsibility for

estimating the cost benefits of seismic evaluation and
upgrade of existing equipment compared with its re-
placement. We found this to be particularly true for
auxiliary equipment, such as auxiliary power supply.
As an example, new sets of seismically qualified, emer-
gency diesel generators were installed as a more effi-
cient alternative to the seismic overhaul of existing
power supplies.

4.5 THE NEED FOR JUSTIFICATION FOR
CONTINUED OPERATION (JCOs)
Eleven years have elapsed since the initiation of

Unresolved Safety Issue USIA-46. During this time,
plants have been permitted to operate on the basis of
probable good performance in the unlikely event of a
safe shutdown earthquake. This logic is articulated in
NUREG 12llP°). Yet once the GIF inspections begin
and eventually identify outliers, a JCO may be re-
quired or the plant may be shut down until the outlier
is resolved. In brief, the implicit JCO logic, which has
applied from 1980 until the present, ceases to apply
during implementation of the GIF.

In order to circumvent this Ulogism, it is recom-
mended that SQUG consider the possibility of a gener-
ic JCO or interim safety margins, to allow sufficient
time for repairs or replacement without plant shut-
downs if they are not required.

CONCLUSION

The SQUG-GIP provides an innovative and ef-
ficient means for assessing the seismic adequacy of me-
chanical and electrical equipment. The methodology
has been successfully applied at the Department of
Energy's Savannah River Site since 1988. Practical and

programmatic lessons were learned during this period.
We hope the cautions and recommendations provided
will prove useful to future users of the SQUG Generic
Implementation Procedure.
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SIMPLIFIED STATIC METHOD FOR DETERMINING SEISMIC LOADS ON
EQUIPMENT IN MODERATE AND HIGH HAZARD FACILITIES

Mark A. Scott
Patrick A. Holmes

Westinghouse Hanford Company

ABSTRACT

A simplified static analysis methodology is presented for qualifying
equipment in moderate and high-hazard facility-use category structures,
where the facility use is defined in Design and Evaluation Guidelines for
Department of Energy Facilities Subjected to Natural Phenomena Hazards,
UCRL-15910.1

Currently there are no equivalent simplified static methods for determining
seismic loads on equipment in these facility use categories without completing
dynamic analysis of the facility to obtain local floor accelerations or spectra.
The requirements of UCRL-15910 specify the use of "dynamic" analysis
methods, consistent with Seismic Design Guidelines for Essential Buildings,
Chapter 6, "Nonstructural Elements," TM5-809-10-1,2 be used for determining
seismic loads on mechanical equipment and components. Chapter 6 assumes
that the dynamic analysis of the facility has generated either floor response
spectra or model floor accelerations. These in turn are utilized with the
dynamic modification factor and the actual demand and capacity ratios to
determine equipment loading. This complex methodology may be necessary to
determine more exacting loads for hard to qualify equipment but does not
provide a simple conservative loading methodology for equipment with ample
structural capacity.

In the paper, reasonably conservative static loading criteria are established in
place of the required complex dynamic loading for the seismic evaluation of
equipment in moderate and high-hazard facilities.

The loading criteria are established as function of building response consistent
with the following criteria:

1. Lateral load resisting systems (i.e., Rw factors)
2. Building floor response (diaphragm action)
3. Building size (numbers of floors, mass)
4. Equipment type and operability (i.e., ducts versus pumps)
5. Equipment support (flexible or rigid)
6. Damping values (elastic or post yield)
7. Building load demand versus elastic capacity
8. Secondary amplification

TUCRL, 1987, Design and Evaluation Guidelines for Department of Energy Facility
Subjected to Natural Phenomena Hazards, UCRL-15910, Lawrence Livermore National
Laboratory, Livermore, California

2ARMY, 1986, Seismic Design Guidelines for Essential Buildings, TM5-810-10-1, U.S.
Department of Army, Washington, D.C.
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SEISMIC SHAKE TABLE TESTING PROGRAM FOR
HOLLOW CLAY TILE WALL EVALUATION AT

DOE FACILITIES IN OAK RIDGE, TENNESSEE*

J. C. Walls, D. S. Webb, N. E. Stone Martin Marietta Energy Systems, Inc.
Post Office Box 2008 Oak Ridge, TN 37831-6332

R. M. Bennett Department of Civil Engineering
The University of Tennessee

Knoxville.TN 37996

ABSTRACT

A seismic test facility located at the K-25 Site in Oak Ridge, Tennessee, has been
refurbished after being shutdown since 198S. The facility shake table is being recertified
in order to provide seismic testing capability to an extensive multi-year evaluation
program of hollow clay tile wall;: in buildings at the DOE site in Oak Ridge. The
program, directed by the Center for Natural Phenomena Engineering at Martin Marietta
Energy Systems, Inc., the managing contractor for DOE in Oak Ridge, is reviewed.
Emphasis is given to the rccertifican'on efforts for the seismic lest facility, and results of
facility and specimen testing to date are discussed and plans for future testing are
reviewed. Features and capabilities of the shake table ore presented. The dynamic testing
of masonry structures is reviewed, and a hollow clay tile wall testing program is
projected based on the shake table capability.

INTRODUCTION

The U. S. Department of Energy (DOE) Order 6430.1 A, Until recently, little information has been available on
"General Design Criteria," emphasizes the importance of hollow clay tile masonry, its structural properties, and
determining the adequacy and safety of both new and existing behavior. Also, the in-situ condition of the tile walls is
facilities for natural phenomenon hazards. Most of the suspect because of their age and exposure to corrosive
buildings at the DOE Oak Ridge sites were constructed over environments. Data that have been used from the literature
45 years ago. Some of the buildings have steel frameworks have been questioned because much of the published
which utilize unreinforced masonry hollow clay tile as in- information is not specifically for hollow clay tile, but for
filled walls between columns and floor beams. Seismic other types of masonry. Therefore, as a result of lack of
evaluations of some of these buildings have assumed these in- information, a test program is under way at the Oak Ridge
filled walls to be a substantial part of the lateral force sites to obtain material properties and data on the static and
resistance capability for the buildings. dynamic behavior of the hollow clay tile walls. These data

should permit a more reliable prediction of building
However, to obtain a more realistic assessment of the response to natural phenomena events,

seismic capability of the buildings, a better mathematical
model and better material properties of the hollow clay tile The testing program has many facets, including static
wall are needed. Thus, it has become very important to tests, nondestructive tests (NDE), analysis, and dynamic
accurately predict the behavior of these hollow clay tile walls, tests (Fig. 1). These tests include basic material property

•The submitted manuscript has been authored by a contractor of the U.S. Government under Contract No. DE-AC05-
84OR21400. Accordingly the U.S. Government retains a nonexclusive, royalty-free license to publish or reproduce the
published form of this contribution, or allow others to do so, for U.S. Government purposes.
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Fig. 1. Hollow clay tile wall testing program

parameters, unit block tests, prism compression tests,
flcxural tests, and in-plane masonry shear tests. Also, in-
situ normal stresses and shear strength are being obtained
through in- filled frame static tests. Out-of-planc tests of
in-situ wall panels are planned using air bags, [1]. Finally,
dynamic tests on a shake table arc planned to complement
the total program.

The hollow clay tile units under evaluation are
primarily of two sizes, an 8-in. thick unit, and a 4-in. thick
unit. Outside walls which are 13-in. thick, utilize 12 x 12 x
8-in. tiles and 12 x 12 x 4-in. tiles using a running bond
side construction, with the 8-in. and 4-in. tile alternating
rows. A typical wall is shown in Fig. 2. Interior walls are
either similiar to the outside walls or 8-in. thick using
single S-in. units in running bond side construction.

DYNAMIC TESTING PROGRAM

The dynamic testing program was formulated to support
numerical analysis and tests planned for the hollow clay
tile wall evaluation program. Plans to accomplish this
include observation and quantification of the behavior of
hollow clay tile wall (HCTW) specimens under seismic
excitation. This will enable appropriate numerical models
to be developed and will help to resolve questions as to the
dynamic behavior of the HCTW in existing buildings. For
example, numerous methods have been suggested for
analyzing out-of-plane behavior of in-filled steel frames.

These have ranged from considering the frame to be
completely rigid and the wall to act as a plate to
considering the HCTW to be excited only through
deformations that are transmitted from the frame. In-plane
studies have indicated that the amount of restraint at the
beam-to-column connection can have a significant effect
on the failure mode of the in-fill during dynamic excitation
[2].

The purpose of the shake table tests will be primarily to
verify and develop analytical models, [2]. Actual
replication of full-scale wall structures representative of
buildings at the Oak Ridge site will not be possible on the
shake table as it now exists. However, representative
specimens of the walls can be produced which will provide
valuable data to the program. At this time, the specimen
test program is in development Consideration is being
given to the attachment of a "head expander" to the table
which would allow testing of up to 12-ft wide specimens.
If this concept proves to be too costly or requires table
accelerations that are not attainable, then a simpler
arrangement is possible with provision for testing 6-ft wide
walls. Plans include both in-plane and out-of-plane wall
specimen tests. Both horizontal and vertical motions can be
applied by the shake table. Initial test specimens are
planned to be simple cantilever masonry wall specimens.

A description of the Seismic Test Facility (STF) to be
used for this test program and an overview of the planned
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Fig. 2. Photo of typical wall

hollow clay tile wall specimen seismic testing program
follows.

SEISMIC TEST FACILITY (STF)

The STF is located in Building K-1600 at the K-25 Site
in Oak Ridge. An overview of the facility showing the shake
table and supporting facilities is shown in Fig. 3. The shake
table features the following:

• computer controlled biaxial seismic motion
simulator system,

•computer based data acquisition and analysis system,
•control room monitoring and controlling of the
simulator machinery,

•hydraulic power room for supplying the driving force
for the exciter,

•top surface of the table level with the building floor.

The STF, constructed under contract by the MTS
corporation, had its final acceptance test in 1982, [3], The
facility was utilized for testing until 1985, at which time ihc
project for which it was constructed was terminated and the
STF was ordered to be closed down. A detailed history of
the facility and the subsequent rccommissioning is given in
a paper and poster session at this conference, [4], Some of
the major features and capabilities of the facility are shown
in Fig. 4 and details are listed in Table 1.

The upper table top of the STF is a solid block of steel
with 6 x 6 x 3-ft dimensions. The entire upper table
assembly is made of four solid steel casings weighing about
50,000 lb. The top surface of the upper table has tapped
mounting holes (Fig. 5) for attaching fixturing to hold the
specimens to the table. This table is guided in pure vertical
and horizontal motion by hydraulic bearings sliding on
surfaces in the foundation and on the secondary table. The
upper table is actuated vertically by the lower table and
horizontally by an actuator reacting to the ground. The
upper table slides horizontally with respect to the lower
table on two hydraulic pressure balanced bearings and is
preloaded to the lower table by a third pressure balanced
bearing.

A mechanical stop system is provided that consists of 16
Efdyn shock absorbers mounted on the lower table
assembly. Four shock absorbers react to the over-travel
movement of the tables in the + or - horizontal direction for
the upper table and the + or - vertical direction for the lower
table.

The lower table assembly is a 25,0001b box-shaped steel
plate with dimensions of 1 x 6 x 5 ft that is guided vertically
by the walls of the foundation.

The two-part table configuration completely uncouples
the vertical motion from the horizontal. The horizontal
actuator is compensated electronically for its arcing motion
by the cross-coupling circuitry in the horizontal controller.
Two nitrogen spring cylinders support the weight of the
tables and the specimen.

MASS TUNER (TEST MAST)

As stated previously, the STF had been in a shut-down
mode for approximately 5 years prior to the present efforts
to recommission the facility. In the process of recertification
and recaUbration of the STF, it was decided that a test
specimen with known mass and stiffness characteristics
would provide valuable information about the table
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Power Room

Fig.3. Seismic Test Facility

capability. This specimen could not only be utilized to
calibrate the STF but would help to determine the maximum
operating envelope of the table under a payload which was
at the slated limit of the system. During original table
acceptance testing, a payload of about 50% of the stated
limit payload of 15,000 was used.

Design, analysis and fabrication of a test specimen to
meet the stated goals was accomplished. This structure,
referred to as the shake table test mast (STTM) consists of a
large diameter cylinder and stiffening "T" flange members
welded to a common baseplate (Fig. 6). Large rectangular
weights are mounted on top of the cylinder portion of the
mast to provide the required total mass and center of gravity
control. All material of the STTM is A36 steel. The

basepla;e is l.S in. thick and is bolted to the shake table top
using twenty-four 1.25-in, diam high strength bolts. The
STTM was designed to have a first mode frequency in the
direction of table horizontal motion of greater that 25 Hz in
order to prevent any resonance with the table input.

ANALYSIS OF THE STTM

In order to verify the design of the STTM, a finite
element model of the structure was formulated and analyzed
with the MSC/NASTRAN code, [5]. The objective of the
analysis was to check that the first mode of vibration of the
STTM in the excited plane was at least 25 Hz and also to
check stress levels in the STTM structure for the proposed
tests. A PATRAN, [6], model of the STTM was created
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Table I. STF Major Features and Capabilities

Major features:
• Test Table: 6 x 6 ft, level with building floor
• Payload (specimen weight): 15,000 lb
• Primary Table Weight: 55,000 lb solid steel
• Secondary Table weight: 25,000 lb solid steel
• Foundation/Reaction Mass: 1.6 million 1b

Safety Features:
• Limiting Interlocks
• Overtravel Shock absorbers
• Retaining Structure

Shaker System Capabilities:
• Frequency range from 0.1 to 20 Hz
• Displacement up to +/- 7.6 in,
• Velocity up to +/-12.0 injs
• Acceleration up to 0.25 g
• Tilt requirement of < 0.001 rad
• Power 125 HP
• Overturning moment 125 kip-ft

Vertical Actuator:
• MTS modified 204.60 s
• Force rating: 27 kip
• Stroke: 19 in.

Horizontal Actuator:
• MTS Modified 204.63 s
• Force rating: 22 kips
• Stroke: 19 in.

(Fig. 7) and modal and stress analysis were performed with
die MSC/NASTRAN code, Version 66. The finite element
model had a simulated weight of 15993.61b and the center
of gravity was located at 104.55 in. above the bottom of the
baseplate or the table top.

As the analysis of the STTM proceeded, a major concern
arose with the number and size of the attachment bolts
available for bolting of the STTM to the top of the shake
table. As shown in Fig. 4, the pattern of bolts in the table
surface required using 12 main attachment bolts, 1.25 in. in
diameter and four secondary bolts of 5/8-in. diam. Early
analysis conservatively assumed that only the bolt locations
were fixed in the model and this assumption indicated a first
mode frequency of much less than the desired value of 25
Hz, while results, with an assumption of full fixity at the
base of the model, gave a first mode frequency of 29.9 Hz.
This resulted in a study of the number of bolts required, bolt
preload requirements, and eventually resulted in the

redlining of the small diameter (5/8-in.) holes to make
them the same size and depth as the larger holes in the
table (1-1/4-in. holes, 3 in. deep). After the baseplate
redesign and bolt change, the fundamental frequency of the
STTM was determined to be 25.8 Hz with the assumption
of the baseplate supported only at the bolts and 30.2 Hz
with the entire baseplate assumed fixed. This indicated that
the design requirement had been achieved.

An investigation of the stresses in the STTM resulting
from die proposed tests was also performed with the finite
clement model. The model was subjected to combined
deadweight and equivalent lateral load of 0.25 g in the
plane of excitation. Stresses were found to less than 2000
psi for both base fixity conditions described above.

To date, checkout of the STTM has been performed,
actual weights and center of gravity were obtained as well
as a modal survey of the STTM with an impact hammer
system. Results of these surveys and comparison with the
finite element model and its prediction show that a very
close correlation is obtained between the STTM weight,
center of gravity (CG) location and its fundamental
frequency.

A scries of tests arc planned for the shake table, (7],
essentially following the original acceptance tests
performed by MTS in 1982, [3]. However, one problem
that has risen during the rccommissioning process is the
operation of the control system computer software on the
shake table. Attempts to read archived computer tapes of
the system software have been unsuccessful, and options
are being studied for either reworking the old control
system or upgrading it with a newer system. Until this
issue is resolved, testing will proceed with simpler table
input motions. Sinusoidal sweep tests will be the first type
of tests performed. Later, wave-form earthquake, table
angular motion, table cross-axis motion, fail safe/actuator
shutdown, and power failure shutdown tests are scheduled.

As mentioned, it will be very important for the STTM
testing program to verify the table capability envelope
(Fig. 8). This information will aid to determine the
configuration of wall specimen which can be tested on the
table.

HCTW SPECIMEN SEISMIC TESTING PROGRAM

A literature review was conducted to assess the current
state-of-die-art of shake table testing of masonry
structures, [8]. For some 20 years, researchers have studied
the dynamic response of in-filled frames, although with
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Fig. 4. Biaxial Seismic Shaker System Bldg. K-1600

many divided opinions about the role of in-fills. Generally,
testing has been grouped into either in-plane behavior, out-
of-plane behavior or a combi.iation of both.

Seismic In-Plane Behavior
The purpose of an investigation by Mann, Konig, and

Otes, [9], was to examine the behavior of unreinforced brick
masonry walls subjected to in-plane horizontal dynamic
loading. The wall sizes were 1.2S x 1.25 x 0.115 meters
with a variety of brick joint and applied vertical stress
configurations. Units with lower applied vertical loading
imposed on the wall developed diagonal stepped cracks
along the mortor joints. Units with high vertical loading
formed sudden relatively straight diagonal cracks, and
failure was by sudden collapse. It was found that the crack
formation coincides in principle with that produced by static
loading, with the additional feature that the cracks crossed
one another due to the changing direction of the
acceleration.

Clay brick masonry wall tests were conducted by
McNiven and Mengi, [10], and a mathematical model
was developed for predicting the nonlinear, dynamic
shear behavior, and its damping coefficients.

Dawe, Schriver, and Sofocleous investigated the
behavior of steel frames in-filled with brick masonry
under earthquake type loading, [11]. A one-bay, one story
frame was subjected to in-plane ground motion on a
shake table to determine the increase in strength of the
system due to the presence of the masonry panel. The
effects of frame stiffness and roof slab rigidity on the
system response were also determined and simple
analytical models to predict the behavior of the coupled
frame-wall system was developed. The study revealed
that brick masonry in-fill markedly increases the dynamic
strength and stiffness of the system as do suffer frames
and rotationally rigid joints.
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Seismic Out-of-Plane Behavior
A series of out-of-planc shake table tests of clay brick

walls is presented by Bariola et al., [12]. Walls were single
standing and subjected to its own weight There were no
columns or reinforcement. Variables of the study were
slendemess ratio (height/thickness) of the wall and
thickness of the wall. Unexpectedly, the results showed
that (he motion intensity required for wall failure did not
seem to decrease for increasing slenderness.

CANTILEVER WALL SPECIMEN TESTING

The first scries of specimens planned for testing on the
shake table are to be simple unrestrained walls (cantilever)
constructed from full size hollow clay tiles, [13]. It was
decided that these first specimens should be simple yet
applicable to the behavior of in-filled hollow clay tile
walls. As detailed in the literature review, testing of this
type of specimen has been done, but on materials other

than hollow clay tiles. Early plans call for testing these walls
for seismic excitation in both in-plane and out- of-plane
directions. A typical test setup of a wall is shown in Fig. 9.

After tests on a series of cantilever walls are completed,
it is planned to proceed to tests for in-filled walls. For these
tests, columns and beam members would have to be added
to the test specimen. Plans are under way to design and
build the specimen supporting structure to accommodate the
variety of test configurations. This test hardware which bolts
to (he shake table head and supports the various specimens
is generally referred to as the "universal beam structure."

Initial plans for sizing test specimens of a tile wall
indicated that wall widths of up to 12 ft and heights of 10 ft
were desirable. Given the restricted width of the shake table
of 6 ft, a structure which would act as a "head expander"
was required. The design of structural hardware to
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Fig. 6. Photo of STTM Mounted loTable Top Fig. 7. PATRAN Model of STTM

accomplish these goals has proceeded. Total weight of
specimen and universal beam hardware was a major concern
because of shake table limitations on payload and
acceleration. The design of a universal beam structure was
completed with close attention given to weight, stiffness,
and stress levels for projected maximum wall specimen
weights and sizes.

Initial costs estimates for fabrication of this universal
beam structure have been much higher than expected, and
this has caused a reexamination cf the specimen sizes
necessary to provide support to the hollow clay u'le
program. Efforts are now under way to design a fixture
which will accommodate only a 6-ft wide specimen and will

be simple to construct. Since the objective of the shake
table tests of wall specimens is to provide information to
support analytical predictions, it is believed that 6-ft wide
wall specimens will satisfy this goal.

ADDITIONAL TESTING PROGRAMS

Planned tests for the STF after the Hollow Clay Tile
Wall Program will depend on applicability and capability
to other programs being conducted. However, it is thought
that the STF is a valuable asset to the DOE and may be
used by researchers from industry, government, and
universities.

Prepared by the
Oak Ridge National Laboratory
Oak Ridge, Tennessee 37831

managed by
Martin Marietta Energy Systems, Inc.

for the
U. S. DEPARTMENT OF ENERGY

under Contract No. DE-AC05-84OR21400
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Note: Catch net removed for clarity

Fig. 9. Typical Wall Specimen setup on STF
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PRACTICAL APPLICATIONS
OF UCRL-15910 WIND LOAD COMBINATIONS

Richard A. Gillar
Wcatinghous* Hanfford company

P.O. Box 1970
Richland, WA 99352

ABSTRACT

This paper, "Practical Applications of UCRL-
15910 Wind Load Combinations," is a "lessons
learned" document from the structural evaluation
of an existing building for wind loads. It
presents an interpretation of the wind loading
provisions of UCRL-15910 and how these differ from
the standard building codes. In particular, it
discusses the structural assessment of a steel-
framed building on the Hanford Site that used the
wind loading guidelines from the UCRL-15910
document. This paper also discusses the results
and typical recommended upgrades.

The wind load combinations given in the June
1990 version of UCRL-15910 have been revised from
those of earlier versions. The load factors
associated with the specific loading combinations
in UCRL-15910 have been derived integrally with
the tornado and wind pressures and with importance
factors and therefore should not be separated from
them. In essence, load combinations and load
factors from industry standard building codes
should not be used in lieu of, or in conjunction
with, the UCRL-15910 guidelines.

The building was analyzed using the UCRL-
15910 wind loading combinations. This
presentation shows how the building was evaluated
for the extreme wind condition and how the load
combinations were applied. The members that
exhibited an overstress condition or excessive
deflection are discussed in detail, as these are
considered to be typical trouble spots in all
buildings of this type. Structural upgrades for
these members were designed, detailed, and are
shown herein for this typical steel-framed
building case.

INTRODUCTION

This paper explores some
practical engineering aspects

of wind analysis and provides
structural upgrades to meet wind
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load criteria for U.S.
Department of Energy (DOE)
facilities. It also
investigates structural
evaluations for wind loads
based on UCRL-15910 wind load
design procedures. For
practical engineering
applications, finding typical
problems, critical members,
and critical load paths, and
designing suitable upgrades to
problem structural members are
the primary objectives. In
particular, a case study of a
steel-framed building located
at Hanford was investigated
for the extreme wind criteria
applicable to the Hanford
Site.

WIND LOAD COMBINATIONS

Because wind loads and
wind load combinations can be
found in a variety of building
codes and design documents
that are not always:compatible
with each other, using the
UCRL-15910 guidelines can be
difficult. For example,
UCRL-15910 provides;load
combinations, but refers
designers to ANSI A58.1 for
the required wind pressure
calculation and AISC; or ACI
for the material strengths.
The ANSI A58.1, AISC, and ACI .
codes all provide load
combinations that include
wind, but these are somewhat
different from the UCRL-15910
combinations and cannot be
used to meet DOE design
guidelines. The reason for
disallowing the use of other
code load combinations has to
do with the interaction
between the UCRL-15910 load
combinations, importance
factors, and maintaining the
proper performance goals or

occurrence probabilities. Using
other load combinations, load
factors, or elevated allowable
stresses is not justified unless
a complete safety analysis is
performed.

The proper method for
wind analysis as described in
UCRL-15910 involves three steps.

1. Calculate the wind
pressures, forces, and
moments applied to the
structural members using
the ANSI A58.1 formulas and
coefficients.

2. Combine these wind load
design values with the dead
and live load design values
according to the load
factors and requirements of
UCRL-15910.

3. Compare these forces and
moments to AISC allowables
or ACI ultimate strength
values.

To evaluate any DOE
facility, the first order of
business is to determine the
facility use category. The case
study meets the UCRL-15910
description of a high hazard
facility use category and was
evaluated accordingly. Because
the building is a structural
steel-framed building, the
analysis used the allowable
stress design (ASD) methods of
AISC. The decision to use the
ASD method for steel was a
matter of preference. Strength
design (SD) methods for steel
are also allowed by UCRL-15910.
The choice of design method also
determines the UCRL-15910 load
combinations to be followed.
The actual load combinations
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used in hSO design evaluations
come from UCRL-15910, section
5,2, and are reproduced here.

0.9( DL + WL ) < N.A.S.
and

0.67(DL + WL + LL) < N.A.S.,

where N.A.S. means normal
allowable stress.

HANFORD SITE STEEL-FRAMED
BUILDING CASE STUDY

The steel-framed
building, located at Hanford,
is a three-story structural
steel- framed, sheet metal-
sided structure. It is a 43-
ft-high, irregularly shaped
structure approximately
235 ft by 200 ft with three
different roof elevations (see
Figure 1). The building has
two interior thick-walled
concrete cells that for the
most part are enclosed by the
main steel-frame structure.
The building is classified as
a UCRL-15910 high hazard
facility because of the
presence of special nuclear
materials within the concrete
cells. The UCRL-15910 wind
load criteria for a Hanford
Site high hazard facility use
category non-reactor facility
are a fastest mile wind speed
of 90 mi/h, an importance
factor of 1.0, and an exposure
category C.

•235'-

IM

2OO

324 Building
Figure l

When large structures like
this are evaluated for wind
loads, two categories of failure
need to be investigated. First,
the overall building structure
requires analysis to predict
overturning, sliding, and column
or girder failures. Secondly
the building confinement
envelope and components such as
wall and roof panels, wall
girts, roof purlins,
connections, and anchors need to
be evaluated. Investigation
into the latter type of failure
will be discussed in this paper,
as it is the most common type of
failure.

The building envelope is
made up of corrugated sheet
metal wall panels, each of two
metal layers bolted to the wall
girts; additionally, one wall in
the office area of the building
was of masonry construction.
The building roof is constructed
of a corrugated metal deck
supporting light-weight concrete
and built-up roofing. The wall
panels are bolted to the wall

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

266



girts with sheet metal screws,
and the roof deck is welded to
the underlying roof purlins.

TYPICAL COMPONENT ASSESSMENTS

Walls and wall panels The
building corrugated sheet
metal wall panels and their
connectors were found to be
acceptable in all cases for
the wind pressure and wind
suction forces. The single
two- story masonry wall,
located in the office portion
of the building, was found to
be overstressed. When the
wind pressure is inward, the
wall has support at the top,
bottom, and middle by the roof
slab, second floor, and first
floor slabs. However, in the
suction mode or outward wind
load direction, the lack of a
proper connection to the
second floor caused a
separation and increase in
span that in turn caused an
overstressed condition in the
masonry blocks. No upgrade
modification was made to this
wall because it was a non-
supporting wall and its
failure would not cause a
containment breach to a
critical part of the facility.

Roof panels Experience in
considering the building
envelope, wall panels, and
roof panels shows that the
roof deck corners receive by
far the largest pressures of
any panel. These pressures
are suction or upward
pressures on the decking and
need to be considered for all
corners; if more than one roof
elevation occurs in a
building, all elevations must
be considered. In the case of
the building, the roof deck

corners were not typical in
size; therefore the span length
of each corner was examined.
Analysis shows that for all
three roof elevations a total of
ten corner spans are
overstressed. Figure 2 shows the
addition of new roof purlins
that reduce the span length to
eliminate the overstrsssed
condition.

4 Rool Panel?

Figure 2

Wall girts The wall girts in the
building are of two types. Type
1 girt is a wide flange or
channel member loaded in the
plane of its web (strong axis
bending). This type of girt
typically has full lateral
support of the compression
flange provided by the wall
panels when the wind load is
inward. However, it has no
lateral support for the
compression flange when the
winds are suction or outward.
For this reason, suction
pressures are of much more
concern than inward pressures in
girt design. The building type
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1 wall girts are acceptable
for inward pressures, but have
two overstressed channel
members for suction pressures.
Figure 3 shows the
modification of an added
midspan support to reduce the
stress to an acceptable level.

Type 2 wall girts are
main floor girders acting as
floor beam and wall girts.
These members resists floor
loads with their strong axis
and lateral wind loads with
their weak axis. This type of
member does receive lateral
support from the floor slab
when the wind loads are
inward; but when wind loads
are outward (suction), only
friction between the concrete
slab and the steel girder
provides lateral support,
which is insufficient to
prevent overstress. Eleven
type 2 wall girts are
overstressed out of a total of
32 members of this kind.
Figure 4 shows a detail that
provides lateral support to
the girders by tying these
members to the floor slab.

tr

Floov-

New

/

1 Floor-

Figure 4

fi purlj."5 The roof purlins at
all roof elevations typically
are designed to resist downward
dead and live roof loads. The
top flange (compression flange
for downward loads) has
continuous lateral support from
the roof deck. The bottom
flange, however, is in
compression for upward suction-
type wind pressures and is not
supported laterally. All roof
purlins are acceptable for the
downward wind pressures, but
about 50 percent of the roof
purlins are overstressed from
the upward wind pressures.
Figure 5 shows a modification to
add lateral support to the
bottom flange of the roof
purlins to eliminate the
overstressed condition.

Figure 3
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Deck

Figure 5

CONCLUSIONS

Buildings designed in the
past reflect the fact that
design attention focused on
dead, live, and overturning
wind loads. What is apparent
is that the components of the
structure, just like the main
frame, are usually designed to
resist a straight wind
pressure. What experience has
shown us and what current
design codes require through
detailed evaluation is that
local areas of a structure can
be pressurized much higher, up
to four times greater than
what would result from average
wind pressure, in the case of
the case study, wind loads
that cause suction on the
confinement members was the
only cause of excessive stress
found in this structure. The
use of slender beam members
where the normal dead and live
loads occur in one direction
and the wind loads occur in an
opposite direction is one of
the most common failures of
confinement barriers in
existing buildings.
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DESIGN OF DOE FACILITIES FOR WIND-GENERATED MISSILES

Geyergy Kuilanoff and Richard M. Drake
Fluor Daniel, Inc.

3333 Michelson Drive
Irvine, CA 92730

ABSTRACT

This paper presents criteria and procedures for the design of structures
and components for wind-generated missiles. Methods for determining
missile-induced loading, calculated structural response, performance
requirements, and design considerations are covered. The presented
criteria is applicable to Safety-Related concrete buildings as a whole
and to all their exposed external components including walls, roofs, and
supporting structural systems and elements.

INTRODUCTION

Department of Energy (DOE) design
criteria [1] [2] often requires that facility designs
consider the effects of wind-generated missiles.
This paper presents criteria and procedures for
the design of concrete structures and
components for wind-generated missiles.

The two types of effects which must be
considered in designing for missile impacts are
the local effects and the overall structural
response effects. Local effects are dependent
primarily on the hardness of the missile relative
to the target structure it is impacting and
consider their ability to penetrate, perforate,
spall, or scab the structure. The overall
structural response of the structure depends
largely on the location of impact and the kinetic
energy of the missile.

If the local deformation characteristics of
the missile or target structure can be determined
accurately, and the assumption of plastic
collision is acceptable, an applied force time
history can be developed and the overall
response to the force can be treated as that for

an impulsive load. If the local deformation
characteristics cannot be determined accurately,
and for all cases of elastic and semielastic impact,
the overall response to the force can be arrived at
utilizing the principles of conservation of Energy
and Momentum.

REQUIREMENTS SUMMARY

The requirements for consideration of wind-
generated missiles are identified in DOE Order
6430.1A [1] and UCRL-15910 [2]. In addition,
specific DOE sites and facilities may provide
supplemental design requirements.

DOE ORDER 6430.1A
Sections 0111-2.3 and 0111-99.0.2 require

that wind and tornado loadings shall be obtained
from UCRL-15910.

UCRL-15910
Chapter 2 provides definitions and

performance goals for facility usage categories;
general use, important or low hazard, moderate
hazard, and high hazard. Chapter S provides
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Site-Specific wind and tornado loadings for each
facility usage category. At DOE sites where
tornados are a viable threat, tornado missile
design criteria are specified for moderate and
high hazard facilities. At other DOE sites, wind
missile criteria are specified for moderate and
high hazard facilities.

The wind missiles specified are 2x4 timber
planks, 3 inch diameter steel pipes, and an
automobile. Weight, velocity and height above
ground are specified for each missile, depending
on facility usage category.

DESIGN FOR LOCAL EFFECTS

The Design for local effects must consider
penetration, perforation, spoiling, and scabbing.

Penetration - The displacement of a missile
into the target.

Perforation - The displacement of a missile
through the target, with or without
missile exit velocity.

Spalling - The ejection of target material
from the front face.

Scabbing - The peeling-off of target
material from the back face.

Perforation and scabbing are unacceptable
local effects for Safety-Related structures
serving as containments.

RELATIVE HARDNESS
Missile penetration formulas are dependent

on the relative hardness of a missile and target.
A missile is hard relative to a concrete target
(i.e., missile penetrates target) if Gm > G|, and
soft (i.e., no penetration) if <Jm < Gt; where
Om = average crushing or buckling limit stress
of the missile based on net contact area of the
missile; and G, = average contact stress required
to cause local crushing and penetration of the
target.

For reinforced concrete targets, Gt is set
equal to the bearing stress given in ACI 349,

Section 10.15 (0 = 1) increased by the dynamic
increase factor of 1.25 given in ACI 349, Section
C.2. [3]. This results in a value of CF, slightly
greater than 2i£. For purposes of design, let G, =
2&

Wood plank missiles are considered spit
relative to concrete targets since the missile
crushing stress (Om=4 ksi) is less than the
concrete crushing stress (O,=2f£= 8 ksi).

THICKNESS FOR HARD MISSILES
The concrete thickness required to resist

hard missiles should be at least 1.2 times the
scabbing thickness, t,.

For missiles which are determined to be
hard relative to a reinforced concrete target, the
following NDRC formulae should be used to
determine the missile depth of penetration (x) and
thence scabbing thickness (t,): [4]

x = 4KMWd L - H
(lOOOd

J.80

X =

. .

KNW

l

lOOOd

.80

-

effective m

, for - i S 2.0
d

+ d, for ± > 2.0
d

180
K = , concrete penetrability factor

fir
Where N = missile shape factor (0.72 for flat-
nosed missiles); W= missile weight, pounds; f£ =
specified compressive strength of concrete, psi;
Ac = missile contact area, square inches;
x = missile penetration depth, inches; and v0 =
striking velocity of missile, feet per second.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

271



The scabbing thickness (Q is computed d = the smaller of
from the following formulae:

0.2674Vn

J- or .
1.07 V.

ii= 2.12 + 1.36 (l\ for 0.65 <S ! £ 11.75
d Id) d

i i * 7.91 fii) - 5.06
d d I

(it, for 1 £ 0.65

THICKNESS FOR SOFT MISSILES
Soft missiles will cause no local

penetration with the exception of possible
punching shear. However, if it can be
demonstrated by applicable foimulae or pertinent
test data that concrete thickness is at least 20
percent greater than that required to prevent
perforation and punching shear failure, design to
prevent punching shear failure is not required.
See ACI 349, Appendix C [3].

Concrete thickness to prevent perforation
from soft missiles can be determined by
assuming the missile is a nondeformable (hard)
missile. Compute the penetration depth (x) and
effective missile diameter (d) as for hard
missiles and then compute the perforation
thickness (t,) using the following equations:

± d, for 1.35 <±£13.5
i d I d

3.19 \1 -0.718 \1 d, for ±
d

The required thickness to prevent perforation is
equal to 1.2 .̂ If the concrete barrier thickness
(t) does not exceed 1.2 t,. then a potential
punching shear failure should be investigated as
follows:

Vp = The smaller of 1.625 AcCm or Wm

(See discussion on Rectangular
Impulsive Loads Herein)

t = d+c

Where: A,. = missile contact area, square inches;
CTm = crushing stress, psi (=4,000 psi for wood
missiles); JJC = ratio of long side to short side of
the concentrated load; d = effective depth of
section, inches; fc = specified compressive
strength of concrete, psi; Vp = punching shear
load, pounds; b0 = perimeter of critical section,
inches; c = reinforcement concrete cover, inches;
and t = concrete barrier thickness, inches. The
equation for d is based on a dynamic increase
factor of 1.10, a strength reduction factor (0) of
0.85, and an ultimate load factor of 1.00.

DESIGN FOR OVERALL
STRUCTURAL RESPONSE

In addition to local impact effects, Safety-
Related structures serving as containments must
also be designed to resist the overall effects of
missile impact.

The response of a structure to missile impact
depends largely on the location of impact, on the
dynamic properties of the structure (target), and
on the kinetic energy of the missile. For wind -
generated missiles, the assumption of a plastic
collision between the missile and concrete target
is acceptable. This type of impact is
characterized by significant local deformation of
the missile or target. Wind-driven objects which
are hard relative to the target structure, such as
pipe missiles, will penetrate into concrete targets.
Soft missiles such as wood will deform upon
striking the concrete structure.

If the local deformation characteristics of the
missile or target can be determined accurately,
and the assumption of plastic collision is
acceptable, the applied force rime history can be
developed and the analysis for overall response to
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the force can be carried out as for impulsive
load. Interface force-time history for steel pipe
and wood missiles striking reinforced concrete
targets can be characterized as a rectangular
pulse with the average force value F, applied
over a time duration ta.

For the cases where local deformation of a
missile or target structure cannot be determined
accurately or local deformation on impact is
negligible, and for all the cases of elastic and
semielastic impact, the conservation of energy
and momentum method should be used.

INTERFACE FORCING FUNCTION FOR
NONDEFORMING MISSILES

When a nondeforming missile penetrates
into the target structure upon impact, the
interface forcing function applied to the structure
by the missile can be developed based on
application of the equation of motion during
deceleration of the missile. It is assumed that
the velocity varies linearly to zero as a function
of time as the missile penetrates the structure.
Implicit in this assumption is a constant
acceleration, and consequently a constant force
of impact. The total kinetic energy of the
missile before impact is expended as it
penetrates into the structure. If it is also
assumed that the overall deflection of the
structure during impact is negligible when
compared to penetration; then the work done by
missile as it penetrates the structure is equal to
the initial kinetic energy. Thus:

Wv*

Where F, = force of impact; g = acceleration of
gravity; W= weight of missile; v0 = initial
velocity of missile; and x = missile depth of
penetration. Based on the assumption that the

velocity reduces linearly to zero immediately
following impact, the time of impulse or duration
of the impact force is:

2x

The value of Fj and td completely define a
rectangular impulse loading appl ied to the
structure.

It is convenient to combine these formulas,
rearrange the terms, and solve for F, .

Wv0
3

T"
mv0

t,

and impulse, i = F|td = mv0; where m is the mass
of the missile. '

INTERFACE FORCING FUNCTION FOR
DEFORMABLE MISSILE

When a deformable missile crushes upon
impact with the target structure the impact time
history is developed based on the defonnation of
the missile, assuming the target is rigid. The load
imposed on a rigid structure by an impacting
deformable missile is composed of two parts.
The first part is the crushing strength, and the
second pan is the inertial force, or time rate of
change of momentum of the missile:

pc + yV2 = F,

where Pc = missile crushing strength at impact
interface; y = mass per unit length of uncrushed
missile at impact interface; V = velocity of
uncrushed portion of missile; and F, = force
applied to rigid struck -x. Pc and y are functions
of the crushed length x of the missile which, in
turn, is a function of time.

For the typical wood plank missile, the
second term (7V2) in the formula is negligible.
Therefore the force (Fj) applied to the rigid
structure is then approximately equal to the
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missile crushing strength (Pc). The crushed
length of the wood missile is then equal to
initial kinetic energy divided by the missile
crushing strength,

x = _

Assuming that the velocity reduces linearly to
zero as a function of time, the duration of
impact force:

2x

determined from published tables (e.g., Biggs
[5]).

For the elasto-plasric response, and in the
absence of static loads, Wm is equal to the
required structure collapse load R^. A ductility
ratio is selected in accordance with ACI 349,
Appendix C [3] and the ratio (t/rj is caJculated
as for the elastic case. The DLF which is equal
to RJF, can be determined for specific i/Te

ratios and ductility ratios from published tables
(e.g., Biggs [5]).

For short duration loading where the natural
period of the structure is five or more times the
load duration, the Dynamic Load Factor can be
computed without appreciable error by:

where Pe = force of impact = cmA; x = crushed
length, inches; om = crushing stress, psi
(= 4,000 psi for wood missiles); and A = missile
cross-sectional area, square inches. It is
convenient to combine these formulas, rearrange
the terms and solve for Pe:

mv.

and impulse, i = Pctd - mv0. These equations
are the same equation as derived for hard
missiles.

ANALYSIS FOR RECTANGULAR
IMPULSIVE LOADS

The equivalent static missile load (Wm)
concentrated at the impact point for the structure
which responds elasdcally is equal to:

Wm = DLF Fl

where F, is a suddenly applied constant load
with a limited duration t̂ . After calculating the
effective period of the structure (Te) at the point
of impact, the ratio ( t /TJ can be calculated, and
th?. dynamic load factor (DLF) can be

DLF =

= A. / M.
fe =

Te = l/fe

where: toe = effective radial frequency (of
structural element subject to impact load), radians
per second; fe = effective natural frequency,
cycles per second; Te = effective natural period,
seconds; and u = ductility ratio.

If a conservative error of up to 30 percent is
accsptable, then the same equation with the upper
limit shown can be used throughout t/Te range:

The equivalent static missile load then is equal to:

W o = DLF
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Recall that F, = — - , therefore

W. mv
0 _

Note that, for very long duration loading, the
dynamic load factor is at maximum and the
limiting value of dynamic load factor is 100
percent accurate.

DLF »

For elastic response (u = 1.0), DLF = 2.0.
The lowest permissible ductility ratio is 1.3

for shear carried by concrete alone. Therefore,
the largest dynamic load factor to be used in
design does not need to be larger than 1.625.
The equivalent static missile load is then equal
to:

Wm £ 1.625F,

For other permissible ductility ratios the
equivalent static missile load should be limited
by:

1

2p

Note that for flexure to control design, the load
capacity of the structural element in shear
should be at least 20% greater than the load
capacity in flexure.

For conservative design without regard to
duration (td) or effective period of the structure
(Te), and other permissible ductility ratios, the
equivalent static missile load can be taken as
equal to:

Wm = 1.625FS

For structural elements that are expected to
deform beyond their elastic limit, the effects of
static loads on the available resistance should be
accounted for. The effective ductility ratio with
the effective available resistance equal to R^-R,
described in ACI 349, Appendix C [3]
commentary should be used.

CONSERVATION OF ENERGY AND
MOMENTUM METHOD

The conservation of energy and momentum
method for evaluation of overall structural
response is predicated on the assumption that
local deformation on impact is negligible. While
this ideal situation rarely exists in actual impacts,
it is reasonable and acceptable to employ the
method described in this section for cases where
local deformation of missile or target structure
cannot be determined accurately. This method is
conservative with respect to overall failure in that
it neglects energy absorption through local
deformation upon impact. Before impact, the
kinetic energy of the missile is known. During
impact, some portion of this energy is transmitted
to the structure to be absorbed as strain energy.
Conservation of momentum and energy are used
to calculate the transmitted kinetic energy and
maximum displacement. Structure displacement
limits or energy absorption capability are
determined by the allowable ductility criteria.

For conservation of momentum,

mv0 =

For conservation of energy,

1 mv0
2 - 1 mv,2 + 1 MeV,2

where m = missile mass; Me = target effective
mass; v0 = velocity of missile before impact; v, =
velocity of missile after impact; and Vj = velocity
of target after impact.

An additional equation may be written
denning the coefficient of restitution:

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

275



V

For ideal plastic impact, energy is
dissipated and the two masses move off a? the
same velocity (V1 = vx) and e = 0. For ideal
elastic impact, e = 1 and energy is conserved.
Note that it is always conservative to assume
elastic impact, though in some cases a value of
less than one for the coefficient of restitution
may be justified based on experience.

Solving above equation for v,, and
substituting into the momentum equation yields
expressions for post-impact target and missile
velocity:

It is i m p o r t a n t to n o t e t h a t an
underestimation of the target mass leads to a
conservative estimation of the energy transmitted
to the structure. In terms of the allowable
ductility and collapse load, the energy absorption
capability of the structure (area under the
resistance-displacement curve) is:

SE =

where SE = strain energy absorption capability of
the structure; R^ = static collapse load; Xe =
effective yield displacement (elastic displacement
under a static load RJ ; and Xg, = allowable
displacement.

V,=.

m

1 + m
[vo(l +e)] (post-impact target velocity)

(post-impact missile velocity)

Note that for m/N^ >e, the missile velocity
is a positive value which indicates that the
missile is still moving toward the target after
impact. The residual velocity represents kinetic
energy which the target must absorb in addition
to that imparted to it during the initial impact.
In equation form, the energy absorption
capability of the target must be greater than:

KE, = i . MeV,2, for JL < e

R

m
DISPLACEMENT

Substituting the definition of allowable
ductility (p = Xn/XJ into the equation above,
results in the expression:

SE = R_X.

KE, = 1 MV,1, + 1 mv2, for — > e1 2 e ' 2 l Mc
The structure resists impact if SE is greater than
KE,.

For a wind generated missile under the
general case of semielastic impact and elasto-
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plastic response (without static loads present),
where m/Me £ e. the above equations will
reduce to the following:

KE = 1 M.1 2 e
M

1
m

SE = RmXe (M - i.) = i ^ L (2u - 1)

Setting KE, = SE, results in

-LM
(1 + e) vo

(1
ML

m

y
^ (2M - 1)

(1

m

The equivalent static missile load, Wm, for
elasto-plastic system is equal to the required
resistance R,,, = X&. Substituting Xe from
above results in:

ke (1 + e) von»Me

(m

substituting O)e = 1 results in
M

e)vo mMe

(m + Me)

for M e » m

«,(i+e)vom (2rrfo)(l+e)vom

/2JT-T
Note that for plastic impact e=0, the equation will
reduce to

Then proceed as before

2jtfe vom

This is identical to the equations derived
considering missile penetration and/or missile
crushing upon impact.

For a wind-generated missile under the general
case of semielastic impact and clastoplastic
response with static loads present the available
strain energy is

SE =R.
(Xe-X0)

x -

where Xo = displacement due to static load.

USED BY
STATIC
LOADS

DISPLACEMENT

u X - X
Calculate LL- = I 1
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(Note that w.ffw) > p)

then proceeding as before, one obtains

W . =

where

(R, =

= resistance required for static load

TARGET STRUCTURE EFFECTIVE
MASS AND STIFFNESS

The effective mass and stiffness of the
target structure can be established by static
analysis. The target is represented by a discrete
beam, frame, and/or finite element structural
system where a static unit load is applied at the
impact point. The expressions for k, and Mt

follow:

1

j— m v 1 dA — m. V:
iM 2 '

Effective mass (Mc), effective stiffness (Kr).
effective frequency (fc), and maximum moment
(Hnw) n a v e been derived in general terms for
simply supported, fixed-fixed, and cantilever
beams for the elastic range of analysis and are
summarized in Table A.

Table A is applicable for \y < '
* (1-1/2M)

. When

, W., is at maximum, constant, andW =
m ( 1 M

does not vary with the location. The maximum
moment is then computed by conventional means:

W L
for simply supported beam M = m : for

* * * * mix A

4W L
fixed-fixed beam M = m ; for cantilever

beam MmM=Wn)L. The maximum beam shear is
equal to Wm, for all conditions.

EFFECTIVE SLAB WIDTH
CONSIDERATIONS

In evaluating flexural stresses in rectangular
plates or slabs for equivalent static concentrated
loads, the following considerations should be
bom in mind:

Assuming v = CA, where C is a constant
relating displacement and velocity, and ve is
effective velocity:

•*>

where \ = deflection at impact point caused by
unit load: \ = deflection at node i caused by
unit load at impact point; m, = mass of target
associated with node i; and n = number of nodes
in the structural model.

a) A slab supported on four edges
can be designed as a two-way slab provided
the ratio of the longer to the shorter spans
within a panel is not greater than 2.0. The
slab may be designed using the direct design
method or the equivalent frame method
described in Section 13.6 and 13.7 of
ACI318.16}.

b) A slab supported on all four edges
should be designed as a one-way slab in the
short direction if the ratio of the longer span
to the shorter span exceeds 2.0.

c) A slab supported on two opposite
edges should be designed as a one-way slab.
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d) A slab designed as a one-way
slab may be designed as a beam provided
that for concentrated loads the equivalent
width is determined by yield-line analysis
theory, and summarized as follows:

EFFECTIVE SLAB WIDTH
Ratio of Moment Capacity

Perpendicular to Span Direction
to Moment Capacity in Span Direction

,25 JO J S LO
Load at Center l.OOL 1.41L 1.73L 2.00L
Load at Edge .44L .62L .76L .87L
Where L = Span Length

e) The loads resulting from a
detailed finite element analysis may also be
used in lieu of the above.

SUMMARY AND CONCLUSIONS

Criteria and procedures have been
presented for the design of DOE concrete
structures and components for wind-generated
missiles. Local missile effects that consider the
relative hardness of the impacting missile and
the target structure are addressed by relating
generally accepted ASCE and ACI publications

Overall structural response effects that
consider the kinetic energy of the impacting
missile and the location of impact on the target
structure are addressed by relating dynamic
theory [5], ACI Publications [3][6], and original
dynamic derivations. The presented criteria is
applicable to safety-related buildings as a whole
and to their exposed external components
including walls, roofs, and supporting structural
systems and elements. Fomuias for evaluation
of overall response of concrete targets struck by
wind-generated missiles are summarized in
Table B.
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TABLE A

EFFECTIVE MASS. STIFFNESS. FREQUENCY. AND MAXIMUM MOMENT IN
BEAMS DUE TO IMPACTIVE LOADS

effective.
Mo *»(».*)*

(S> K~ O S
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TABLE B
FORMULAS FOR EVALUATION OF OVERALL RESPONSE OF CONCRETE TARGET

STRUCK BY MISSILE

Penetration Depth, x

Crushing Length, x

Duration, td

Impulse ,i

Impact Force, F!

effective Static
Missile Load WQ:
Vm for /<=1.0
(Wo< 2Ft)

Wa for /« ?« 1.0

(- • H
^ 2/4 /

Basis of Analysis

Penetration
(Steel Pipe
striking

concrete target

NDRC formula

2x

mv0

mv0

td

mvowe

iivoo>e

Missile
Crushing

(Wood Plank fi
pole missile:

mvj

2Pe

2x

v0

mv0

mvo . p

mvoa»e

mv0toe

/2^T

Conservation of Energy
and Momentum

e - 0

mvoa>e

mvow,

i j 2 ^ - l '

e f 0

mvocu.(l+e)

where, a>» « | —k
ke • effective stiffness at impact point
Me - effective mass at impact point
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STRUCTURAL INSPECTION AND WIND ANALYSIS
OF REDWOOD COOLING TOWERS

AT THE PORTSMOUTH GASEOUS DIFFUSION PLANT

Tony Chung and Tim Solack
Science Applications International Corporation

P.O.Box 2501, Oak Ridge, TN 37831

John Hortel
Martin Marietta Energy Systems, Inc.

P.O.Box 628, Piketon, Ohio 4S661

ABSTRACT

As part of the plant upgrade program, structural analyses and field inspections were
performed on four redwood cooling towers at the DOE Portsmouth gaieous
diffusion plant located in Piketon, Ohio.

The cooling towers are categorized as important hazard facilities. The loadings are
derived from UCRL-15910 according to the pertinent hazard category. In addition
to the seismic and wind loadings, the wood cooling towers are constantly subject
to adverse environmental effects such as elevated temperature, chemical attack,
icing and snow load, and motor vibrations. A thorough structural evaluation for
all load combinations was performed for each of the cooling towers based on the
structural code requirements of the Cooling Tower Institute and National Forest
Products Association. Most stress criteria are unique for the redwood material.
This evaluation was performed using finite element techniques on the global
structural integrity and supplemented by hand calculations on the individual
connection joints. Overloaded wood structural members and joints are identified
by the analysis.

The rectangular tower structure sits OL a concrete basin that span across 60 ft by
200 ft. A major part of the cooling towers upgrading program involved field
inspections of the individual cells of each tower. The primary purpose of these
inspections was to identify any existing structural damage or deficiencies such as
failed members, degraded wood, and deficiencies resulting from poor construction
practice. Inspection of 40 cells identified some generic deficiencies that mostly are
consistta: with the analytical finding. Based on the analysis, some effective but
inexpensive upgrading techniques were developed and recommended to bring the
cooling towers into compliance with current DOE requirements.

1. INTRODUCTION The Uranium Enrichment plant where the Cooling
Towers are located is owned by the Department of
Energy. The plant is located approximately 30 miles
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north of Portsmouth, Ohio. Martin Marietta Energy
Systems is the operator for the facility.

There are seven cooling towers at the Portsmouth
site which are used for the dissipation of heat from the
enrichment process. Approximately 670 million gallons
of water can flow through these towers each day under
a full design load. Water temperatures are reduced
from approximately 135 degrees F to 90 degrees F.
The inspection of fair of them and the analysis of the
two types of designs are included in this paper.

All four of these towers were built at the time the
plant was originally constructed in 1953. The towers
are a mechanically induced counterflow type. The X-
630 towers were designed and built by the C. H.
Wheeler Company. The original design had redwood
fill. A fluted fill was added in 1975. The X-633 towers
were designed and built by the Santa Fe Tower
Company. This style of tower is wider, utilizing a two
sub-cell concept but has smaller column spacing than the
X-630 towers in both the transverse and longitudinal
directions. It also has a more efficient connection
design which utilizes cast silicon bronze connection
hardware.

Cooling towers at the Portsmouth site are a high
maintenance item. Replacement of components, due to
ice loading and the corrosive atmosphere due to the
towers mist, is common as the towers require regular
attention. Re-building of major components op the
towers has occurred on approximately a 10 year cycle.
A major project to upgrade the cooling towers is
presently in progress. In the summer of 1990 prior to
the start of design, Science Applications International
Corporation (SAIC) was tasked with the inspections and
analyses of these towers. The DOE Design Criteria
6430.1A[1] bad been issued earlier in the year. SAIC
was tasked with analyzing the towers under the DOE
6430.1 A criteria and to make recommendations to bring
it into compliance if required.

For this effort the cooling towers were identified as
important hazard facilities. This classification was
consistent with the Safety Analysis for the facility.
Although a dynamic analysis was not required for this
classification of facility, it wa» still preformed since a
static analysis would have required a similar amount of
modeling time.

2. DESCRIPTION OF STRUCTURE

The four cooling towers are: X-63O-2A, X-630-
2B, X-633-2A, and X-633-2B. Isometric views of the
towers are shown in Figures 1 and 2.

All of these cooling towers are mechanical, induced-
draft towers. The primary components for the towers are:

concrete water basin,
concrete beam and pier support system,
redwood structural framing system,
fill support system,
fill material,
distribution-pipe system and supports,
drift-eliminator support system,
drift eliminators,
equipment-support frame structure,
fan, gearbox, motor and fan stack, and
roof deck.

2? DIA.

Figure 1. Cooling tower X-630-2A or X63O-2B

Figure 2. Cooling tower X-633-2A or X633-2B

The structural evaluation is limited to the wood
superstructure of the towers and does not include an
evaluation or inspection of the concrete water basin, the
pumping house, or any of the auxiliary equipment.
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The redwood material used in the construction of the
cooling towers being evaluated is close-grain No. 1 heart
structural redwood. The allowable stresses and the
modulus of elasticity for this grade of redwood are shown
in Table 103-A of CT1 Code Tower Standard Specifications
12].

The structural evaluation of the towers was performed
in accordance with DOE Order 6430.1A [1]. It was also
performed in accordance with the Cooling Tower Institute
Standards listed in Refs. 2-6. Where conflicts or
differences exist, the requirements of DOE Order 6430.1A
control.

3. COOLING TOWER INSPECTION

A major part of the cooling tower structural analyses
involved field inspections of the individual cells of each
cooling tower. The primary purpose of these inspections
was to identify any existing structural damage or
deficiencies, such as failed members, degraded wood or
concrete members, or deficiencies resulting from poor
construction. Where possible, general recommendations
were made for correcting the damage or deficiency. The
following cooling tower cells were inspected: X-630-2A,
Cells 1 through 10; X-630-2B, Cells 1 through 10; X-633-
2A, Cells 1 through 20; and X-633-2B, Cells 1 through 20.
A cross-section view of the X-630 tower is shown in
Figure 3. A cross-section view of the X-633 tower is
shown in Figure 4.
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Figure 3. Truuvene section view of cooling tower type X-630

Figure 4. Tranivene section view of cooling tower type X-633

3.1 INSPECTION METHODOLOGY

All cooling tower cells were inspected by a team of
two engineers using a top-down approach. The primary
areas of each cell inspected were:

• roof deck and supports;

• drift eliminator area, including fan, gearbox and
motor structural supports;

• Return Cooling Water (RCW) distribution pipe area;

• fill material area; and

• open structural support area between the bottom of the
fill down to the concrete support beams at the top of
the basin.

Because of the large cooling demands of process
operations, only one X-630 cell could be shut down at a
time. Back-to-back cells in the X-633 Tower were shut
down at one time, since one RCW header serves two cells.
Thus, the cooling tower cells were inspected in a wet
condition rather than a preferably dry condition (i.e.,
allowed to dry for 8 h), except those cells which were
completely shut down due to fan-system maintenance.

The cell inspection process began at the top of the
roof deck and proceeded downward through the cell. The
fan stacks, rotors and blades, and the 2-by-6 tongue and
groove (T&G) boards comprising the roof decking were
inspected.

The inspection team then proceeded down to the drift-
eliminator level which is the next lower level. At this level
the following items were inspected:
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• the underside of roof decking and 2-by-6 and 2-by-8
support beams for decking and fan stacks;

• ran/gearbox structural steel support frame;

• tan/gearbox wooden beam, column, and diagonal
supports;

• the top portions of all remaining wooden columns,
diagonal bracing, and beams;

• drift-eliminator panels;

• cell-partition planking; and

• column/beam/diagonal-bracing structural connections
and intermediate splice connections.

In the X-630 Cooling Tower cells, the inspection team
entered the drift eliminator area from the access-'vay ladder
located near one end of the cell and walked along and on
the top of the supported sides of the drift-eliminator panels
to the opposite end of the cell. From this point, the team
members began their inspection with each person inspecting
one-half of the cell area and working his way back to the
access-way ladder.

In the X-633 cells, the inspection team entered the
drift-eliminator area from the short, access-way ladder
located near one end of the cell, and one person crawled
along the catwalk to the far side of the cell. Both
inspectors began their inspections from this catwalk,
working their way across the transverse section of the cell
to the opposite side where they exited out of the top of the
fan stack.

Once the drift-eliminator area inspection was
complete, the inspection team climbed down the RCW-
distribution pipe area of the cooling tower cells. At this
level, the following items were inspected:

• overhead drift-eliminator supports;

• diagonal bracing throughout the area;

• columns and beams throughout the area;

• column/beam/diagonal-bracing connections and
intermediate-splice connections;

• RCW-distribution pipe supports;

• the top portion of the fill material;

• cell-partition planking; and

• the access-way ladder.

In the X-630 Cooling Tower cells, the inspection team
climbed down the ladder to the distribution-pipe level, and
one inspector crossed over the main distribution pipe to the
far side of the cell. Both inspectors then walked along the
secondary distribution pipe supports to the oppotite end of
the cell, where the detailed inspection began. The
inspectors then worked their way back to the access-way
ladder, as they performed their inspection. The fill
material and the structural members which extended down
through the fill material were inspected at this location.
The top portion of the fill material was removed at teveral
locations and the hidden members inspected. Upon
completion of the inspection, the fill material was replaced
in its original position.

In the X-633 Cooling Tower cells, access to the
distribution-pipe level was gained by removing several of
the plastic, drift-eliminator lections and climbing down to
the distribution pipe. From this vantage point, the
structural members, distribution pipe supports, fill material,
and the columns and diagonals which extended down
through the fill material were inspected. Those structural
members which could not be physically reached were
visually inspected.

Upon completion of inspection activities at this level,
the inspection team exited the top portion of the cell(s) via
the access-way ladder up to the roof deck of the X-630
Cooling Tower cells or up through the fan stack(s) on the
X-663 Cooling Tower cells. From here, the inspection
team went down to the cooling tower basin area where the
inspection of the lower part of the cells that extends from
the underside of the fill material down to the basin concrete
beams located just above water level was initiated. At this
level, the following items were inspected:

• columns, beams, and diagonal bracing;

• concrete beams located directly above water level;

• fill material support beams (primarily for X-630
Cooling Tower cells);

• cell-partition planking; and

• column/biam/disgonal-bracing structural connections
and intermediate-splice connections.
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3.2 INSPECTION CRITERIA

The cooling tower inspection effort concentrated
primarily on identifying the following structural
deficiencies:

• ruled or missing structural members;

• structural deformation (e.g., bowed or bent
members);

• damage due to poor construction practices (e.g., bolt
overtightening, loose connections, improper splice
connections, additional or incorrectly located bolt
holes, wood members containing numerous knots);

• surface degradation (e.g., delignification, soft spots,
splits, cross-grain cracks); and

• internal decay.

The locations of all failed member., within the cooling
tower cells were documented by the inspection. Typically,
these were beams that were broken, columns that had
cracked at a knot, or diagonal bracing that was missing.
Members with severe structural deformation were also
documented. These were generally columns that were
either severely bowed or deflected.

Poor construction practices that had caused
deterioration of a structural member were documented. An
example of such damage is overtighteaed, bolted
connections where the washer and nut had crushed the
outer 1/4-in. of the wood surface causing major surface
decay at the connection. Locations of improper splice
connections were also documented, along with bolted
connections that had worked loose, and locations where
additional bolt or nail boles existed. These open bolt/nail
boles through me member have retained water and rotted
the member at those locations. Structural members that
had bowed, cracked, or rotted because they contained knots
were also documented.

Structural members were physically inspected for
surface or internal decay. If a redwood column, beam, or
diagonal bracing had numerous splits parallel to the grain
along the entire length of the member, and if they were
1/2- to 3/4-in. or deeper, the location of that member was
documented with the recommendation that it be replaced.
Similarly, if the surface deterioration of a redwood member
was to the point that 1/4-in. of the surface could be easily
scraped off on all sides, replacement was also
recommended for that member. Any member that was

structurally sound over most of its length but had localised
soft spots where the wood was rotted to a depth of 1/2 in.
or more was documented with the recommendation that it
be replaced.

3.3 OBSERVATIONS AND RECOMMENDATIONS

3.3.1 X-630-2A & -2B Coolinp Towers

Inspection of the 20 cells comprising the X-630-2A
and -2B Cooling Towers identified the following
deficiencies which were common to the majority of cells:

• Redwood columns and diagonal brace located directly
under and within the fan-suck diameter were in
generally poor condition compared to other areas.

• The dri ft-eliminator panels and cell-partition planking
in the upper two levels were in generally poor
condition.

• The majority of the redwood columns, beams, and
diagonal brace at the distribution-pipe and drift-
eliminator levels had surface decay of approximately
1/8 in.

• Beams and columns had questionable splice
connections.

• There were loose connections at diagonal
bracing/column interface and overtightened, bolted
connections at beam splices.

• The use of redwood lumber containing knots allowed
columns, beams, and diagonal bracing to bow, split,
crack or decay at the knot location.

3.3.2 X-633-2A &. -2B Cooling Towers

Inspection of the 40 cells comprising the X-633-2A
and -2B Cooling Towers, identified the following general
conditions and deficiencies common to the majority of
cells:

• wood members in better condition than X-630 Cooling
Tower wooden members;

• column damage near the center of cells in the lower
part of the cells and column base deterioration;

• main distribution pipe, 2-by-IO, support damage;
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• infestation of small beetles in the wooden members;
and

• fan-stack support beams and nailed connections in
generally poor condition.

4. STRUCTURAL ANALYSES

4.1 DESIGN LOADINGS

According to the requirements of CTI STD-103 [2],
there are six loading cases which must be considered in the
analysis of the cooling tower structure. The following load
cases (with their abbreviations and respective durations) are
considered:

• DL - Dead Load Condition - permanent
wood weight
mechanical equipment weight
drift-eliminator materiel
weight of fill material

• OL - Operating Load Condition • permanent
fan-thrust load
water weight in distribution system and fill
material

• SL - Special Short-Term Condition - 7 days
fan out of balance load
ice buildup on fill material
snow load on roof deck

• ML - Maintenance Load Condition • two months
distributed load on roof deck

• WL • Wind Load Condition - very short term

• SE - Seismic Load Condition - short term

The gravity-induced, self-weight, and operating loads
are analyzed using static structural analysis techniques.
The routing equipment loads that result from normal
operation and from fan-out-of-balance conditions are treated
as pseudo-static loads. This is appropriate due to the
frequency of the load relative to the fundamental frequency
of the structures.

A study of the dynamic characteristics of the cooling
towers was made. It was found that the fundamental
frequency of the towers is approximately 3.0 Hz. This is
more than one octave higher than the typical wind-load
forcing function. From the standpoint of wind loading, this

is high enough Uiat the wind loads can be considered by
static analysis methods. The wind loading and distribution
is determined in accordance with UCRL-15910 [9] and
ANSI AS8.1 [10]. The seismic analysis it performed in
accordance with the Uniform Building Code (UBC)
requirements [11).

4.2 ALLOWABLE STRESSES

The allowable stress for a given structural member is
the level of stress to which the member may be safely
loaded. For wood as the structural material, the allowable
stress is primarily s function of the duration of the applied
loads. The allowable stress for short-duration loads is
higher than the allowable stress for long-duration loading.
For this reason, the duration of the application of load for
the given load cases must be considered. The ratio of
working stress to design value for normal loading duration
is shown in Figure B-l of Ref [7] and duplicated in Figure
5.

Duration of Mutism Load

Figure 5. Adjuumem of working Mic*t for variotu duration of load.

For all four cooling towers, the structural members
are California Redwood. The basic allowable stresses used
in this analysis, for No. 1, heart structural grade, close-
grain. Redwood, are tabulated in Table 4A of Ref. f 8j.
However, the allowable stresses are for building conditions
most commonly encountered. This, is where cured timber
is erected in a sheltered structure and the duration of the
load does not exceed 10 years.

The allowable stress values discussed above are also
influenced by several factors such as surrounding
temperature, humidity, moisture content, pressure treatment
for lire resistance and preservation. For temperatures over
68°F, the basic allowable stress must also be decreased.
If the wood has been pressure-treated for fire resistance,
the basic allowable stress must be reduced again. All of
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these stress modification factors are applied to the basic
allowable stress. The resulting stress is the allowable
working stress.

The allowable stress applied to cooling towers in
particular depends on where in the cooling tower the
member is located. This is because the temperature within
the tower varies considerably. CTI STD-103 [2]
recommends that for the upper portion of the tower (above
the fill material), the high water temperature is used. For
the lower portion of the tower (the area below the fill
material), the average of the high water temperature and
the low water temperature is used.

4.3 J O A D COMBINATIONS AND ACCEPTANCE
CRITERIA

The following load combinations are considered for
the an'Jysis of the cooling tower structures and are
cocstoent with Ref, [6]:

Table 1. Load combinations and stress multiplier

Load case Load combination Allowable stress

1.
2.
3.
4.
5.
6.
7.

U=DL+OL
U=DL+OL+WLCW

U=DL+OL+WLns
U=DL+OL+ML
U=DL+OL+SL
U=DL+OL+SEew
U=DL+OL+SE!S

.90 Fa
1.33 Fa
1.33 Fa
1.15 Fa
1.25 Fa
1.33 Fa
1.33 Fa

The subscript *ew" stands for wind or seismic load
parallel to east-west direction. Similarly the subscript "as"
stands for load parallel to north-south direction. These
load combinations are made up of the load cases listed in
Sect. 4.1. Along with each load combination, the
appropriate stress modification factor is listed. Fa

represents the generalized allowable stress. The actual
acceptance criteria for a wood column is a combination
check of slenderness factor C s , slenderness ratio fe/d,
allowable flexural stress F b \ allowable compressive stress
F c \ actual binding stress fj,, and actual compressive stress
fc. The wood timbers are loaded in both laterally and
axially. The interaction equations for checking the
acceptance criteria of the loaded beam or column were
taken from National Design Specification for Wood
Construction [7] and presented as follows:

4.3.1 Design flexurt] loading or beams

The slenderness factor for a bending member was
calculated by the following formula:

where
b
d

the effective column length
the beam breadth
the beam depth

(a) SHORT BEAMS. When the slendemess factor, C s

does not exceed 10, the full design value for extreme fiber
in bending, Fj,' = F^, is used.

(b) INTERMEDIATE BEAMS. When the slenderaess
factor, C s , is greater than 10, but does aot exceed C^, the
adjusted design value for extreme fiber in bending, Fj,',
was determined from the following formula:

in which

Ck - 0.811 |JL

(2)

(3)

where E = modulus of elasticity, psi
Fjj = design value for extreme fiber in bending

(c) LONG BEAMS. When the slenderness factor, Cs, is
greater than C^, but less than or equal to 50, the adjusted
design value for extreme fiber in bending, F),', was
determined by the following formula:

0.438E

4.3.2 Design axial loading of columns

(4)

(a) SHORT COLUMNS. For solid columns having an
fe/d ratio of 11 or less.

where Fc = design stress value in compression
parallel to grain
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(b) INTERMEDIATE COLUMNS. For solid columns The value of J was derived as:
having an (Jd ratio greater than 11 but less than K,
where: . m <*« M "u

K -11 (12)

K * 0.671 where (0 <, J <, 1).

(7)

(b) SHORT COLUMNS. For members having an le /d
of 11 or less, J=0 and the equation (11) reduces to:

lP7f' <13>
(e) LONG COLUMNS. For solid columns having an c *

fe/d ratio of K or greater: C) LONG COLUMNS. For members having an ffi/d of
K or greater, J= 1 and the equation (11) reduces to:

(8)

4.3.3 Flexural and axial loading combined
(M)

4.3.3.1 Flexure and Axial Tension

Members subjected to both flexure and axial tension
was so proportioned that.

F, Fb

and

where

(10)

actual unit stress at extreme fiber in
bending, psi

actual value in tension parallel to grain
design value in tension parallel to grain

The values of F t and F^ included duration of load and
other applicable modifications.

4.3.3.2 Flexure and Axial Compression

(a) MEDIUM COLUMNS. Members subjected to both
flexure and axial compression were proportioned that

(A. • JL

5. FINITE ELEMENT MODELING

The structural evaluations of both the X-630 and X-
633 Cooling Towers were performed primarily by using
finite element technique!. At the intersection! of various
components of the structure, node point* are defined.
Then, the finite elements which properly represent the
structural members are chosen from a library of dements.
These elements are connected to the nodes to form a
mathematical representation of the physical structure.

The boundary conditions of the finite element model
are defined to represent the support system for the physical
structure. Once the finite element and the boundary
conditions are defined, the loading of the structure is
established. The loading of these structures is represented
by nodal-point applied loads. The magnitude of these
nodal loads is determined in accordance with the
requirements of Section 4.3.

A structural analysis is performed for each of the
loading combinations. This data is then used as input to a
post-processor program, which checks each individual
member to determine if its allowable load has been
exceeded. This allowable loads are defined in Section 4.3
and are dependent upon both the load duration and the
temperature/humidity environment.

S.I COOLING TOWERS X-630-2A AND X-630-2B

The structural analysis of these towers was performed
by using a three-dimensional, finite element model. The
model was constructed to represent one typical cell of the
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tower. The model includes members which represent all of
the load-carrying members of the cell. The beam members
(joists) that carry the roof deck, the drift eliminators, and
the fill material are modeled by beam elements. The
diagonal members that cany horizontal loads, such as
seism c and wind loads, are represented by truss elements.
The diagonals in the structure are installed in such a way
that they carry only axial loads.

Between each of the individual cells of the structure,
a wood diaphragm is used as a partition wall. The roof
deck and the partition diaphragms are represented by plate
membrane elements.

5.2 COOUNG TOWERS X-633-2A AND X-633-2B

These towers were analyzed using two individual
finite dement models. Both models are two-dimensional.
One model is used to represent a typical frame in the
transverse direction of the cooling tower, and the other
model is used to represent a typical frame in the
longitudinal direction. In both models, only one coll is
modeled. These models include elements that represent all
of the load-carrying members of the cell. The beam
members (joists) that cany the roof deck, the drift
eliminators, and the fill material are modeled using beam
elements. The diagonal members that carry horizontal
loads, such as seismic and wind loads, are represented by
truss elements.

6. RESULTS

Based on the results of the finite element analysis, all
structures, in their present condition, do not fully comply
with the requirements of the controlling codes and
standards. Most non-compliances are due to the
compressive loads exceeding the allowable working stress.
These are caused by inadequate member size or
exceedingly long unbraced length.

A typical diagonal to column connection detail for the
tower was investigated. This joint analysis was performed,
according to Ref [5], by hand calculation for the bolted
connection and it was found to be inadequate for
transmitting the tension forces,

6.1 GENERAL DEFICIENCIES

As would be expected, the center columns of the
cooling towers are the most highly loaded interior columns.

These columns are slightly overstressed in the midheight
region of the columns. It was recommeutied that any of
these columns that are identified as marginal or decayed in
any way in the inspection report be completely replaced.

7. RECOMMENDATIONS

Recommendations were provided to bring the towers
into compliance. The recommendations provided are
believed to be the most cost effective. The results of the
analytical work and of the inspection effort were
considered. Modifications recommended considered both
aspects of the situation.

In general, the recommendation for the non-compliance
wood members consisted one of the following actions:

• Providing interior span locking between the individual
joists for lateral stability therefore increasing its load-
carrying capacity by reducing its slendemeu ratio.

• Strengthening the exterior columns that are not at the
partitions of the cells. The overload condition it the
result of buckling in the weak axis. This condition
could be corrected by replacing the column with a
larger timber member.

• Upgrading the interior column elements, located
below the fan, that are overloaded (dead load plus
operating load combination). Due to the magnitude of
the overload (approximately 30%), it was
recommended that these columns in the inner core be
replaced. The inspection also found that these
columns generally have more decay than the outer
columns. Therefore, it was recommended that the
members be replace* with bigger, newer, Clean
Heart, structural-grade, redwood columns.

• Reinforcing the connections of the tower such that the
diagonals can adequately transmit tension forces by
the addition of metal gusset plates with additional
bolts to carry the forces in the diagonals.

• Placing administrative control on the tower during
construction that the maintenance load be limited to
20 psf. The recommended load is 60 psf. The code
does allow this if the loads are specified and
controlled.

• Repairing the partition walls of each cell where loose
or deteriorated boards exist. It was also
recommended that a new layer of 1x6 T&G boards be
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added to the other side of the columns. If the new 1-
by-6 boards are placed at a 45 degree cngle, they can
be attached using 3/8d silicone bronze common nails
per column. If, however, the boards are placed
horizontally, then the connections are required to be
3/8 inch diameter through bolts.

• Strengthening the lowest diagonal member of the
bracing system for lateral loading by replacing with
bigger member.

• Tieing-up the diagonal bracings at the intersection of
mid-span. This will provide lateral restraint in the
weak axis and increase its load-carrying capacity.

By implementing the above corrective actions, the
tower structure can safely withstand the loads and will be
able to meet the requirements of the controlling codes and
standards.
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TORNADO WJNDLOAD1NG REQUIREMENTS BASED ON RISK ASSESSMENT TECHNIQUES
(For Specific Reactor Safety Class 1 Coolant System Features)

T. L. Deobald, G. A. Coles, G. L. Smith
Westinghouse H«nford Company

Richltnd, Washington 993S2

ABSTRACT

Regulations require that nuclear power plants be protected from tornado winds.
If struck by a tornado, a plant must be capable of safely shutting down and
removing decay heat. Probabilistic techniques are used to show that risk to the
public from the U.S. Department of Energy (DOE) SP-100 reactor is acceptable
without tornado hardening parts of the secondary system. Relaxed requirements
for design wind loadings will result in significant cost savings.

To demonstrate an acceptable level of risk, this document examines tornado-
initiated accidents. The two tornado-initiated accidents examined in detail are
loss of cooling resulting in core dunage and loss of secondary system boundary
integrity leading to sodium release. Loss of core cooling is analyzed using
fault/event tree models. Loss of secondary system boundary integrity is analyzed
by comparing the consequences to acceptance criteria for the release of
radioactive material or alkali metal aerosol.

INTRODUCTION

The SP-100 reactor is a Category 8 , liquid-
sodium-cooled, fast flux nuclear reactor. The SP-100
Flight System Qualification (FSQ) Test Site is a DOE
facility located on the Hanford Site near Richland,
Washington (see Figure 1). The facility will provide
an environment that closely simulates the vacuum and
temperature conditions of space operation. In addition,
the facility will provide reactor containment and the
associated heat transport, vacuum, plant protection,
support, and security systems necessary for safe and
reliable operation of the reactor.

The Code of Federal Regulations (CFR) requires
that Hanford Site design criteria provide tornado
protection for nuclear power plants. The probabilistic
evaluation, described in this paper, demonstrates that it
is possible to ensure an acceptable level of risk to the
public without hardening all SP-100 residual heat
removal (RHR) pathways. Relaxation of the design
tornado/wind loadings for selected portions of the
Secondary Heat Transport System (SHTS) will result
in significant cost saving.

BACKGROUND

SP-100 Reactor Residual Heat Transport Removal
Systems

Two independent pathways remove residual heat
from the reactor. The principal RHR pathway is the
Primary Cooling System (PCS) which is the normal
operating system. The PCS consists of the Primary
Heat Transport System (PUTS) in series with the
SHTS. The Auxiliary Cooling System (ACS), in
series with the Secondary Cooling System (SACS),
provides an alternate RHR pathway. This pathway
provides redundant shutdown cooling. The SP-100
reactor normal and residual heat transport systems are
shown in Figure 2.

Primary Cooling System Normal and Residual Heat
Transport System

During normal operation, reactor heat is
transferred from the SHTS Dump Heat Exchanger
(DHX) to the atmosphere. After reactor shutdown,
this pathway remains unchanged.

The PHTS and the SHTS are considered safety
class systems for two reasons: (1) they both provide
reactor decay heat removal during shutdown and
accident conditions and (2) the SHTS coolant boundary
acts us a containment boundary. If the PHTS or SHTS
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pumps tail, flow is still maintained by natural
recirculation. Natural recirculation in the PHTS
results from the change in coolant density between the
inlet and outlet of the reactor. In the SHTS, the
natural recirculation results from density changes
between the inlet and outlet of the Intermediate Heat
Exchanger (IHX). The IHX is the interface between
the PHTS and SHTS. Because of the natural
circulation, the PHTS and SHTS recirculation pumps
may be powered by non-safety-grade power supplies.

Auxiliary Coolant Svstem-Secondarv Auxiliary Coolant
System Residual Heat Removal Pathways

The ACS-SACS provide an alternate RHR
pathway. If the PCS rails, residual heat is transferred
from the reactor to the ACS and from the ACS to the
SACS. The SACS is normally cooled by the
non-safety-grade chilled water system. If the chilled
water system fails, the SACS transfers heat by
discharging steam directly to the atmosphere.

The ACS has two in-series electromagnetic pumps,
each powered from separate safety class direct current
(DC) power supplies. The SACS has a similar
arrangement. Accordingly, failure of a single pump
will not fail the ACS-SACS RHR pathway. Each DC
battery power supply is rated to provide power until
adequate cooling is possible in the passive mode. Heat
transfer by the passive mode occurs through the
vacuum vessel walls to the surrounding air space. The
ACS-SACS and associated safety class power supplies
and Class IE control circuits are not exposed to
tornado forces. This alternate system, which functions
in addition to the normal operating system, does not
have to be activated by reactor shutdown.

Secondary Heat Transport System Containment
Boundary

The SHTS is a closed-loop system that is partially
outside of the containment building. As such, a
portion of the SHTS boundary is also the containment
boundary. System design requires that seismic/tornado
loads do not have a potential for excessive loads on the
containment boundary.

TECHNICAL BASIS FOR RELAXATION OF
TORNADO DESIGN

General Design Criterion 2 of Appendix A to
10CFR50, [1], and Section C of Regulatory Guide
1.117, [2], state that structures, systems, and
components important to safety should be protected
from tornado winds. This includes the reactor coolant
boundary, those systems necessary to shut down the
reactor and r"»'"tain its safe condition, and those

systems whose failure could lead to excessive
radioactive release.

Normally, safety class systems (such as primary
and residual heat transport systems) would be protected
against tornado winds. Analysis shows, however, that
for the SP-100 FSQ, the regulatory requirements can
be met without protecting all of the residual heat
transport systems.

The evaluation demonstrates that an acceptable
level of risk exists even though selected portions of the
SHTS are not protected against tornado. This
evaluation is an examination of accident scenarios
initiated by a tornado. The accident scenarios
examined are loss of cooling capacity leading to core
damage and loss of SHTS integrity leading to release
of sodium to the atmosphere.

LOSS OF CORE COOLING CAPACITY
Loss of the capacity to cool the core was analyzed

by employing Probabilistic Risk Assessment (PRA)
techniques. Accident sequences were constructed and
analyzed using an event tree. This event tree includes
a tornado as the initiating event followed by RHR
system failures that would lead to core damage. Fault
trees of the RHR systems were used to support the
event tree. The analysis shows that the probability of
these accident sequences is low (2.3 x 10'/year).

The sequences in the event tree shown in Figure 3
begin with a tornado. The first branch point is the
success or failure of the PHTS/SHTS. The SHTS is
not fully tornado hardened; therefore, loss of
PHTS/SHTS is assumed and this branch is given a
failure probability of 1.0. The next branch point is
success or failure of the ACS. If ACS fails, then core
cooling fails. If the ACS is successful, then the SACS
must be successful to prevent core damage.
Accordingly, the last branch point shows the success or
failure of SACS. The probabilities shown are
determined from fault tree analysis.

The frequency of the initiating event is derived
from Figure 4. This figure is taken from a report by
Coats and Murray (1985), [3], and shows toe wind
hazard curve for the Hanford Site. This hazard curve
is given as a function of wind speed and probability of
exceedance in 1 year. The initiating event frequency
chosen (1 x lOVyear) is slightly more than the
frequency for a design basis tornado for non-reactor
Class 1 facilities. The design basis tornado wind speed
is dictated by the site design criteria (SDC 4.1, 1989),
[4]. It is assumed that a tornado with wind speeds of
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this magnitude or greater would fail nonhardened
portions of the SHTS.

Fault trees previously developed by Westinghouse
Hanfbrd Company (Westinghouse Hanford) and
General Electric-Space Nuclear Engineering and
Technology were used in this analysis to calculate
system failure probability. To show the effects of a
tornado on unhardeoed systems, these models are
modified in the following manner: (1) no heat
transfer is allowed via the SHTS, and (2) alternating
current (AC) electric power to the ACS, SACS, and
Chilled Water System (CWS) is failed.

When normal electric power is lost, the ACS and
SACS pumps use backup battery power; however, the
CWS would be lost because it has no backup power.
Because this heat transfer pathway is not available,
discharge of steam from the SACS storage tank will
provide the initial heat transfer. Therefore, some
decrease in the reliability of these systems is expected.
When the residual heat has decayed sufficiently,
passive cooling is adequate to cool the reactor.

The event tree in Figure 3 includes two sequences
that end in failure. In the first sequence, the
PHTS/SHTS fails after the tornado, the ACS is
successful, but the SACS rails. The second sequence
is similar except that the ACS fails and the state of
SACS is, therefore, of no consequence. Accordingly,
two probabilities are needed to complete the event tree:
(1) the ACS is failed, and (2) the SACS is failed given
that the ACS is successful.

These probabilities are determined by solving, or
quantifying, the fault trees. To determine what effect
loss of power would have on cooling, the fault trees
were first quantified assuming that normal electrical
power was not available and then quantified assuming
that it was. The following is a summary of the results:

SACS failure, normal power failed = 2.3E-O4
ACS failure, normal power failed = 8.0E-O7
SACS failure, normal power available = 1.2E-O4
ACS failure, normal power available = 8.OE-07
SACS accident sequence frequency =
2.3E-09/year
ACS accident sequence frequency = 3.2E-12/year

The first two probabilities listed are the system
failure probabilities assuming normal electric power
has failed. These are the probabilities that were
incorporated into the event tree. The next two
probabilities given are system failure probabilities

when normal power is available. As shown, the
difference in failure probability for ACS and SACS
with and without normal electrical power is small.
This indicates that these RHR systems are insensitive
to loss of normal AC power, apparently as a result of
the advantages of natural ^circulation. The final two
entries listed are the final sequence frequencies of the
accidents of concern shown in the event tree in
Figure 3. These accident frequencies are very low.

LOSS OF SECONDARY HEAT TRANSPORT
SYSTEM INTEGRITY

Loss of SHTS integrity leading to release of
sodium to the atmosphere was evaluated. Although
SHTS sodium coolant is never in contact with the
reactor fuel, low neutron fluxes result in some
activation of the sodium and associated impurities. In
addition, there is some permeation of tritium generated
in the PCS lithium coolant to the SHTS.

A tornado-related failure of the SHTS could
potentially release the sodium coolant and associated
radioactive material. The combustion products of
sodium are oxides and hydroxides of sodium. Should
a release of the entire SHTS sodium coolant inventory
occur, the potential radioactive material release would
be small. The offsite dose, presented below, would be
within regulatory acceptance criteria:

SHTS Loss
Dose (rem)

10 CFR 100
Acceptance

Criteria <nm)

Boundary - Exclusion Area

.003 whole body

.004 lung

.003 thyroid

20 whole body

150 thyroid

Boundary - Low Population Zone

.085 whole body

.097 lung

.085 thyroid

20 whole body

150 thyroid

Ortsite personnel exposures would be within die
Westinghouse Hanford occupational dose guidelines for
radiation workers of 3 rem annually, 1.25 rem
quarterly, and 1.25 rem weekly whole body exposure
and the annual dose guideline of nonradiation workers
of 0.1 rem. Additionally, it has been assessed that
resulting site-boundary alkali metal aerosol
concentrations of 7 mg/ms would be below the plant
toxicologies] acceptance criteria of 10 mg/m3.
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CONCLUSIONS
After accounting for the proposed relaxation in

design tornado/wind loading, it is concluded that the
risk to the public from the SP-1O0 reactor during
tornado-initiated events is acceptable. The risk from
loss of core cooling accidents initiated by a tornado is
acceptable based on the low frequency of occurrence
(2.3 x 109/yr). Risk from commercial reactors is
accepted for much higher core damage frequencies
(1 x KrVyr). The risk from loss of secondary system
boundary integrity is acceptable based on toxicological
and radiological acceptance criteria.
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REGIONAL FLOOD HAZARD ASSESSMENT OF THE PADUCAH AND
PORTSMOUTH GASEOUS DDFFUSION PLANTS*

R, O. Johnson, J. C Wang, and D. W. Lee
Oak Ridge National Laboratory

P.O. Box 2008
Oak Ridge, Tennessee 37831-6185

ABSTRACT

Regional flood-hazard assessments performed for the Paducah and Portsmouth
Gaseous Diffusion Plants are reviewed, compared, and contrasted to determine
the relationship of probable maximum flood methodology with respect to U.S.
Department of Energy design and evaluation guidelines. The Paducah
assessment was carried out using probable maximum flood methodology, while
the Portsmouth assessment utilized probabilistic techniques. Results indicated
that regional flooding along nearby rivers would not inundate either plant, and
that the guidelines were satisfied. A comparison of results indicated that the
probable maximum flood recurrence interval associated with the Paducah
assessment exceeded the 10,000-year requirement of the guidelines, while
recurrence intervals obtained in the Portsmouth assessment could be above or
below 10,000 years depending on the choice of the probabilistic model .used to
perform the assessment. It was concluded, based on an analysis of two data
points, that smaller watersheds driven by single event storms could be assessed
using probabilistic techniques, while probable maximum flood methodology
could be applied to larger drainage basins flooded by storm sequences.

INTRODUCTION

Uniform design and evaluation guidelines have
been developed to protect facilities at U.S.
Department of Energy (DOE) sites from natural
phenomena hazards [1]. The goal of the UCRL-15910
guidelines is to assure that DOE facilities can safely
withstand the effects of natural phenomena such as
earthquakes, extreme winds and storms, and floods.
This paper presents, compares, and contrasts results
obtained from regional flood hazard assessments
performed for the Paducah (PGDP) and Portsmouth
(PORTS) Gaseous Diffusion Plants located near
Paducah, Kentucky, and Piketon, Ohio, respectively
[2,3]. These uranium enrichment plants are Moderate
Hazard facilities having a performance goal annual
exceedance probability of 0.0001 because radioactive

materials are handled and stored on-site. The
guidelines require that PGDP and PORTS be capable
of withstanding the effects of a flood having a
10,000-year recurrence interval along the nearby Ohio
and Scioto Rivers, respectively, and that failure of
upstream dams does not jeopardize critical,
safety-related facilities.

Dam failure does not constitute a flood hazard at
either PGDP or PORTS. Further discussion of dam
failure as it relates to flooding at PGDP and PORTS
can be found in reports by Johnson et al. [2] and
Wang et al. [3].

This manuscript has been authored by a contractor of the U.S. Government under contract No.
DE-AO3S-S4OR21400. Accordingly, the U.S. Government retains a nonexclusive, royalty-free license to publish
or reproduce the published form of this contribution, or allow others to do so for U.S. Government purposes.
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REGULATORY BACKGROUND

Criteria for the design and evaluation of DOE
facilities are provided by the General Design Criteria
Manual, DOE Order 6430.1A |4], DOE 6430.1A
requires that facilities be designed for design basis
events which include a consideration of natural
phenomena such as earthquakes, extreme winds and
storms, and flooding. DOE 6430.1 A refers to
guidelines set forth in UCRL-15910 [1] for
determination of the actual design basis events, or
loads. Similar guidance is offered for the preparation
of Safety Analysis Reports for facilities managed by
DOE Oak Ridge Operations in the DOE/OR-901
docur ";nt [5] which also refers to UCRL-15910 for
guidance on the determination of specific design basis
events.

Confusion occurs when this methodology is
utilized to evaluate water levels caused by river
flooding. Both DOE 6430.1 A and DOE/OR-901
suggest a deterministic approach based on the
Probable Maximum Flood (PMF), while referring to
UCRL-15910 for information on how to perform the
actual PMF calculation. However, UCRL-15910
endorses the use of probabilistic methods for the
determination of regional flood levels, and does not
address formal calculation of the PMF. Although a
PMF calculation may consider and possibly include
some frequency (i.e., probabilistic) based parameters,
the methodologies, deterministic versus probabilistic,
are fundamentally and conceptually different.

The UCRL-15910 guidelines recommend a
two-phase evaluation process to assess flood hazards
at DOE facilities. In the first phase, flood screening
analyses are performed using available hydrologic data
and the results of previous studies to obtain a
preliminary assessment of the potential for extreme
flooding. The second phase of the process, which
consists of a detailed probabilistic flood hazard
assessment, is undertaken if the results of the first
phase indicate that a potential for flooding does exist.
The National Research Council [6] has endorsed the
use oi probabilistic methods for the assessment of
flood hazards.

The PMF is defined as the most severe flood that
can reasonably be predicted to occur at a given site as
a result of hydrometeorological conditions. The PMF
is not intended to be the worst flood that can occur,
but the most severe flood that can reasonably be
predicted. For a PMF to occur, a Probable Maximum
Precipitation event must be critically centered and

distributed on the watershed in conjunction with a
sequence of related meteorologic and hydrologic
factors typical of extreme storms. Deterministic PMF
analysis is outlined in Nuclear Regulatory
Commission Guide 1.59 [7] and American Nuclear
Society Standard ANSI/ANS-2.8-1981 [8]. Regulatory
Guide 1.59 addresses calculation of the PMF
discharge, while ANSI/ANS-2.8-1981 is concerned
with determination of the corresponding flood stage.
Regulatory Guide 1.59 and ANSI/ANS-2.8-1981 were
developed to address flooding issues pertaining to the
licensing of commercial nuclear power plants.

PADUCAH ASSESSMENT METHODOLOGY

The PGDP, which was assessed using
deterministic methodology, lies on a 1,385 ha
(3,423 acres) federal reservation located 16 km (10
miles) west of Paducah and 5 km (3 miles) south of
the Ohio River. The confluence of the Mississippi and
Ohio Rivers occurs approximately 56 river km (35
river miles) downstream from PGDP just below Cairo,
Illinois. The drainage basin of the Ohio River is vast,
having an area of 527,980 km2 (203,940 miles2) and
flowing through ten states [9]. The drainage basin
area above Metropolis, Illinois, located immediately
across the river and just upstream from PGDP to the
northeast is slightly smaller, being 526,000 km2

(203,000 miles2) [10].

A gaging station is located at Metropolis for
which flood records are available [10]. The 1937 flood
of record (unregulated) crested at Metropolis at an
elevation of 104.51 m (342.87 ft) [elevations are
referenced with respect to the National Geodetic
Vertical Datum of 1929, or its assumed equivalent
mean sea level]. The discharge corresponding to this
flood stage was 52,400 m3/s (1,850,000 ftVs). The
PGDP would not have been inundated by the 1937
flood because nominal plant grade is located at
elevation 116 m (380 ft). The top-of-slab elevations of
the main process buildings which are critical,
safety-related structures are slightly above plant grade.
The Ohio River would have to rise an additional
11 m (36 ft) relative to the 1937 flood before
inundation would constitute a hazard to PGDP.

Flooding along the lower main stem of the Ohio
River has historically been caused by a sequence of
storms occurring over weeks, or even months. While
single-event storms have caused flooding in the upper
reaches of the watershed near Pittsburgh,
Pennsylvania, corresponding storms along the lower
main stem have not been a major problem. A
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sequence of storms having a 10,000-year recurrence
interval which can be critically distributed over the
Ohio River watershed above PGDP would be very
difficult, if not impossible, to define. The record
length of single-occurrence storm data is too short to
provide reliable recurrence interval estimates, or to
determine the conditional probabilities required to
produce hypothetical storm sequences (11].

An information exchange workshop was held on
March 20,1990 at the Oak Ridge Gaseous Diffusion
Plant in Oak Ridge, Tennessee, to discuss
determination of Ohio River flood levels for a safety
analysis of PGDP [12]. The consensus developed
during the workshop was to scope the consequences
of a major flood near PGDP using a deterministic,
PMF analysis as outlined in Regulatory Guide 1.S9
and ANSI/ANS-2.S-1981. Such a scoping phase, or
flood screening analysis, is recommended in
UCRL-15910 to provide an initial evaluation of the
flooding potential of a given site. In some cases, the
screening effort can effectively demonstrate that flood
hazards are extremely rare, and that the performance
goals of UCRL-15910 are indeed satisfied. Further
motivation for this methodology is provided by the
fact that the 1937 flood of record on the Ohio River
would not have inundated PGDP. Finally, prior
experience with the commercial nuclear power plant
licensing process could provide a solid foundation
from which to defend the PMF approach as a
reasonable, and possibly conservative (recurrence
interval higher than required) estimate of the 10,000-
year flood.

Should the PMF calculation yield a flood stage
above plant grade, the need for a detailed
probabilistic flood hazard assessment at PGDP would
be indicated. The purpose of the deterministic, PMF
analysis is to serve as an initial screening study which
satisfies, and more than likely exceeds the
requirements of UCRL-15910, so that an appropriate
decision can be reached as to whether or not further
work, using a probabilistic approach, is required to
assess the flood hazard potential at PGDP from the
Ohio River.

The U.S. Army Corps of Engineers (COE) has
jurisdiction over, regulates the flow of, and is
responsible for flood control and protection along the
Ohio River. Deterministic PMF methodology has
been used by the COE to assess potential flooding
along Ohio River tributaries. Similar calculations have
not been performed for the lower main stem of the
Ohio River neaT PGDP. The COE does not consider

the assignment of an annual cxcccdance probability to
the PMF to be appropriate (12]. Probabilities beyond
the 500-year flood (i.e., 0.002 annual excecdancc
probability or less) are not considered to be
meaningful, a position supported by the National
Weather Service [11]. A probabilistic flood hazard
assessment would require selection of a major
precipitation event composed of several storms having
a specified recurrence interval critically centered on
the Ohio River watershed in conjunction with a
sequence of hydrometeorological factors typical of
extreme storms. Definition of this sequence of
precipitation events is complicated by the vast
drainage area of the Ohio River watershed. Technical
defense of a UCRL-15910 probabilistic hazard
analysis could be more difficult to substantiate than a
PMF calculation.

PADUCAH ASSESSMENT

Appendix B of Regulatory Guide 1.59 contains
isoclines of equal PMF discharge covering indexed
drainage areas from 260 to 52,000 km2 (100 to 20,000
miles2), for watersheds cast of the 103rd meridian. A
linear, least-squares curve fit was passed through the
data points obtained from this appendix to extrapolate
the PMF discharge to a drainage basin area of
526,000 km2 (203,000 miles2). The Ohio River PMF
discharge at PGDP was found to be 113,000 mVs
(4,000,000 ftVs).

The ANSI/ANS-2.8-1981 standard states that the
river stage should be estimated using Manning's
equation, an average slope of the channel floor, river
cross-sectional areas, and conservative friction factors.
The computer program selected to calculate the river
stage corresponding to the PMF discharge was HEC-2
developed by the U.S. Army COE [13].

The HEC-2 program computes water surface
profiles for steady, gradually varied flow in open
channels. The theoretical analysis is based on a
one-dimensional energy equation with fluid friction
described by Manning's equation. Gradually varied
flow considers simultaneous variation of the energy
and hydraulic grade lines as well as the slope of the
channel floor [14].

The Louisville District of the COE made
available for this study their HEC-2 input file used for
analysis of flood prediction and control along the
lower main stem of the Ohio River [15]. This data set
contains 40 cross sections between Ohio River Mile
980 located below Cairo approximately 1.6 km
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(1 mile) above the confluence of the Ohio and
Mississippi rivers, and Metropolis at Mile 944.1. The
PGDP is located at Ohio River Mile 945.

The COE cross sections were not wide enough to
carry the PMF discharge and had to be extended to
accommodate the increased (low. The cross sections
were extended by digitizing U.S. Geological Survey
topographic quadrangle maps having a 1:24,000 scale.
Extended cross sections between Metropolis and
Mile 974.1 where the Cache and Ohio rivers join,
varied in width from 8 to 16 km (5 to 10 miles).
Further downstream, the river width increased from
35 to 224 km (22 to 140 miles). Westerly
physiographic features which contain the Ohio River
as it flows onto the Mississippi Embayment of the
Gulf Coastal Plain include the Ouachita and Ozark
Mountains, and Crowleys Ridge, a north-to-south
trending surficial feature [2].

The PMF flow velocities are relatively low. The
open channel flow regime is subcritical or tranquil
such that disturbances propagate upstream. Thus,
HEC-2 was initialized using a prescribed water surface
elevation downstream at Mile 980 immediately below
Cairo and slightly above the confluence of the Ohio
and Mississippi Rivers. The computational procedure
then steps backward towards PGDP while resolving

the desired water surface profile. Clearly, there is no
known PMF water surface elevation. The COE
supplied their stage-discharge relationship at Mile 980
which is shown in Figure 1 [IS]. The COE assigns
recurrence intervals to each of the eight data points
comprising the relationship as indicated in Figure 1.
No data points have recurrence intervals exceeding
500 years.

Two extrapolations are possible to estimate the
PMF elevation at Mile 980 using the COE supplied
stage-discharge relationship in Figure 1. A linear,
least-squares curve fit to the lower seven
stage-discharge coordinates is the line having the
higher slope, while a second line passed through the
two topmost points has a lower slope. The difference
in slope is caused by the change in channel cross
section that occurs as the discharge is increased. The
steeper curve would result if the channel sidewalls
were extended vertically with no overbanking. The
reduced water level elevations exhibited by the lower
curve occur because of the increased effective flow
area that is wetted when the river overbanks the main
channel. The steeper curve provides an upper bound,
while the lower one is physically more realistic.

Two starting water level elevations are available
from Figure 1 at the PMF discharge. The

ORNI.DWG91M-11765R

• Data from US Army COE
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369 ft

Result at Mile 345
near PGDP, KY
using extended cross sections

- 336
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near Cairo, IL
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lCf ltf
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Figure 1. Ohio River flood elevations
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extrapolated, initial values al Mile 980 are 109.4 m
(359 ft) if no change in hydraulic geometry occurs,
and 102.4 m (336 ft) when overbanking is considered.
The PMF elevation at Mile 945 near PGDP was
calculated using HEC-2, the extended cross sections,
and the initial elevations at Mile 980. Manning's n,
reach lengths, and expansion/contraction coefficients
in the COE HEC-2 input file were retained. The
results of these computations appear in Figure 1. The
PMF elevation at PGDP would be 112.5 m (369 ft)
assuming no change in hydraulic geometry. If
overbanking occurs, the PMF water level would
decrease to 109.7 m (360 ft). The lower, more realistic
HEC-2 PMF elevation agrees with a similar result [2]
obtained using a linear, least-squares curve fit through
McCabe's [10] flood data which accounts for
overbanking.

The 109.7 m (360 ft) PMF elevation assumes
natural conditions in the Mississippi River. The Birds
Point/New Madrid Floodway now protects lowlands
below Cairo. Levee system backpressure would
increase the 1937 Ohio River flood stage at Cairo by
1.5 m (5 ft) [16]. Using the lower curve in Figure 1 a)
Mile 980, the river stage at Cairo would be 1017 m
(337 ft) based on the stage increase and the 1937
discharge. Construction of a line between this result
and the next-to-the-last, 100-year data point allows
extrapolation to the PMF discharge. The PMF
starting elevation at Mile 980 with the floodway
present would be 107.3 m (352 ft). The HEC-2 PMF
elevation at Mile 945 near PGDP calculated with the
extended cross sections then would be 111.3 m
(365 ft) with the floodway present.

The appropriate PMF flood stage elevation at
PGDP was 111.3 ± 0.6 m (365 ± 2 ft) at a discharge
of 113,000 nrVs (4,000,000 ft3/s) since it could not be
known a priori if the Birds Point/New Madrid
Floodway would be intact. The tolerance estimate
appended to the PMF stage was obtained from the
study by Buraham and Davis [17] which evaluated the
effects of HEC-2 input errors on computed water
surface profiles. The PMF would not inundate PGDP.

An estimate of the recurrence interval-discharge
relationship can be obtained by performing a
nonlinear, least-squares analysis of the eight COE
data points at Mile 980 displayed in Figure 1 [2]. At a
recurrence interval of 10,000 years, the discharge was
calculated to be 56,600 m3/s (2,000,000 ftVs) which is
50% below the PMF discharge. The recurrence
interval corresponding to the PMF discharge was
estimated to be 0.4 billion years, an expected result

based on published PMF recurrence interval estimates
[18]. The UCRL-15910 10,000-year recurrence interval
requirements are clearly exceeded by the PMF
calculation. If PGDP would noi be inundated during a
PMF, flooding would not be expected to occur during
a 10,000-year flood.

PORTSMOUTH ASSESSMENT
METHODOLOGY

The PORTS, which was assessed using
probabilistic methods, lies on a 1,619 ha (4,000 acres)
federal reservation located in rural Pike County,
Ohio, 8 km (5 miles) south of Piketon and 43 km
(27 miles) north of Portsmouth. The plant is located
on higher ground 3 km (2 miles) east of the Scioto
River Valley and 37 m (120 ft) above the river's
floodplain. The Scioto River flows in a north-to-south
direction, emptying into the Ohio River at
Portsmouth. The Scioto River basin drains an area of
1,700,000 ha (6,510 mile2), the second largest in Ohio

PI-
A gaging station is located at Higby 21 km

(13 miles) north of PORTS for which flood records
arc available [19, 20]. The 1913 flood of record
crested at elevation 182.54 m (598.9 ft). The Scioto
River drops 12.2 m (40 ft) between Higby and
PORTS. The 1913 flood crested at elevation 170.35 m
(558.9 ft) at PORTS. The 1913 flood discharge is
unknown. The peak discharge measured at Higby of
5,013 m3/s (177,000 ft'/s) occurred during the 1937
flood.

The PORTS qualifies as a possible dry site
because of its relatively high topographic location
with respect to the Scioto River. A dry site is
interpreted in UCRL-15910 to mean that
facilities are located high enough above potential
flood sources such that a minimum level of analysis is
required to demonstrate that design guidelines are
satisfied. Probabilistic methods were selected to
evaluate the potential for flooding at PORTS.

Methods for performing comprehensive,
probabilistic flood hazard assessments at DOE sites
are outlined by McCann and Boiisonade [21, 22) and
Savy and Murray [23]. The PORTS analysis utilizes a
subset of the statistical flood models discussed in
these reports to assess flooding potential. Recurrence
intervals for the measured flood flows at Higby were
first calculated using a Weibull analysis [24, 25]. The
discharge was then extrapolated to the 10,000-year
recurrence interval using a log Pearson HI frequency
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distribution [26], Gumbel's extreme value theory [27,
28], and linear, least-squares methodology. Finally, the
stage corresponding to the extrapolated discharge was
obtained using a rating curve developed from the
Higby measurements. Wang et al. [3] provides further
discussion of the computations.

PORTSMOUTH ASSESSMENT

Results from the PORTS probabilistic flood
assessment are displayed in Figure 2. Flood stage
elevations in Figure 2 have not been adjusted for the
drop of the riverbed that occurs between Higby and
PORTS. Translation of the Higby flood elevations to
PORTS is accomplished by subtracting 12.2 m (40 ft).
The 10,000-year flood elevation at Higby is 184.4
± 2.4 m (605 ± 8 ft) based on the Cumbel, log
Pearson III, and least-squares analyses. The
corresponding 10,000-year flood elevation at PORTS
is 172.3 ± 2.4 m (565 ± 8 ft). Nominal plant grade
elevation at PORTS is 204 m (670 ft). The PORTS
qualifies as a dry site because 29.6 m (97 ft) of
freeboard is available based on the more conservative

(higher flood stage) least-squares prediction.
Regional, 10,000-year flooding from the Scioto River
would not inundate PORTS.

Flood stages at Higby and three downstream
locations closer to PORTS obtained from the
Huntington District of the COE [29] also appear in
Figure 2. Big Beaver Creek empties into the Scioto
River due west of PORTS. The COE 50-, 100-, and
500-year Higby flood levels agree with the results
obtained using least-squares methods.

The UCRL-15910 guidelines recommend that an
estimate of statistical uncertainty be included in an
analysis of regional flooding. There are three main
sources of uncertainty associated with the PORTS
flood stage determination: (1) uncertainty in the
stage-discharge relationship measured at Higby,
(2) uncertainty caused by the finite length of the
historical flood record, and (3) uncertainty from the
choice of flood models. An estimate of the model
choice uncertainty was calculated to be ± 2.4 m (8 ft)
using the results shown in Figure 2. Uncertainty from

ORNI..DWG91M.117C4H

Scioto River

606

Highway 23
Highway 124

Big Beaver Creek

o Data from US Geological Survey
° * Results from US Army COE, Huntington, WV
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Figure 2 Scioto River flood elevations
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the measurements and the finite length of the
historical flood record was estimated using methods
recommended by the U.S. Water Resources Council
[30] and by constructing forecast intervals [31].
Inclusion of these other two sources of uncertainty
increases the range of this interval to ± 3.4 m (11 ft)
based on a 95% confidence level [3]. Consideration of
these additional sources of uncertainty does not alter
the conclusion relative to PORTS being a dry site, or
the finding that inundation would not occur during a
10,000-year flood.

The PMF elevation of 184 m (606 ft) at Higby
also appears in Figure 2. The PORTS PMF elevation
is 112 m (40 ft) lower or 172.5 m (566 ft). The PMF
discharge of 28,300 mVs (1,000,000 fr7s) was
calculated usiiig Appendix B of Regulatory Guide 1.59
and, is based on the total area of the Scioto River
basin. The PMF result is in good agreement with the
mode) predictions displayed in Figure 2. Discharges
corresponding to the flood stages in Figure 2 are
7,900 mJ/s (280.000 ftJ/s), 14,900 m'/s (526,000 ftJ/s),
and 84,400 ms/s (2,980,000 ft'/s) tor the Gumbel, log
Pearson III, and least-squares models, respectively.

The PMF result is shown in Figure 2 as a
horizontal arrow because its recurrence interval is
unknown. The PMF recurrence interval could be
smaller than 10,000 years, but is expected to exceed
this value. Three PMF recurrence interval estimates
are available from the intersection of the flood model
results displayed in Figure 2 with the horizontal line
that defines the PMF elevation. The PMF recurrence
interval corresponding to the linear, leasi-squares
analysis can be read directly from Figure 2 and is
1,000 years. Wang et al. [3] developed a quadratic,
least-squares curve fit which relates recurrence
interval to discharge for use with the log Pearson III
model. The quadratic was utilized to calculate
discharges for extended recurrence intervals when log
Pearson III frequency factors were not readily
available. The PMF recurrence interval estimate
obtained with the log Pearson HI quadratic was
800,000 years. The Gumbel model was extended
using graphical techniques to assess the cycle in which
the PMF elevation equaled the Gumbel result. The
PMF recurrence interval derived from the Gumbel
model ranged from one to ten billion years.

COMPARISON

These two assessments contrast each other since
the first for PGDP was carried out using a
deterministic PMF analysis, white the second for

PORTS followed DOE guidelines which recommend
the use of probabilistic methods. Both approaches
satisfy the intent of the guidelines. The PGDP
assessment is based on principles from open-channel
hydraulics, while the PORTS assessment utilized
mathematical expressions obtained with theoretical
probability distributions that approximate the
description of hydrologic processes.

In both assessments, the recurrence interval,
discharge, and stage associated with the PMF
exceeded corresponding results for the 10,000-year
recurrence interval. The only results which violated
this trend were obtained with the PORTS linear,
least-squares model. The differences between results
were more exaggerated for PGDP, which had the
larger drainage basin, than for PORTS. From these
results, it can be inferred that sites located along the
lower reaches of primary, main-stem rivers having
large drainage basins which flood during a sequence
of storms may be analyzed using PMF methodology to
assess compliance with UCRL-15910 guidelines.
Smaller watersheds should be analyzed using
probabilistic methods since the concept of a single
major storm event to drive the flood is technically
defensible and more easily defined.

Since the differences between results for the
PMF and the 10,000-year recurrence interval decline
with decreasing drainage basin size, a crossover point
exists where PMF methodology may not provide
conservative (recurrence interval exceeding
10,000 years) estimates when compared to
probabilistic flood predictions. An estimate of the
crossover point location can be obtained using the
results from the PGDP and PORTS assessments. The
estimation procedure is sketched in Figure 3 where
the watershed area is plotted versus PMF recurrence
interval. The exponential curve can be constructed
using the two data points available from the PGDP
and PORTS analyses. The results of the curve fitting
procedure are insensitive to the recurrence interval
available from the PORTS linear, least-squares and
log Pearson HI models. Essentially equal values of A,
and B can be obtained using either the least-squares
or log Pearson III data point in conjunction with the
PGDP result to perform the calculation. The
recurrence interval obtained from the PORTS
Gumbel analysis is disregarded because it does not
follow the trends exhibited in Figure 3, and because it
approaches the 5-billion-year age of the solar system
[32]. The constant B has a value of 8.6 x 10'years'
while the desired unknown A, is equal to 16,800 knr
(6,500 miles2). PMF methodology could yield
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Figure 3. Watershed size versus recurrence interval (not to scale)

unconservative (recurrence interval less than 10,000
years) flood predictions relative to probabilistic
methods when applied to watersheds smaller than A«.

Precise location of the crossover point and
detennination of the critical size of the drainage basin
obviously will require results from many assessments
for varying watersheds using both PMF and
probabilistic methodology. Many watersheds located
in the U.S. have drainage basins smaller than A*. The
results that have been presented indicate that a
probabilistic analysis may be more appropriate for
smaller watersheds to assess compliance with
UCRL-15910. The PMF methodology could actually
yield unconservative results which do not meet the
10,000-year requirements of UCRL-15910 when
applied to smaller watersheds. Conversely, PMF
methodology may be more appropriate for larger
watersheds driven by storm sequences.

CONCLUSIONS

Regional, 10,000-year flooding would not
inundate either the PGDP or PORTS. PMF

methodology may be appropriate for assessing the
potential for regional flooding when the size of the
drainage basin becomes large and when flooding is
driven by storm sequences. A preliminary estimate of
-he critical watershed size above which PMF
methodology yields conservative flood predictions
exceeding the 10,000-year recurrence interval
requirements of UCRL-15910 is 16,800 km2

(6,500 miles2). Smaller watersheds are appropriately
assessed using UCRL-15910 guidelines since PMF
methodology, when applied to them, could predict
flood levels whose recurrence interval is below
10,000 years.
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ACRONYMS

COE Corps of Engineers
DOE Department of Energy
HEC Hydrologic Engineering Center
PGDP Paducah Gaseous Diffusion Plant
PMF Probable Maximum Flood
PORTS Portsmouth Gaseous Diffusion Plant

MATHEMATICAL SYMBOLS

A watershed area (mile2)
A« critical watershed size (mile2)
B time constant (year*1)
e Naperian base ( - 2.718 •••)
T PMF recurrence interval (years)
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DYNAMIC INSTRUMENTATION FOR THE K-1600 SEISMIC
TEST FACILITY RECOMMISSIONING

Blake W. VanHoy
Central Engineering Division

Martin Marietta Energy Systems, Inc.

ABSTRACT

Martin Marietta Energy Systems, Inc. is the site contractor to the
Department of Energy (DOE) for three Oak Ridge, Tennessee sites, the site
in Portsmouth, Ohio, and the site in Paducah, Kentucky. To provide a
focus for all natural phenomena engineering related problems, Martin
Marietta Energy Systems, Inc. established the Center for Natural
Phenomena Engineering under the technical direction of Dr. James E.
Beavers. One of the Center's mandates is the determination of seismic
properties of building structures containing sensitive processes. This has
led to the recommissioning of the K-1600 Seismic Test Facility. The bi-
axial shake table in this facility was constructed during the eighties for
seismic qualification of equipment of the Gas Centrifuge Enrichment
Plant. After construction of the plant was terminated the Seismic Test
Facility was placed in standby where it was left for six years.

The facility's original instrumentation was evaluated versus the required
instrumentation to augment its new expanded mission parameters.
Instrumentation selection involving technology changes, age and
attrition, and the new mission goals are discussed in this paper along with
the rationale and budget that were involved with each decision.

The testing potential of this facility along with the instrumentation
upgrades necessary to accomplish these new tasks for the Center for
Natural Phenomena Engineering are considered. New uses such as
seismic qualification of equipment utilized in DOE's missions at various
sites and waste treatment are proposed. This instrumentation selection is
discussed in detail to show the rationale and proposed used of the facility as
well as the capabilities of this DOE resource.
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RECOMMISSIONING THE K-1600 SEISMIC TEST FACILITY*

C. C. Wynn
Central Engineering Division

D. W. Brewer
Applied Technology Division

Martin Marietta Energy Systems, Inc.
Oak Ridge, Tennessee 37831-7294

ABSTRACT

The Center for Natural Phenomena Engineering (CNPE) was established under the
technical direction of Dr. James E. Beavers with a mandate to assess, by analyses
and testing, the seismic capacity of building structures that house sensitive
processes at the Oak Ridge Y-12 Plant. This mandate resulted in a need to
recommission the K-1600 Seismic Test Facility (STF) at the Oak Ridge K-25 Site,
which had been shutdown for 6 years. This paper documents the history of the
facility and gives some salient construction, operation, and performance details of
its 8-ton, 20-foot center of gravity payload bi-axial seismic simulator. A log of
activities involved in the restart of this valuable resource is included as Table 1.

Some of the problems and solutions associated with rccommissioning the facility
under a relatively limited budget are included. The unique attributes of the shake
table are discussed. The original mission and performance requirements are
compared to current expanded mission and performance capabilities.

Potential upgrades to further improve the capabilities of the test facility as an
adjunct to the CNPE are considered. Additional uses for the facility are proposed,
including seismic qualification testing of devices unique to enrichment technologies
and associated hazardous waste treatment and disposal processes.

In summary, the STF restart in conjunction with CNPE has added a vital, and
unique facility to the list of current national resources utilized for earthquake
engineering research and development.

INTRODUCTION

The K-1600 Seismic Test Facility is located at the
K-25 Site on the Oak Ridge Reservation, currently
managed by Martin Marietta Energy Systems, Inc., for
the Department of Energy (DOE). The conceptual
design (Fig. 1) was presented in early 1978 and the
Equipment Specification was released in July 1978.
Construction was completed in late 1982; operation

began in 1983. The facility, formerly designated as
the Centrifuge Seismic Test Facility, was designed
and built for the purpose of testing gas centrifuge
designs for site specific seismological integrity prior
to their deployment in DOE's Gas Centrifuge
Enrichment Plant (GCEP) near Portsmouth, Ohio.

'Research sponsored by the U.S. Department of Energy under contract DE-AC05-84OR21400 with Martin Marietta
Energy Systems, Inc.
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Fig. 1. The conceptual design of the K-1600 Seismic Test Facility.
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SYSTEM DESCRIPTION

The 6-ft square steel surface of the shake table is
at grade level with the massive 55,000-lb upper table
section; the 25,000-lh lower table section; the nitrogen
support springs; the vertical actuator; and other
support hardware housed in a 20-ft-deep pit. To
maintain and assure stability during operation, this pit
is centered in a 1,600,000-lb steel- reinforced concrete
reaction mass. Pitch and roll axis motions of the table
are physically restrained by pairs of pressure balanced
bearings that slide on precision bearing plates mounted
to the side walls of the pit. Details of the shake table
components are shown in Fig. 2.

Power to drive the shake table is supplied by a
125-hp hydraulic power supply and coupled to the table
through two electrohydraulicservo-controlled actuators
(27-kip vertical and 22-kip horizontal). The static
weight of both the table and the specimen is supported
by two high-pressure (2500-psi max) nitrogen support
springs. Control input signals are supplied to both
axes independently by a tunable analog control console
that monitors both acceleration and displacement
feedback and calculates a pseudovelocity response. The
control mode (displacement, velocity, or acceleration)
can be selected depending on the most effective or
predominant component of the desired table motion.
Manual excitation of the table is limited to low-level
sine sweep or random noise inputs for determining
transfer functions or varying level, fixed frequency (or
narrow band sweep) sine wave inputs for modeling
specimen response.

Highly accurate closed loop control of the table
excitation is attained through a computer system that
monitors the acceleration, velocity, and displacement
feedback from both axis. These signals are compared to
the desired input waveform, and the servo-drive signals
are adjusted accordingly. The software is capable of
setting soft limits for the protection of both the shaker
system and the specimen. Inputs can be from several
sources. Prerecorded digitized waveforms can be read
into the system for input to the table, or the computer
software can generate sinusoidal sweep, dwell, or beat
inputs of varying levels. The software can also generate
pseudorandom waveforms from any shock spectrum
that fits the performance capability envelope as shown
in Fig. 3.

The Oak Ridge biaxial shake table is capable of
testing hardware with major dimensions of 25 ft in
plane; 20 ft out of plane; and 75 ft high, with a total
weight of 15,000 ib. The system is capable of

independent axis control (vertical and horizontal)
with minimal cross-coupling effects. The maximum
dynamic performance capabilities aie plus or minus
7.6-in. displacement at a velocity of 12 in./s and a
peak acceleration of 0.25 g for both axis. Waveform
reproduction accuracies are in the order of 25% for
acceleration; 10% for velocity; and 5% for
displacement, with a maximum table tilt error of
500 Ad-ad. The table has demonstrated maximum
errors of less than 5% overall at operating levels of
approximately one-half of its capabilities. The
maximum envelope errors have never been
determined; however, future testing is planned to
measure maximum payload controllability.

The system operated with only minor maintenance
for 3 years. During this time a number of heavily
instrumented gas centrifuges were tested, as well as
other critical plant support equipment.

SHUTDOWN

In June 1985, DOE announced the decision to
no longer pursue the use of gas centrifuge
technology and to shut down all facilities related to
the program and place the equipment in a safe
condition. In the following months, the Oak Ridge
shake table went into "mothball" status. The vertical
actuator was removed and replaced by a rigid steel
support post The nitrogen system was fully vented,
all the hydraulic fluid was drained from the system,
and the steel bearing plates along the walls of the
shaker pit were coated with oil to preserve the high
quality surface finish. The batteries for the
uninterruptible power supply, which supplied power
to the control systems, were removed. All electrical
power to the facility was turned off. The operating
software as well as the earthquake input data were
archived on magnetic tape. Test data were archived
on microfiche.

RESTART

In the fall of 1989, interest increased in the
seismic response and survivability of hollow clay tile
(HCT) walls used in the construction of key
buildings at the Y-12 Plant and other DOE
facilities. This growing interest prompted CSTE to
look at the K-1600 shake table as a possible means
of modeling and testing HCT walls for earthquake
response. MTS Systems, the original designer and
manufacturer of the system, was contacted, and a
representative was brought on-site to perform an
evaluation of the condition of the equipment.
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This evaluation created a list of things that needed
attention prior to any attempts to restart the shake
table. Although! the equipment had been idle for 4
years, it was in good condition. The most notable
finding was a coat of surface rust on the bearing plates,
which had been caused by a major water leak in the
area. A log of all the problems associated with the
restart and the resolution o / each is included as
Table 1. The major problems were caused by water-
filled systems that did not drain well and burst as a
result of freezing.

The items that had been identified in the
preliminary checkout were corrected, as well as other
situations that appeared during this phase of the
restart. The shake table restart was accomplished by
using the procedures and recommendations in the
system operating manuals; all repairs to the equipment
were made in accordance with the service manuals
and/or direction from the MTS service representative.
All systems came back on line with a minimal amount
of effort, as indicated in the restart log (Table 1).

No major problems were encountered until an
attempt was made to return the archived operating
software to service. For unknown reasons, the magnetic
tapes were no longer readable, and the manufacturer
had maintained only the source files used to generate
the operating system. Currently, the available options
are under evaluation: generate the old software again
(for an outdated DEC PD-11/34 computer system) or
replace the computer control system with a new one.

PERFORMANCE VERIFICATION

With the restart activities completed, the
controllability and performance of the shake table
system will be evaluated by duplicating the majority of
the original acceptance test procedure. In conjunction
with the acceptance testing, the maximum performance
envelope, which has never been determined, will be
mapped. Both maximum performance limits and
controllability will be determined. This testing will be
done by using a Test Mast" which has a total weight
that approaches the table maximum payload and a
center of gravity at approximately 9 ft above the table
surface. This will be useful in determining what level
of testing can be performed for the Hollow Clay Tile
Wall Project. A maximum baseline for the current
configuration will also be established.

UNIQUE TESTING CAPABILITIES

The K-1600 shake table has certain designed
testing capabilities that make it a valuable resource
to both the vibration and seismic engineering
disciplines. Precision controllability over its entire
frequency band, coupled with its wide range of size
and weight flexibility make it ideally suited to
vibration testing and seismic simulation at
earthquake levels suitable for the majority of the
eastern United States. The facility has utilities
available that can support testing and qualification
under normal and abnormal operating conditions
for many active systems: electric motor, switchgear,
valves, instrument, control, and safety. This system
could also be a very useful tool in scale model
evaluation of large structures.

UPGRADING FOR THE FUTURE

Several performance upgrade options have been
investigated since the restart activities began. The
shake table has proven to be conservatively
designed, so some of the upgrades can be
implemented with minimal modifications. The
upgrade tasks are listed in order of priority, based
on current and projected needs.

1. Replace the aging PDP 11/34 test executive
computer and software and install an
integrated 64 channel dynamic data
acquisition system.

2. Improve the maximum horizontal
acceleration performance by disabling the
vertical motion drive and moving the larger
vertical actuator to the horizontal position.

3. Install a lower mass upper table to increase
acceleration performance for payloads with
weights near the current performance
maximum but with a vertical center of gravity
that is lower than the current performance
maximum.

One goal is to increase the maximum table
acceleration performance to achieve the current
Paducah Site ground motion design specification.
Another goal is to eventually provide a genera] test
facility for use by other projects requiring seismic
simulation testing.
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Table 1. K-1600 Restart activities log

Activity

Return utilities (electricity, air, water, etc.)
to service and relamp facility as needed

Recommission the pit air quality system.

Repair HVAC unit for computer room.

Test/repair water to hydraulic oil heat
exchanger for the hydraulic power supply.

Clean out hydraulic power supply (HPS)
reservoir, replace filters, fill with oil, and
return to service.

Clean/inspect table bearing ways, restore
rusted surfaces to proper finish, and protect
with a coating of oil.

Clean drip pans and pit hydraulic oil sump
tank.

Retorque all structural table bolts per table
assembly schedule listed on drawing
355744-01.

Inspect and purge nitrogen distribution
system.

Pressurize nitrogen system to maximum
operating pressure and check for leaks.

Replace all welded hydraulic system
accumulators with new ones and charge with
dry nitrogen.

Remove vertical support beam and reinstall
vertical actuator.

Action

The utilities were returned to service, and repairs were made
as required.

The pit exhaust ventilation system was turned on; the oxygen
monitor was placed in service and calibrated: the alarm system
was tested and the complete system was certified and put on
scheduled test and certification recall.

The complete unit was tested. Some piping that had burst due
to freezing was replaced; the water to freon heat exchanger
and steam coil was tested; and a defect.ve compressor was
replaced.

The heat exchanger was removed and tested. It had burst and
was replaced.

The hatch to the reservoir was removed and the tank cleaned;
all filters were replaced; the reservoir was refilled with the
proper oil; and the HPS was returned to service in accordance
with the manufacturers service manuals.

The bearing ways were cleaned following procedure DS-KDE-
71600-001, inspected and found to be in specification, and
protected with a coating of oil.

The drip pans and lines were flushed, and the sump tank was
cleaned out.

The bolts were checked for tightness.

The nitrogen system was inspected and purged.

The nitrogen system was pressurized in 250-psi increments. At
the first increment, a leaky rupture disc was found and
replaced. At the second increment one of the nitrogen spring
seals leaked and was replaced. At the third increment the
other nitrogen spring seal leaked and was replaced. The
system was then taken to 1500-psi and has been maintained
there for several months with no sign of a leak. As soon as
the gas booster pump is installed the nitrogen system will be
taken to the maximum operating pressure (2000 psi) for final
leak testing.

All welded accumulators were replaced with new ones
supplied by MTS and then pressurized to the correct
operating pressure by the Mechanical Testing Organization.

The support beam was replaced by the actuator. Both the
locking pins and the nitrogen support springs were used to
support the table for this operation.
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(Table 1. continued)

Acitivity

Flush system per PIE-97714-AX and
prepare for normal operations.

Inspect analog control systems for
corrosion, e tc

Power up shaker system and perform start-
up testing as described in system manuals.

Refurbish the digital control system.

Install computer operating software.

Action

Rushing kit was used to flush system as per specifications.

All connections and circuit cards were cleaned and inspected.

Shake table system was started up, and the checkout was
performed. An integrated circuit chip was found defective in
the power-up interlock circuitry and replaced. An operational
amplifier was found to be defective in the horizontal channel
program control circuit and was replaced. Everything else in
the analog control systems worked properly.

The digital computer was tested and started up by computer
maintenance personnel. The interface power supply had to be
replaced along with a memory board and other discrete items.
The computer works well considering it is a late seventies
DEC PDP-11/34.

The magnetic tapes that the software was stored on during the
shutdown period could not be read by the system. Attempts to
read the tapes by several groups have been unsuccessful.
Currently, the tapes have been sent to an outside contractor
for further evaluation.
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GEOSCIENCE INVESTIGATIONS FOR SEISMIC AND VOLCANIC
HAZARDS ASSESSMENT AT THE IDAHO NATIONAL

ENGINEERING LABORATORY

Richard P. Smith, William R. Hackett,
and Suzette M. Jackson

Idaho National Engineering Laboratory
EG&G Idaho Inc.

P.O. Box 1625, MS2107
Idaho Falls, ID 83415

ABSTRACT

Comprehensive geologic, geophysical, and geotechnical studies are
underway at INEL to reduce uncertainties associated with seismic and
volcanic hazards assessment. The multi-disciplinary approach includes:
(1) geologic mapping of volcanic rift zones on the Plain; (2) paleoseismic
studies of faults adjacent to the Plain; (3) installation of downhole
seismometers to improve the INEL seismic network; (4) contemporary
crustal deformation measurements (GPS and leveling surveys); (5) in-
situ stress determinations (borehole breakouts and hydrofracture studies)
in drill holes in the ESRP; (6) modeling of geophysical anomalies on the
Plain; (7) geomorphological and structural studies of areas where basin-
and-range faults die out into the Plain; (8) radiometric age
determinations, paleomagnetic analysis, and trace element analysis of
basalts and sediments on the ESRP; (9) heat flow analysis and modeling;
(10) broadband teleseismic studies of lower crustal and upper mantle
structure; (11) detailed epicentral location studies of a historic earthquake;
(12) a deep drilling program (several 3000 ft deep core holes); 13 site
specific geotechnical engineering studies; and (14) site specific ground
motion assessment.

Results and interpretations to date include: (1) the alternating sequence of
basalt lava flows and unconsolidated sediments beneath the ESRP causes
up to 25% greater attenuation of ground motion at specific sites on INEL
than would be predicted based on absence of sedimentary interbeds; (2)
precise temperature relogging on INEL-1 drill hole confirms a heat flow of
over 100 mW/m2; (3) a GPS network has been established and will be
occupied again in 1992; (4) the most pronounced of a set of northeast-
trending "scarps" along the northwest margin of the ESRP is not related to
faulting; (5) the southernmost tw> segments of the Lemhi fault have
significantly older most-recent events than segments farther from the
Plain and exhibit clustering of events with long periods of quiescence
between clusters; (6) absence of well-bore breakouts in drill hole INEL-1
(10,000 ft deep) suggests low deviatoric stresses beneath the Plain; (7)
although some ESRP volcanic rift zones are colinear with basin-and-
range faults, their constructional and ground deformation characteristics
are consistent with those of active volcanic rift zones elsewhere in the
world; (8) crustal extension in the ESRP keeps pace with that in the
adjacent Basin-and Range province, but is accommodated by vertical dike
injection and volcanic rift zone processes rather than by normal faulting.
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This abstract is a summary of the collaborative work of many scientists.
We gratefully acknowledge the contributions of Daniel Moos, Colleen
Barton, and George Thompson (Stanford University), Ivan Wong, Walt
Silva, Mark Hemphill-Hailey, and Tom Sawyer (Woodward-Clyde
Consultants), Peter Knuepfer (SUNY Binghamton), Steve Forman
(University of Colorado), D.W. Rodgers (Idaho State University), Roy
Breckenridge and Kurt Othburg (Idaho Geological Survey), David
Blackwell (Southern Methodist University), and the National Geodetic
Survey.
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PROBABILISTIC ASSESSMENT OF UGHTNING STRIKING THE EQUIPMENT
AT THE HANFORD SITE 241-SY TANK FARM RELATIVE TO TWO

DIFFERENT DESIGNS OF LIGHTNING PROTECTION

Thomas B. Powers
Westinghouse Hanford Company

ABSTRACT

The one-million-gallon waste-storage tank 241-SY-101 in the Hanford Site
241-SY Tank Farm has been under intense scrutiny because of the
production and venting of hydrogen and nitrous oxide gases. This
potentially reactive mixture of gases could be ignited by an ignition was a
direct lightning strike on equipment in the 241-SY Tank Farm.

A probabilistic assessment of two designs of lightning protection was
performed to evaluate probabilities of lightning strikes on equipment and
the estimated costs cf the two lightning protection designs. The two
lightning protection designs were (1) a "lightning rod" design with two
telephone poles and some cable serving as the lightning rods and (2) the
same system as described in (1) but with metal enclosures around each
piece of equipment of concern. The assessment used information
presented in IEEE-142, IEEE Recommended Practice for Grounding of
Industrial and Commercial Power Systems (Institute of Electrical and
Electronics Engineers, Inc., New York City, New York), plus Hanford
Site-specific weather data. The results of the assessment indicated that the
addition of metal enclosures around each piece of equipment reduced the
probability of a direct lightning strike on the equipment from 4 E-06 to 8 E-
08 during a 27-day period of concern. The conclusion of the assessment
was that the cost of constructing metal enclosures around each piece of
equipment was greater than the benefit from reducing the probability of a
direct lightning strike on the equipment.
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METHODOLOGY FOR ASSESSMENT OP SAFETY RISK DUE TO POTENTIAL ACCIDENTS
IN VS. GASEOUS DIFFUSION PLANTS*

Joe H. Turner and David U. O'Kain
Oak Ridge National Laboratory

Oak Ridge, Tennessee 37831-7294

ABSTRACT

Gaseous diffusion plants that operate in the United States represent a unique
combination of nuclear and chemical hazards. Assessing and controlling the health,
safety, and environmental risks that can result from natural phenomena events,
process upset conditions, and operator errors require a unique methodology.

Such a methodology has been developed for the diffusion plants and is being
utilized to assess and control the risk of operating the plants. A summary of the
methodology developed to assess the unique safety risks at the U.S. gaseous
diffusion plants is presented in this paper.

INTRODUCTION

The United States Department of Energy (DOE)
currently operates two gaseous diffusion uranium
enrichment plants at Portsmouth, Ohio, and Paducah,
Kentucky. A third plant located at Oak Ridge,
Tennessee, was operated from the early 1940s until
1985. The Oak Ridge Gaseous Diffusion Plant (GDP)
was built in the early 1940s as part of the Manhattan
Project during World War II. The three plants have
successfully provided enrichment services for the
United States and much of the free world for many
years.

Diffusion plants are massive, the operating
equipment is complex, and large amounts of uranium
hexafluoride (UF«) and other hazardous chemicals are
handled at the sites. Obvious safety issues include
nuclear criticality, UF« release, and exposure to various
process chemicals. Assessment and control of health,
safety, and environmental risks at the plants is a high
priority, with particular emphasis placed on control of
the unique radiological and chemical hazards.

As safety analysis practices and techniques have
evolved, DOE has modified the safety techniques
applied at the plants. Safety analysis documentation for
the two operating plants was last updated and issued in
1985. The safety analysis effort is being upgraded using

current requirements and techniques. Because the
diffusion plants consist of nuclear operations and
traditional chemical operations, a unique
methodology is required to assess the risk of
operating the plants in a manner that meets
established DOE requirements.

The unique methodology selected for use in the
Safety Analysis upgrade program includes several
well known, state-of-the-art risk assessment
techniques combined in a manner that is intended
to be comprehensive, defendable, and cost-effective.
The approach addresses the unique hazards that
exist at the plants as well as specific consequences
that can be caused by natural phenomena hazards.
The approach involves three major sequential steps
as shown in Fig. 1.

1. Hazards identification
2. Accident sequence development
3. Risk assessment

The product of the safety analysis is a set of
Operational Safety Requirements (OSRs) that
become strictly enforced limits on the operation of
equipment. Operation in accordance to the limits of
the OSRs will ensure that the operating risks
remain within an acceptable range.

•Research sponsored by lite U.S. Department of Energy under coninci DE-AC05-84OR21400 with Manin Marietta Energy Systems, Inc.
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The Safety Analysis Upgrade document describes
the systems and programs which ensure that the OSRs
are properly implemented and controlled. After this
document is issued and approved by DOE, it will be
updated as necessary to reflect changes in equipment
and systems that affect safer,1.

SAFETY ANALYSIS REPORTS

The U.S. Department of Energy places strong
emphasis on operating safety at all of its facilities. As
a result, the overall safety programs inciude many
different aspects of safety analysis and control. As a
way of concentrating the safety program, the
nonstandard industrial hazards at each plant are
evaluated and documented. The Safety Analysis Report
(SAR) is one portion of this overall safety program.
While standard industrial hazards will be identified and
documented as part of the GDP SARs, other aspects of
the overall safety program will address specific handling
of these hazards.

The SARs for the diffusion plants will include risks
related to health, safety, and the environment; however,
they will not include considerations of economic
impacts such as lost production or damage to
equipment. Natural phenomena hazards are included;
sabotage is not included.

These diffusion plants are owned by the U.S.
governmeut and managed by contraaors who operate
the facilities for an annual fee. For many years the Oak
Ridge and Fnducah plants were operated by Union
Carbide Corporation, Nuclear Division, and the
Portsmouth plant was operated by Goodyear Atomic
Corporation. The current managing contractor for the
GDPs is Martin Marietta Energy Systems, Inc. DOE
and its predecessor organizations (Atomic Energy
Commission and Energy Research and Development
Administration), provides orders and guidance to the
operating contractors covering areas such as safety
documentation.

The DOE Field Office, Oak Ridge, which is
responsible for the operation of the GDPs as well as
other facilities, has provided a guidance document for
the preparation of SARs [1]. The guidance document
is being used in preparation of the upgraded GDP
SARs. This guidance emphasizes the use of risk
assessment techniques in addition to "traditional"
considerations such as meeting design criteria and
evaluating worst-case scenarios. The specific
implementation of the accident analysis portion of the
SAR has been documented [2].

HAZARDS IDENTIFICATION

Comprehensive identification of all hazards is
the goal of the hazards identification process. On
the basis of the results of a top level preliminary
hazard screening s. :p, the various buildings and
systems of a diffusion plant are divided into 12
specific groups for ease of record keeping. The
basic approach places first priority on facilities
where UF« in liquid form is handled and places
second priority on facilities where UF« in gaseous
or solid form is handled. Other miscellaneous
facilities are third priority.

After the plants are divided into groups of
facilities, each group is the subject of a Preliminary
Hazards Analysis (PHA). The PHA provides a
systematic review of the hazards that exist in the
facility. This review is conducted by a team of
accident analysts in coordination with
knowledgeable plant process, management,
engineering, and safety personnel. After the hazards
for a selected facility arc identified, the standard
industrial hazards are determined, documented, and
maintained for possible additional analysis by other
safety programs. The nonstandard hazards are
reviewed, and those judged to be significant are
carried forward for further analysis. The
nonstandard hazards judged to be insignificant are
identified and documented.

The significant hazards are used as input to the
second step of the hazards identification process,
which is a modified Hazards and Operability
(HAZOP) Study. The HAZOP technique was
developed and widely used by the chemical industry,
and it is recognized as an effective method for
hazards identification and analysis. The traditional
HAZOP process is modified in that the level of
detail is generally limited to the system and
subsystem, instead of the component level. The
basic structure of the HAZOP process is retained,
including use of guide words and component-level
analysis where necessary. The HAZOP study also
involves interaction between a team of safety
analysts and knowledgeable plant personnel. The
product of the modified HAZOP study is a list of
potential initiating events. The initiating events are
screened to identify those that are judged to be
significant. The significant initiating events are
identified for further analysis. The initiating events
judged to be insignificant are identified and
documented.
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Initialing events judged to be insignificant will be
subjected to an independent review to confirm that
their contribution to the overall plant risk is acceptably
low. Any initiating events judged by the independent
review team to be significant will be added to those
already identified for more detailed analysis.

At the completion of the hazards identification
process, a list of significant initiating events is carried
forward into the accident sequence development step.

ACCIDENT SEQUENCE DEVELOPMENT

Accident sequences will be developed using Event
Tree Analysis (ETA). This method considers all
combinations of successes and failures of response
systems and operator actions that are designed to
prevent or mitigate the consequence of the initiating
event. Human-error-analysis methods will be used to
define and quantify operator failure probabilities for
initiating events and mitigating actions.

Development of event trees is accomplished in
cooperation with plant personnel in team work
sessions. A product of ETA is a graphical depiction of
the accident scenarios, making it easy to understand
the importance of the various mitigating actions
involved in each accident scenario.

After the accident scenarios are developed, the
safety systems will be identified. Safety systems will
consist of operator and hardwre systems that are
necessary and sufficient to maintain an acceptably low
risk of operation.

RISK ASSESSMENT

The third major step in the accident analysis
methodology is to quantitatively assess the risk of each
accident sequence. Evaluation of risk involves a two-
step process to determine consequences and
frequencies.

Consequences of each accident scenario will be
estimated, based on operating experience, industry data,
and physical and mathematical models. Specifically, a
plume analysis dispersion computer model, developed
at Oak Ridge National Laboratory, will be used to
predict the dispersion of UF,. Commercial dispersion
codes will be used for other chemical releases. The
results of modeling the consequences by using these
codes will be utilized to identify the expected impact to
people and the environment. Both on-site and off-site
impacts will be evaluated.

The frequency of each accident scenario will be
estimated using Fault Tree Analysis (FTA). l ite
frequency of occurrence of each initiating event and
the probability of failure of each mitigating action
will be estimated based on FTA, plant experience,
and industry data.

Natural phenomena events are an important
subset of initiating events that are analyzed in this
methodology. A comprehensive effort is underway
to determine the frequency of earthquakes, winds,
and floods in the plant areas that can cause
equipment failures. The result of the natural
phenomena analysis is a set of damage curves for
equipment and structures in the diffusion plants.
Both the frequency of equipment damage and the
magnitude of the damage to the equipment is
identified from these curves. This damage
information is then used as input to the fault tree
analysis to identify the frequency of the initialing
events and the probability of failure of the
mitigating actions when natural phenomena events
cause the process upset condition.

After the consequences and frequencies of each
accident scenario are estimated, they will be
combined to establish the risk associated with each
accident scenario. These estimated risks can then be
ranked according to magnitude of risk. This risk
ranking will be useful in selecting appropriate
actions to evaluate and maintain the operating risk
of the plants at an acceptable level.

OPERATIONAL SAFETY REQUIREMENTS

The results of the risk assessment are used to
identify safety class items and establish specific
operating limits and procedures. OSRs are
established for the equipment and control systems,
both hardware and administrative. Detailed
procedures are then written to meet the
requirements of the OSRs.

SUMMARY

The accident analysis methodology that is being
implemented in the U.S. gaseous diffusion plants
provides systematic identification of hazards,
development of accident sequences, assessment of
risks, and establishment of OSRs to ensure that
operating risks remain within an acceptable range.
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SEISMIC HAZARD STUDIES AT THE DEPARTMENT OF ENERGY OWNED
PADUCAH AND PORTSMOUTH GASEOUS DIFFUSION PLANTS*

James E. Beavers1, William R. Brock2, and R. J. Hunt1

ABSTRACT

Seismic hazard levels for free-field rock motion are defined
and presented in this paper as annual exceedance probabili-
ties versus peak acceleration and as uniform hazard response
spectra. The conclusions of an independent review are also
summarized. Based on the seismic hazard studies, peak hori-
zontal acceleration values and uniform hazard response spec-
tra for rock conditions are recommended.

INTRODUCTION

The DOE field office in Oak Ridge,
TN is the responsible government agency
for managing and directing the operation
of the Paducah (PGDP) and Portsmouth
(PORTS) Gaseous Diffusion Plants. With
respect to these two facilities, Martin
Marietta Energy Systems, Inc. is the
managing and operating contractor for
DOE.

The Safety Analysis Reports (SARs)
for PGDP and PORTS are being upgraded for
consistency with the requirements
specified in DOE General Design Criteria
(GDC) 6430.1A[1] and "Design and
Evaluation Guidelines for Department of
Energy Facilities Subjected to Natural
Phenomena Hazards," UCRL-15910 [2]. The
purpose of this paper is to emphasize a

key element in the SAR Upgrade Program
pertaining to facility seismic integrity
evaluations.

Since a 1982 publication by Beavers,
Manrod, and Stoddart [3] which summarized
seismic hazard studies associated with
these facilities up to that time and
provided recommended seismic hazard
levels, DOE has issued
UCRL-15910. Based
references, four Usage
associated performance
facilities are specified, These
categories are General Use, Important or
Low Hazard Use, Moderate Hazard Use, and
High Hazard Use. The seismic hazard
annual exceedance probability associated
with each usage category is also presented
in UCRL-15910. Based on these guidelines,
the Paducah and Portsmouth plants have

GDC 6430.1 A and
on these two
Categories, and
goal s for DOE

•Research sponsored by the Office of Assistant Secretary for Nuclear Energy, U.S.
Department of Energy under contract DE-AC05-840R21400 with Martin Marietta Energy
Systems, Inc.
Martin Marietta Energy Systems, Inc., Technical Operations, Center for Natural
Phenomena Engineering
Martin Marietta Energy Systems, Inc., Technical Operations, System Safety Engineering
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General Use, Important or Low Hazard Use,
and Moderate Hazard Use facilities.
Facility evaluation for consistency with
the appropriate annual exceedance
probability is a sufficient condition for
meeting the performance goal.

UCRL-15910 allows the execution of
site specific studies to establish
seismic hazard curves suitable for use in
evaluations and analyses. In order to
complete these studies for both PGOP and
PORTS, regional geological investigations
and soil and rock exploration programs
were initiated to determine the site
specific characteristics. In parallel
with the geological and soil exploration
efforts, seismic hazard assessments were
conducted by using the Lawrence Livermore
National Laboratory (LLNL) and the
Electric Power Research Institute (EPRI)
seismic hazard methodologies [4,5].
These methodologies are the latest
approaches available for use today and
represent state-of-the art techniques.

Special investigations were
performed for PGDP due to its proximity
to the New Madrid Fault Zone (NMFZ).
These investigations involved using
extended source models for the NMFZ as
opposed to the point source approach
employed in the EPRI and LLNL
methodologies.

Finally, the United States
Geological Survey (USGS) performed an
independent review of the point source
and extended source studies under an
Interagency Agreement with DOE and
endorsed the resulting seismic hazard
levels to be appropriate for evaluating
the seismic integrity of PGDP and PORTS
facilities. This review is summarized
herein.

LOCATION OF SITES AND DESCRIPTION OF
FACILITIES

The PGDP and PORTS facilities, which
employ the gaseous diffusion process for
uranium isotope separation, are located
in the eastern United States as depicted
in Figure 1. These plants were

constructed in the early 1950s and have
provided uranium hexafluoride (UF6)
enriched in the U-235 isotope for eventual
use in commercial nuclear power reactors
and in military applications. The Paducah
facility is located about 10 miles west of
Paducah, Kentucky and the Portsmouth
facility is located approximately four
miles southeast of Piketon, Ohio.

Although a detailed description of
the gaseous diffusion process is not the
intent of this paper, a brief overview of
this process can be useful in placing the
seismic issue in proper perspective.

In order to significantly enrich the
UF6 in U-235, numerous enrichment steps or
stages are required. This is reflected in
the plan dimensions of a typical building
in which the enrichment process occurs.
Such dimensions are on the order of 1100
feet by 1000 feet with a building height
of around 80 feet. Several buildings of
this nominal size with interconnecting
piping are present on each of the
diffusion plant sites to house the
separation stages necessary for
accomplishing the desired level of
enrichment. A large magnitude seismic
event could impart serious damage to these
buildings, the interconnecting piping, and
other on-site facilities. The potential
release of the toxic materials from these
facilities would also be a serious concern
both on- and off-site. Thus, it is
extremely important that seismic hazard
issues receive detailed study and
evaluation for these diffusion plant
facilities.

GEOLOGY & SEISMICITY OF SITES

PADUCAH RESERVATION
The Paducah reservation lies near the

northern tip of the Mississippi Embayment
of the gulf Coastal Plain (Figure 2). The
topographically low Mississippi Embayment
is underlain by relatively unconsolidated
Cretaceous to recent sediments that
overlie downbowed Paleozoic cover rocks
above the Precambrian basement. The
Coastal Plain sediments are composed of
sand, sandy clay, loess, and clay-sand-
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gravel. The axis of the downbowed
Paleozoic and Precambrian rocks was
rifted apart during the early Paleozoic
forming the Mississippi Valley graben.
The highland border areas surrounding the
embayment are composed mostly of
relatively resistant Paleozoic
sedimentary rocks. Soils here gradually
merge with the unconsolidated sediments
of the Coastal Plain and range up to 10
m or more in thickness (thickness at the
reservation is 120 m).

There are three major fault zones
near the PGDP reservation. These are the
subsurface faults of the Mississippi
Valley graben, the Ste. Genevieve fault
zone, and the Rough Creek fault zone.
Historical seismic activity near the
reservation has primarily occurred in the
Mississippi Embayment area ranging from
50 to 100 km west and southwest of the
reservation (Figure 1).

Several major earthquakes are known
to have occurred in the NMFZ that would
have had a major impact on the
reservation [3]. The most significant
earthquakes to have occurred were the
1811 through 1812 New Madrid earthquakes.
These three events occurred on December
16, 1811; January 23, 1812; and February
7, 1812, and were estimated to have
magnitudes of 7.2, 7.1, and 7.4 1%,
respectively. They are the largest
series of earthquakes known to have
occurred in the United States. The
epicentral MMI of these events have been
estimated as ranging from X to XII. The
intensities at the reservation from these
earthquakes have been estimated from MMI
VIII to MMI IX.

PORTSMOUTH RESERVATION
The Portsmouth reservation is

located on the western edge of the
Appalachian Plateau (Figure 2). This
region consists of generally steep-sided
plateaus on sandstone bedrock, 3000-5000
ft. high on the east side, declining
gradually toward the west [3]. The
bedrock geology at the site consists of
sub-horizontal Pennsylvanian shale,
siltstone, and sandstone that overlies

Mississippian shale, sandstone, and
limestone, then older Paleozoic rocks in
the subsurface. These sedimentary rocks
rest on the Precambrian basement of
crystalline rocks. The soils at the PORTS
site consist primarily of unconsolidated
silts and clays averaging slightly more
than 9 m in the thickness.

Faulting in the area of the
reservation is limited. The nearest
surface faults are in the Rough Creek and
Kentucky River fault zones approximately
100 km to the south in Kentucky. These
are all Paleozoic fault zones that ceased
activity some 250 m.y. ago. Very little
seismic activity has occurred near the
PORTS reservation during historical time
(Figure 1), The most active area in Ohio
has been near the Bowling Green fault zone
and the Findlay Arch. The largest known
earthquake to have occurred in Ohio
occurred in the Anna, Ohio seismic source
zone on March 9, 1937 and has been listed
as having an epicentral MMI of VII to VIII
[3]. The earthquake occurred
approximately 200 km from the PORTS
reservation. The MMI was about III to IV
at PORTS.

SEISMIC HAZARD METHODOLOGY

Seismic probabilistic risk
assessments techniques have been under
development since about the mid 1970's.
In 1982, as part of the U.S. Nuclear
Regulatory Commission (NRC) sponsored
Seismic Safety Margins Research Program,
a proposal was made by LLNL to and
accepted by the NRC that a comprehensive
program be established to develop hazard
curves. Shortly after the beginning of
the NRC program, the U.S. commercial
nuclear energy industry began a similar
program through EPRI to provide an
independent evaluation of the seismic
hazard at central and eastern U.S. power
plant sites. This program resulted in the
development of information similrr to the
LLNL program. There is significant
uncertainty associated with the inputs to
the seismic hazard studies, and the
handling of these uncertainties is one of
the main challenges in the seismic hazard
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estimation process.

The studies performed by EPRI and
LLNL represents the state-of-the-art in
defining the seismic hazard by
probabilistic methods. Therefore, these
methodologies are being used at PGDP and
PORTS to define the seismic hazard levels
consistent with UCRL-15910. Because both
the EPRI and LLNL methodologies treat
earthquakes as point sources, their
results are not directly applicable to
P60P, due to the possibility of large
earthquakes in the NMFZ. As a result, an
extended-source seismic hazard analysis
was performed modeling the NMFZ as a
system of parallel faults running in a
NNE direction.

The seismic hazard results from EPRI
and LLNL are presented in terms of peak
ground acceleration (PGA) versus annual
probability of exceedance and as uniform
hazard ground response spectra. The PGA
and response spectra represent motions at
free-field rock outcrops. To obtain
earthquakes motions at soil sites
requires consideration of the soil
deposit. Both EPRI and LLNL developed
site amplification factors for various
generic soil profiles which can be used
to determine hazard results for soil
sites, but site specific soil
amplification studies are being performed
for PGDP and PORTS. This paper presents
the seismic hazard results for free-field
rock outcrop which defines the input to
the site-specific soil amplification
studies.

LLNL AND EPRI METHODOLOGIES
The LLNL and EPRI methodologies are

described in detail in references 4 and
5. Numerous reports and studies have
been issued discussing these
methodologies. Therefore, they will not
be described in this paper.

EXTENDED SOURCE METHODOLOGY FOR PADUCAH
The extended source methodology was

developed for PGDP because of its
proximity to the New Madrid earthquake
source. The details of this methodology
is documented in the paper [6] by G. R.

Toro and R. K. McGuire presented at this
conference. Therefore, the reader is
referred to their paper for the details.

SEISMIC HAZARD RESULTS

The seismic hazard results from the
EPRI methodology were calculated by Risk
Engineering, Inc. (REI) and the results
from the LLNL methodology were calculated
by LLNL. The seismic hazard results for
the extended source methodology for PGDP
were calculated by REI. The results are
presented in reports [7,8] for each site
prepared by REI. Figures 3 and 4 show the
seismic hazard curves for peak rock
acceleration at PORTS and PGDP. The 15th,
50th, and 85th percentile and mean curves
are shown for both EPRI and LLNL results.
The 50th percentile (median) results from
the extended source model for PGDP are
also shown in Figure 4. Results from the
USGS independent calculations are also
shown.

Figures 5 and 6 show the uniform
hazard response spectra for each site.
These spectra are the 50th percentile
(median) curves for an annual probability
of exceedance of 1x10 . Other fractiles
and the mean spectra were also calculated
for various annual probabilities of
exceedance. The USGS spectra are also
shown.

Review of the seismic hazard curves
shown in Figures 3 and 4 show the lower
bounds and the median values (50th
percentile) from the EPRI and LLNL models
are in reasonable agreement for the two
sites. The significant differences
between the two approaches are in the mean
values and the upper bounds. The
comparison of the results for these two
sites are consistent with studies
performed at other sites [9]. These
comparative studies have shown that if the
input and its characterization of
uncertainty are made consistent for the
two methodologies, then the final results
are basically the same. These studies
have shown that the most significant
factors in affecting the differences
between the two methodologies are the

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

332



inputs from one of the LLNL experts and
the range of expert opinion allowed.

Using the results from the two
approaches to define the seismic hazard
levels to be used in conjunction with
UCRL-1591O has raised the following
issues:

a. use of the median or mean values
b. effects of expert opinion
c. uniform hazard response spectra shape

Review of the results show the
median values from the two approaches are
in reasonable agreement, but the mean
values from LLNL are highly unstable
because of the skewed nature of the
distribution. The skewed nature of the
LLNL distribution is greatly influenced
by the expert opinion input. The NRC
[10] recognized this in their studies of
the 69 commercial nuclear power plant
sites and had the LLNL results calculated
without one of the expert's input.
Similar studies have been made for the
PORTS and PGDP sites. LLNL's goal in
their seismic hazard methodology was to
obtain a reliable estimate of the central
tendency (median) of the seismic hazard
and an estimate of the total uncertainty.
They recognize their mean estimates are
unstable and are continuing to examine
their approach.

The uniform hazard response spectra
shapes (Figures 5 and 6) are
significantly different than the NRC
Regulatory Guide (R.G.) 1.60 [11] and the
NUREG/CR-0098 [12] standard spectra
shapes which have been used for several
years for commercial nuclear power
plants. These differences are justified
because the standard spectra were
developed to represent a composite of all
earthquake size, locations, and site
conditions with no consideration of
probability of occurrence. Also,
examination of results from site-specific
studies [13,14] and response spectra from
earthquake recordings in the eastern U.S.
[15] produced after the development of
the R.G. 1.60 and NUREG/CR-0098 spectra
show a similar shape as the uniform

hazard spectra.

UNITED STATES GEOLOGICAL SURVEY (USGS)
TECHNICAL REVIEW

Staff members of the USGS in Golden,
Colorado reviewed submissions by LLNL and
RE I via an Interagency Agreement with DOE.
In addition to reviewing these submittals,
the USGS also performed independent
seismic hazard calculations for the two
sites and provided many helpful
suggestions during REI's development of
the extended source model for PGDP.

REVIEW AND COMPARISON OF LLNL AND EPRI
METHODOLOGIES

As an integral part of the USGS
involvement, the two state-of-the-art
methodologies were reviewed and compared.
The USGS had previously performed a
technical review of the EPRI methodology
on behalf of the NRC; however, it was felt
that their position with respect to the
LLNL methodology was needed to better
understand the wide disparity between
"mean" hazard values calculated for the
same site by the two methodologies, the
influence of expert opinion, as well as
other differences between the approaches
taken within the methodologies.

The review considered the four major
aspects of the two methodologies:

1. Identification of seismic
characteristics, possible source zones,
and seismic activity;

2. Treatment of variability in seismicity
parameters;

3. Treatment of alternative ground motion
models; and,

4. Calculation of seismic hazard and
representation of variability.

Much of the difference in hazard
estimates between the EPRI and LLNL
approaches was attributed to fundamental
differences in the four major areas. The
USGS did not prefer one methodology over
the other. The USGS position, in general,
was that the EPRI and LLNL seismic sources
are representative of a wide range of
professional opinion regarding seismic
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sources and are suitable for obtaining
probabilistically based seismic hazard
estimates.

With respect to the use of "median"
and "mean" hazard estimates, the USGS did
suggest a preference. Median estimates
were preferred because of their basic
resistance to extreme estimates and their
tendency to be less sensitive to
methodological differences.

INDEPENDENT CALCULATIONS
The purpose of the USGS independent

calculations was to compare the
sensitivity of the standard USGS seismic
hazard model for the two sites to the
EPRI and LLNL models, identify any
critical site specific modeling issues,
and determine the anticipated range of
seismic hazard values for each site.

For PORTS these calculations suggest
the median hazard estimates from the EPRI
and LLNL to be in the low range of
estimates but reasonable nonetheless.
The PORTS results from both studies are
currently being reevaluated to better
understand the reasons for the apparent
differences. For PGDP, based on extended
source modeling techniques, the median
estimates from REI and the USGS are in
excellent agreement. For a comparison of
results, the reader is referred to
Figures 4 and 6 which were discussed
earlier.

In summary, the USGS technical
review concluded that the median hazard
values obtained from the LLNL and EPRI
studies were appropriate for engineering
design and evaluation efforts for PORTS,
and the values obtained from the extended
source studies were appropriate for PGDP.

CONCLUSIONS AND RECOMMENDATIONS

Based on the above, the following
recommendations have been made to DOE to
define the seismic hazard at the PGDP and
PORTS sites:

a. For Paducah, the results from the
extended source model should be used to

define the seismic hazard. Table 1 lists
the recommended peak horizontal rock
outcrop accelerations for the 2x10 ,
1x10 , and 2x10 annual probabilities of
exceedance. These are also shown in
Figure 4. The recommended uniform hazard
response spectra median for a 1x10 annual
probability of exceedance is shown in
Figure 6.

b. For Portsmouth, median and mean
results from EPRI and the median results
from LLNL are used to define the
recommended peak horizontal accelerations
listed in Table 1 and shown in Figure 3.
The recommended uniform hazard response
spectra is based on combining with equal
weight the median spectra from EPRI and
LLNL, and anchoring this spectra shape to
the recommended peak accelerations. The
spectra for a 1x10 annual probability of
exceedance is shown in Figure 5.

c. Perform site-specific soil
amplification studies, using the defined
rock outcrop motions from a and b above,
to define the free-field ground surface
motions.

DOE is presently reviewing these
recommendations. DOE has also formed a
Seismic Hazard Working group which is
developing guidelines on how to use the
seismic hazard results from EPRI and LLNL
with the evaluation criteria in UCRL-
15910. The above recommendations will be
finalized when the DOE working group
completes their work.
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TABLE 1

RECOMMENDED PEAK HORIZONTAL ROCK OUTCROP ACCELERATIONS (G's)

SITE ANNUAL PROBABILITY OF EXCEEDANCE

Paducah

Portsmouth

2X10"3

0.20

0.05

1x10 3

0.30

0.05

2x10'*

0.55

0.10

n'n

Figura t. Eastern U. S. Mtamtcity map
(magnitude 4 or graatet)

Figure 2. Rtglenal Physiographic Mtp.
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DEVELOPMENT OF SITE-SPECIFIC SYNTHETIC ACCELERATIONS FOR
SAFETY ASSESSMENT OF DOE FACILITIES AT OAK RIDGE, TENNESSEE"

G. A. Aramayo, T. G. Carley, W. D. Jones
Martin Marietta Energy Systems, Inc.

Post Office Box 2008
Oak Ridge, TN 37831-6332

ABSTRACT

Seismic analysis of U.S. Department of Energy (DOE) facilities at Oak Ridge, TN,
requires seismic accelerograms that have response spectra that are compatible with the
site-specific design response spectra. The development of these accelerograms is
accomplished by the application of the Fourier transform to compute the response
spectrum of a beginning accelerogram and map it into the frequency domain. The
Fourier spectrum is modified according to the difference between the computed
spectra and the target spectra. The response spectrum is recomputed and compared
again to the target. The modification is repeated until acceptable agreement is
achieved. The modified Fourier spectrum is transformed to the time domain and
filtered yielding the desired seismic time history.

INTRODUCTION

The safety assessment of DOE facilities at the
Oak Ridge, TN, site includes the prediction of the
response of buildings and equipment to the maximum
expected earthquake for this region. The evaluation of
this region results in a required design ground response
spectrum that reflects the local seismicity. This target
spectrum specifies the maximum ground acceleration and
the frequency distribution of the event. The spectrum
takes the form of contiguous straight lines when plotted
on a log-log graph. For detailed seismic analysis of
structures and equipment a seismic time history is needed
which has a response spectrum compatible with the
required spectrum. This paper describes the analytical
method used to generate a ground motion accelerogram
that has the required characteristics. The Newmark-Hall
spectrum outlined in Ref. 1 that is not a site-specific
spectrum was used in the development of a seismic time
history. An Oak Ridge site-specific spectrum has been
developed, but its use in current seismic analysis is not
yet approved by DOE.

A number of approaches have been employed by
various authors to this problem. Tsai, [2], used a method
in which the initial time history was directly modified
based on the difference between the response spectrum
and the design spectrum. Response spectrum suppression
was accomplished by passing the time history through a
series of filters the parameters of which were optimized to
give the desired suppression and bandwidth. Spectrum
raising was accomplished by adding sinusoidal motions to
the time history with the amplitude and phase determined
by the design and response spectra differences and the
time of maximum response. Rizzo et al., [3], use Fourier
spectrum modification of an accelerogram to achieve the
desired characteristics. Scanlan and Sachs, [4], add
together a series of randomly phased sinusoids whose
amplitudes are adjusted to give the desired response
spectrum. Kaul, [5], uses a perturbation of the
superposition integral representation of the system
response to iterate to a new target spectrum, a sequence
of which converges to the specified target spectrum.
Vanmarcke and Gasparini, (6], present a random vibration
approach in which the spectral density is adjusted to
obtain an accelerogram with the desired response
spectrum. Preumont, [7], describes a procedure for

The submitted manuscript has been authored by a contractor of the U.S. Government under Contract •
No. DE-AC05-840R21400. Accordingly the U.S. Government retains a nonexclusive, royalty-free license to publish or
reproduce the published form of this contribution, or allow others to do so, for U.S. Government purposes.
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determining the power spectral density corresponding 10
the target spectrum from which an accelerogram is
derived. AH the methods which manipulate the sign*) in
the frequency domain make use of the computational
efficiency of the fast Fourier transform (FFT) algorithm.

METHODOLOGY

The site-specific seismic requirements result in a
ground response spectrum which gives the maximum
acceleration versus frequency that will result from the
expected earthquake. This spectrum is based on the local
seismicity and the statistical studies of a large number of
earthquake ground motions. An analysis of the seismic
response of structures and equipment requires the ground
accelerogram as the excitation for the dynamic models.
This accelerogram must have a ground response spectrum
which matches the target spectrum. The process is begun
using an arbitrary accelerogram, usually a recorded event,
and modifying it to have the required characteristics.
First the magnitude is scaled to Che site-specific maximum
acceleration. If required, the acceleration values are
interpolated to values occurring at equal time increments.
This is followed by the computation of the response
spectrum using the Fourier transform. The equation of
motion for the base excited oscillator is £iven in Eq. 1.

z + 2fwnz + wn
:z = -y , (1)

z is the relative displacement of the mass to the base, f is
the viscous damping ratio, wB is the undamped natural
frequency of the oscillator, and y is the base excitation
acceleration. Dots above symbols denote time
differentiation.

in Eq. 2.
The Fourier transform and its inverse are given

Z(if) = I z(t)eQrf dt (2)
-oc

z(t) = J Z(if)e =** dt
-00

The transform frequency is f. The Fourier transform of
time derivatives are given by the relationship in Eq. 3.

(3)

Derivative order is indicated by "r". The Fourier
transform of Eq. 1 is given in Eq. 4.

- (2TO JZ + 2rw.(if)Z + u.'Z = -Y . (4)

Y is the Fourier transform of y(i), The solution of (4) for
Z is given in Eq. 5.

Z(0 = Y(f)/{[wn
! - (2irf):] + i2{w.f} •

The inverse transform of Eq. 5 yields the relative
displacement response shown in Eq. 6.

(5)

z(t) = J Z(f)e••"> dt .
-oo

The "pseudo velocity" response is given by Eq. 7.

v,(0 " «Jz(t)] . (

The response spectrum value for the frequency equal to
the natural frequency of the oscillator is the maximum
value of Eq. 7 given in Eq. 8.

PSV(wJ - [v (1)1^, .

(6)

(8)

The response spectrum is generated by repeated
application of Eqs. S through 8 for each frequency within
the range of interest.

ACCELEROGRAM MODIFICATION

The modifications of the accelerogram are made
in the frequency domain. The Fourier spectrum
amplitudes are modified in a range surrounding a
particular spectrum frequency to bring the corresponding
point on the accelerogram response spectrum closer to the
value of the target spectrum. The modification of values
in the frequency band is necessary since there is not a
one-to-one correspondence between the Fourier
amplitudes and the response spectrum amplitudes. The
response spectrum values are maximum values that are
picked off the response versus time array. The phase
information is lost in the process and the number of
response spectrum points is normally much fewer than the
number of points used in the FFT algorithm.
Consequently a cluster of Fourier spectrum values are
used to influence the corresponding value of the response
spectrum. The choice of the band width to use and the
relative importance of each amplitude in the cluster must
be adjusted to give optimum performance. The response
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spectrum graph abscissa is logarithmic. If evenly spaced
points are used on the log frequency axis, the actual
frequency spacing decreases with increasing frequency. 1.
This results in larger clusters of components surrounding
response spectrum points for increasing frequencies.
Consequently, the selection of the number of points to
modify in each cluster changes with frequency. The
amplitudes of the components in each cluster are modified 2.
by multiplying their value by a factor based on the
difference in the response spectrum and target spectrum
values at that frequency. Because of the lack of a definite
relationship between the Fourier and response spectra
values the modification at any one stage is not precise and 3.
the effect on the response spectrum has to bs repeated
iteratively to achieve the desired results. In addition the
resulting response spectrum is not smooth having some
vaiues below the target spectrum and some above. In
order to have all the computed values above the target
spectrum, a new target is constructed which envelopes the
original target but is somewhat higher. The amount by 4.
which the new target is increased can be specified by the
user. A 10% increase is common. Once the computed
response spectrum has converged to an acceptable degree,
the corresponding acceleration time history is computed
using the inverse Fourier transform. However, due to the 5.
large number of numerical calculations that have taken
place, noise has been introduced into the signal. One
result of this is to have a computed non-zero displacement
at the end of the seismic event. The effect on the 6.
accelerations and the consequent inertial structural loading
is inconsequential. To eliminate these characteristics, a
filter is applied to the accelerogram generated by the last
iteration. The filter eliminates frequency components 7.
outside the range of significant seismic energy.

RESULTS

The results of the site specific accelerogram
generation is shown in Figs. 1 through 5. The target
response spectrum and that of the beginning time history
are shown in Fig. 1. One hundred and seventy frequency
points were ussd over the range of 0.1 to 33 Hz. The
Fourier transform modulus of the time history is shown in
Fig. 2, the components of which are modified iteratively
as described above resulting in the response spectrum in
Fig. 3. Figures 4 and 5 show the final accelerogram ar.d
ground displacement.
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ABSTRACT

The purpose of the development of artificial time-histories is to provide the
designer with ground motion estimates which will meet the requirements of the design
guidelines at the Hanford site. In particular, the artificial time histories presented in
this paper were prepared to assist designers of the Hanford Waste Vitrification Plant
(HWVP) with time histories that envelop the requirements for both a large magnitude
earthquake (Ml > 6.0) and a small magnitude, near-field earthquake (MKS.O).

A background of the requirements for both the large magnitude and small
magnitude events is presented in this paper. The work done in generating time histories
which produce response spectra matching those of the design seismic events is also
presented. Finally, some preliminary results from studies performed using the small-
magnitude near-filed earthquake time-history are presented.

INTRODUCTION

The purpose of this paper is to present the results of
analytical studies completed in generating artificial time-
histories for use in design at the Hanford, Washington site.
The Hanford design spectra are unique in that design
spectra for small magnitude (M<5.0) earthquakes have
been developed. These spectra are typified by high
amplification at relatively high frequencies.

Design ground motion for seismic design of nuclear
power plants are generally prescribed in the form of
smooth, multiple-damping, design response spectra. These
smooth spectra envelop the broad range of peaks and
valleys typically seen in spectra generated from actual
earthquake records and cover a possibility of different
responses due to different earthquake characteristics and
varying soil properties. In order to qualify equipment,
piping, and components for use in nuclear power plants,
seismic analyses have to be completed which show that the
components will maintain their integrity during and after
an event (Seismic Class 1). These components are often

mounted in civil structures at floor elevations other than
ground level such that floor response spectra are needed for
their design. Methods have been proposed for the direct
generation of floor response spectra [1, 2], however, these
methods have not been received as well as the more
traditional approaches. Current practice generally dictates
producing floor response spectra from a time history
analysis of the supporting structure. At floor elevations of
interest, response spectra may then be obtained using the
calculated response to the time history analysis. With this
type of an approach, synthetic time histories which
produce broad band spectra, or multiple natural earthquake
time histories must be used in the analysis to ensure
appropriate excitation at all frequencies.

Target design spectra for use in design and analysis at
Hanford, Washington are shown in Figure 1. This figure
displays the acceleration response spectra for the Design
Basis Earthquake (DBE) for Safety Class 1 Items and the
response spectra for a Small Magnitude Near-Field
Earthquake (NFE). Amplified accelerations are displayed
at 2% and 5% of critical damping. The peak ground
acceleration for both of these design events is set at 0.20g.
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The DBE is based on a median centered NUREG/CR-OO98
type earthquake [3]. The NFE is based on amplification
factors derived from site specific studies. The NFE
response spectra is more narrow banded than the DBE and
has slightly greater amplification from about 9 hz to 50 hz
where it returns to the peak ground acceleration.
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Figure 1
Target Design Spectra for Design Basis Earthquake
(DBE) and Small-Magnitude Near-Field Earthquake

(NFE)
(296 and 5% Damping)

These design spectra are some of the results of
probabilistic assessments of natural phenomena hazards
occurrence at DOE sites as completed by LLNL and their
contractors. A probabilistic seismic hazard study of the
Hanford Site was completed by TERA Corp., Inc. in 1978
with the results reported by LLNL in UCRL-53582 14].
These natural hazard models of the Hanford Site were
reviewed and compared to site-specific studies completed
on the Hanford Site. Tallman [5] presented the results of
these studies at the Second DOE Natural Phenomena
Hazards Mitigation Conference. From a review of the
previous hazard studies done on the Hanford site, Tallman
found that many of the studies neglected the contribution
of smaller (M < 5.0) earthquakes. Tallman further reports
that the Hanford site has a relatively high rate of low-
magnitude earthquakes, and that a response spectra
representative of small-magnitude earthquakes should be
considered in the design and qualification of components
and equipment that must remain operable during and/or
immediately following a seismic event.

Recommendations from this recent study concluded
that two sets of response spectra be used in design:

1. For Structures: The Newmark-Hall median
response spectra anchored to a 0.15 g peak, horizontal
free-field, ground acceleration for the design and analysis
of high-hazard structure in the 300 and 400 Areas. In the
100-N and 200 Areas, the Newmark-Hall spectra anchored
to a 0.20 g peak, horizontal free-field ground acceleration
are recommended. For high-hazard facilities throughout
the Hanford Site, the Newmark-Hall median response
spectra anchored to 0 20 g pga are recommended.

2. For Safety Class 1 active components and
equipment: In addition to the Newmark-Hall median
spectra, these active components and equipment should
also consider a small-magnitude, narrow-frequency-band
earthquake with a duration less than 3 seconds.

METHODOLOGY

The methodology used in generating the synthetic time
histories which produce response spectra is the subject of
this section. Comparison of the resulting spectra obtained
from the resultant time histories, along with smoothed
power spectral densities are also presented.

In order to simplify the generation of floor response
spectra it was decided to produce time-histories which
would envelop the target spectra shown in Figure 1 using
one time-history for the DBE and another time-history for
the near-field earthquake. A single time history could be
used since the time-history was to be used for linear elastic
seismic analyses. The disadvantage of the single time
history is that it is dissimilar from real earthquake motions
and thus not suitable for nonlinear seismic analyses. An
alternative methodology could be used. That being the
selection of a set of time-histories whose ensemble
response spectra would envelop the target spectra. This
alternate methodology requires additional analysis, is time
consuming, and can become expensive due to the number
of analyses which must be carried out. The advantage of
this methodology is that the resulting time histories are
similar to actual earthquake ground motion.

Develop uent of a single time history can be performed
by either beginning with a natural earthquake accelerogram
or with completely synthetic motion. An initial
investigation was conducted in order to determine whether
natural earthquake accelerograms could be used in the
design. These records may be used as is, or slightly
modified in order to better fit the target spectra. A number
of response spectra from natural earthquakes were
examined, however, the wide-band nature of the design
spectra makes it very difficult to envelop by a natural time
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history without violating NUREG-0800 acceptance
criteria. Among the records examined for possible use
were the following:

Table 1
Natural Earthquakes Considered for Simulation

Gazli, USSR
Tabas, Iran
Pacoima Dam
Lake Hughes #12
Castaic
E! Centre
Parkfield
Morgan Hill
Coalinga
Goleu
Gilroy #2
Taft

17 May 1976
16 September 1978
9 February 1971
9 February 1971
9 February 1971
15 October 1979
27 June 1966
24 April 1984
2 May 1983
13 August 1978
6 August 1979
21 July 1952

None of these records were judged to be adequate initial
time histories for either the DBE or the NFE. Artificial
time histories, using random phasing, were then developed
which would match the target spectra. The artificial
records could be developed to closely match the target
spectra, and generally envelop the target spectra consistent
with NRC acceptance criteria [6].

For both the DBE and the NFE, the computer program
SIMQKE was used to generate the target spectrum
compatible time histories. The program SIMQKE [7] has
the following capabilities: it computes a power spectral
density function from a specified smooth response
spectrum; it generates statistically independent artificial
acceleration time histories and tries, by iteration, to match
the specified response spectrum. SIMQKE also performs a
baseline correction on the generated motion to ensure zero
final ground velocity and it calculates response spectra
with the time histories as input.

The method used by the program for artificial motion
generation is based on the fact that any periodic function
can be expanded into a series of sinusoidal waves:

J X l

An is the amplitude and is the phase angle of the nth

contributing sinusoid. By fixing an array of amplitudes
and generating different arrays of phase angles, one obtains
different motions with the same general appearance but

different details. SIMQKE uses a random number
generator to produce strings of phase angles uniformly
distributed between 0 and 271,

The amplitudes An are related to the one-sided spectral

density function G ( 0)) through the following
relationship:

G(a>n)ba> = -f

Since the total power may be expressed as:

G\a)n) Afi> may be interpreted as the contribution to the
total power of the motion from the sinusoid with frequency

®n As the number of sinusoids in the root ion tends

toward infinity (becomes very large), the tout power will

become the area under the continuous curve G ( 0))

The power of the motion produced by using this
formulation does not vary with time. To simulate the
transient character of real earthquakes, the steady-state
motions are multiplied by a detenninistic envelope function
I(t). The artificial motion Z(t) then becomes:

Z(t) = <t>n)

The resulting motion is stationary in frequency content
with a peak acceleration close to the target peak
acceleration. I(t) is related to the strong motion duration.
The program artificially raises or lowers the generated
peak acceleration to match exactly the target peak
acceleration. The response spectra corresponding to the
motion are then computed. The response spectrum for one
chosen damping value is the target response spectrum
which the program will attempt to match.

To smooth the calculated spectrum and to improve the
matching, an iterative procedure is implemented. In each
cycle of the iteration, the calculated response is compared
with the target at a set of control frequencies. The ratio of
the desired response to the computed response is obtained
at each control frequency and the corresponding value of
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the power spectral density is modified in proportion to the
square of this ratio, for example, at any cycle ;

= G(a>)

where Sy is the target spectral value. With the modified

spectral density function a new motion is generated and a
new response spectrum is calculated. The procedure is not
convergent at all control frequencies. Note that the
response at a control frequency is dependent not only on
the spectral density function value for that frequency, but
also on other values at frequencies close to the frequency
of interest as well. Herein lies the shortcoming of the
SIMQKE program. It is often difficult to select adequate
control frequencies such that the target spectrum is
enveloped closely, without introducing some large
conservatism at other frequencies. A large amount of
conservatism is undesirable especially in ground motion to
be used in generating floor response spectra. If one of the
fundamental frequencies of the structure coincide with a
peak of the ground spectra, large conservatisms will be
introduced in the design of systems and components
designed to the resulting floor spectra.

ACCEPTANCE CRITERIA

Section 3.7.1 of the U.S. Nuclear Regulatory
Commission's Standard Review Plan (NUREG-0800)
presents the acceptance criteria controlling seismic design
of commercial nuclear power plants. The acceptance
criteria defined by the USNRC in NUREG-0800 has been
followed in generating the design acceleration time-
histories presented in this paper. Sections of NUREG-
0800 governing the use of artificial time histories in design
are summarized in the remainder of this section.

Time histories compatible with smooth design
response spectra are acceptable for use as design time
histories. Artificial time histories are acceptable when an
appropriate recorded or specified time history is not
available. The response spectra obtained from an artificial
time history should generally envelop the design response
spectra for all damping values to be used in the analysis.
In addition to a comparison of the response spectra derived
from the time history with the design response spectra,
criteria for frequency intervals at which spectral values are
calculated are also provided by the NRC. The use of a
single time tistory is justified by satisfying a target power
spectral density (PSD) requirement in addition to the
design response spectra enveloping requirements.

For linear structural analyses, the total duration of the
artificial accelerogram should be long enough such that
adequate representation of the Fourier components at low
frequency is included in the time history. The total time
duration between 10 seconds and 25 seconds is required to
adequately match the design response spectra at 0.4 Hz
(when Regulatory Guide 1.60 spectra are used). The
corresponding stationary phase strong-motion duration
should be between 6 seconds and 15 seconds. If site-
specific information indicates duration estimates outside
these ranges, the site-specific values should be used.

When using a single time history for design, as in the
current case, the -./espouse spectra of the artificial time
history to be used in the free field must envelop the free-
field design response spectra for all damping values
actually used in the response analysis. Table 2 provides an
acceptable set of frequencies at which the response spectra
may be calculated.

The time history is considered to be adequate when its
calculated spectrum envelops that of the target. For
enveloping, the calculated spectrum is considered to
envelop the design response spectrum when no more that
five poults fall below, and no more than 10% below, the
desired response spectrum.

Table 2
Suggested Frequency Intervals

for Calculation of Response Spectra
(from NUREG-0800)

Frequency Range
(hertz)

0.2 - 3.0
3.0-3.6
3.6-5.0
5.0 - 8.0
8.0 -15.0
15.0 -18.0
18.0 - 22.0
22.0 - 34.0

Increment
(hertz)
0.10
0.15
0.20
0.25
0.50
1.0
2.0
3.0

Additionally, when a single artificial time history is
used in the design of seismic Category I structures,
systems, or components, it must satisfy requirements for
both enveloping design response spectra as well as
adequately matching a target PSD function compatible with
the design response spectra. A target PSD is given in
NUREG-0800 for a Reg Guide 1.60 compatible lime
history. Methodologies for developing target PSD for
response spectra other than Reg. Guide 1.60 are presented
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in Philippacopoulos, 1989. Here the intent is not to
govern the use of artificial time histories used in design,
rather, the intent is to warrant against large power dips at
certain frequency values in the target spectra.

RESULTS

The artificial time histories for both the DBE and the
NFE are presented in the following sections. It is shown
that both of the time histories meed the acceptance criteria
as given in the preceding section.

DESIGN BASIS EARTHQUAKE (DBE)

'j"he total duration selected for the DBE is 23 seconds.
The ground motion is characterized by a 3 second ramp-up
time, followed by IS seconds of stationary strong motion,
and completed by a 5 second ramp-down time. These
duration characteristics satisfy the acceptance criteria
proposed in NUREG-0800 and represent a conservative
duration when compared with historical damaging
earthquakes (NUREG/CR-3805). A total duration of about
20 seconds was used by Shinozuka [ 8 ] in generating
artificial time histories for use with a Reg. Guide 1.60
compatible accelerogram.
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Figure 2
Response Spectra for Artificial Accelerogram and Target

Design Spectra for DBE, 5% Damping

The response spectrum from the artificial record at 5 %
of critical damping for the DBE is shown in Figure 2.
Response spectral values were calculated at frequency
intervals consistent with those outlined in Table 2. The fit
on the response spectra curve is fairly good. Two

calculated spectral values fall below the target curve
between 1 and 2 hertz. In the frequency range of interest
for nuclear power plant facilities (about 0.3 hz to 24 hz)
the response spectra from the artificial time history is
conservative. The average bias is about 14%, with a
coefficient of variation about 8.5%. This introduces
conservatism in the design of equipment using floor spectra
generated from the design time history, however, this
conservatism is extremely difficult to remove while
maintaining compliance with NUREG-0800 enveloping

_ Power Spectral Density

Frequency (hs)

Figure 3
Power Spectral Density for Artificial Accelerogram

and Target Power Spectral Density for DBE

criteria (e.g., no more than 5 points below target spectra).
The one sided power spectral density function fur this

artificial record is shown in Figure 3. The power spectral
density function has been smoothed ± 20% in accordance
with NUREG-0800 guidelines. That is, at any frequency
f, the average PSD is computed over a frequency band
width of ± 20 percent centered on the frequency f (e.g., 4
to 6 Hz band width for f=5 Hz). The target power
spectral density function compatible with the smoothed
design spectra is plotted as the smooth curve. NUREG-
0800, Appendix A, requires that the average one-sided
PSD should exceed 80 percent of the target PSD from 0.3
to 24 hz for acceptance. The PSD from the artificial
accelerogram meets these requirements. Below 0.3 hz, the
record is deficient in power, however, power below 0.3 hz
generally has no influence on stiff nuclear facilities such
that this apparent deficiency is inconsequential. Over the
remainder of the frequency range, the PSD resulting from
the artificial record is conservative.

Figure 4 shows the cumulative power spectral density
curve from the artificial record. Kennedy, [ 9 ] has shown
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that the frequency band for which 80% of the power is
contained is an important measure of potentially damaging
ground motion. For the artificial record generated for the
DBE motion, the cumulative power plot shows that the
overall frequency content for the record is good. The
cumulative power is small until about 0.3 hz, where the
power density increases rapidly until just beyond 1 hz. At
1 hz, there is a dip in the PSD, which shows up in the
cumulative plot as a leveling of the slope. Between 0.3 hz
and about 2 hz, the power content is fairly level. Above 2
hz, the rate of power increase begins to decrease until 90 %
of the total power in die record is consumed at about 4.5
hz. Note that about 80% of the power lies between 0.3 hz
and 5 hz.
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Figure 4
Cumulative Power Spectral Density for Artificial

Accelerogram for DBE

The time history acceleration trace is shown in Figure
5. Note that the time history trace can be easily identified
as being "artificial''.
NEAR-FIELD EARTHQUAKE

The total duration for the small magnitude near-field
earthquake was recommended by Tallman [ 5 1, to be less
than 3 seconds. For this short of a duration, die generation
of a relatively broad-banded response spectra such as that
shown in 1 is a challenge. It has been suggested by some,
that for small magnitude earthquakes (M < 4.0), a strong
motion duration may not exist.

The time-history generated to represent the NFE is
shown is Figure 6. The peak ground acceleration of 0.20 g
in «he record occurs at about 0.50 seconds. There are
several significant peaks.beforc the ground motion
attenuates quickly after about 1.5 seconds. The time
history was developed using an envelope function which
closely matches that obtained from the Melendy Ranch
Bear Valley 1972 (N29W) record. The Melendy Ranch
record was a Magnitude (Ms) 4.3 record and is typical of
small magnitude west coast events. The recording station
at Bear Valley was 6 km from the epicenter. The target
values used for the envelope function in generating the
NFE were as follows:

5 %
75%
85%
95%

Tl
Tl + 0 . 8 seconds
Tl + 1.1 seconds
Tl + 2.6 seconds

The resulting values are very close to the target
values. The total duration of die synthetic time-history, as
shown in Figure 6, is less than three seconds. The strong
motion portion of the record occurs between 0.25 and 1.15
seconds and is about 1 second long.

Tftffi (SECONDS1

Figures
Artificial Accelerogram for DBE

Figure 6
Time-History Trace for Artificial Record to Match NFE
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The power spectral density, and the corresponding
cumulative power spectral density are given in Figures 7
and S, respectively. The power spectral density in Figure
7 shows that the power in the artificial record is spread
fairly uniformly over the frequency ranges from about 2 hz
to about 18 hz. Then! is a peak in the PSD at about 3 hz.
There is a corresponding valley in the PSD at about 7 or 8
hz. These peaks and valleys were difficult to control, and
still achieve a reasonable fit to the target design spectra.
There is a factor of about 2.5 between in the peak PSD
value of about 0.08 (g2/sec) and the valley PSD value of
about 0.03 (g2/sec). Ideally, the power would be evenly
distributed between the frequency ranges of interest; that
is. between about 1 hz and 20 hz.
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Figure 7
Power Spectral Density for Artificial Record for NFE

FigureS
Cumulative Power Spectral Density of Artificial Record

(forNFE)

The response spectra from the record at 5 % of
critical damping given in Figure 9. The peak value of
spectral acceleration occurs at about 12 hz and is 0.81 g's
at 2% damping. This is about 20% greater than the target
spectral acceleration value of 0.68 g. Figure 9 compares
the spectra resulting from the artificial record to the target
spectra, the target spectra less 10%, and the target spectra
plus 20%. Because the small-magnitude near-field
earthquake is not typical of a broadbanded, long duration
event, the acceptance criteria were relaxed slightly from
that given in NUREG-0800 . The criteria used are those
given in the ASCE Standard 4-86 [ 10 ] . These standards
are met by the artificial record at all damping values with
one exception. ASCE 4-86, section 2.3. l(c) requires that
'no one point of the mean spectrum shall be more than
10% below the design spectrum." At 2% damping, there
is a dip in the response spectrum obtained from the
artificial record which falls below 10% of the design
spectrum below l.S hz, and again at about 3 hz. This dip
shows up in the 5 % damped, and 7% damped spectra, but
it is not as severe. This dip could not be avoided without
making the power spectral density more peaked than is
shown in Figure 3, and without adding additional
conservatism in the time history record. The additional
power needed to raise this dip in the spectra would increase
the peak of the record, as well as other frequency ranges.

*t

Figure 9
Response Spectra at 5% Damping Versus Target Spectra,

Target +20%, and Target -10%
(For NFE)
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NEAR-FIELD EARTHQUAKE INTO CIVIL
STRUCTURE MODELS (ANALYSIS)

Soil structure interaction analysis using DBE and NFE
artificial time histories were performed on the embedded
structure on the HWVP project. The computer program
FLUSH was used in the analysis. Results for the Design
Basis Earthquake were as expected. The analysis for the
NFE was unusual in that the control motion contains very
high frequencies up to 40 Hertz. Cut-off at u or 20 hz is
common for the SSI analyses. The finite element model
was designed to accommodated the higher frequencies,
however, FLUSH analysis on the soil column would not
converge at frequencies above 30 hertz. The rest of the
analysis was carried out with the highest frequency set at
30 hertz. Significant soil structure interaction effects were
observed in that all computed motions of the embedded
parts of the structure are smaller than the surface control
motion especially in the high frequency range of the
spectrum. Significant attenuation starts at 6 hertz and
above, at the ground level of the building as compared to
the free-field layer. The results of this preliminary
analysis raise a question as to whether a motion with such a
high frequency content is realistic for the soil profile found
at Hanford at the site of HWVP project. Further studies
are being planned in order to confirm this conclusion.

Summary

The results ot an analysis which generated artificial
time histories to fit given design response spectra were
presented. Two artificial records were generated. A single
synthetic time history was created which simulates a
Design Basis Earthquake, which is based on median
amplification factors from a NUREG/CR-0098 type spectra
(Figures 2 and 5). An additional artificial time history was
generated which simulates a Near-Field Small Magnitude
event (Figures 6 and 9). The near-field event is
characterized by shorter overall duration, and higher
frequency content. The resultant synthetic time histories
were shown to meet the U.S. Nuclear Regulatory
Commission's acceptance criteria for single design time
histories. Consistent with NRC criteria, the time histories
produce response spectra which are generally higher than
the target spectra, but have several points which fall
beneath the target spectra as shown in Figures 2 and 9.
Power spectral density plots were presented for each of the
records (Figures 3,4,7, and 8). These PSD show that the
power is fairly broad banded for each of the records.

Preliminary SSI analyses using the near-field
earthquake suggest that the soil column at the HWVP is
such that it will not transmit the high frequency motion
characteristic of the small-magnitude near-field earthquake.

Further studies are being investigated which will study the
effects the near-field earthquake has in the design phase of
active components and equipment.

REFERENCES

(!] M.P. Singh, "Seismic Design Input for Secondary
Systems", ASCE, Structural Engineering. February,
1980.

[2] A. Der Kiureghian , J.L. Sackman, and B. Nour-
Omid, "Dynamic Analysis of Light Equipment in
Structures: Response to Stochastic Input", ASCE,
Engineering Mechanics. February 1983.

[3] N.M. Newmark and W.J. Hall, Development of
Criteria for Seismic Review of Selected Nuclear Power
Plants, NUREG-CR 0098, U.S. Nuclear Regulatory
Commission., 1978

(4] D.W. Coats and R. C. Murray, Natural Phenomena
Hazards Modeling Project! Seismic H*?jrd Models for
Department of Energy Sites. UCRL-53582, Rev. 1,
Lawrence Livermorc National Laboratory, Livennore,
California, 1985.

[5] A. M. Tallman, "Natural Phenomena Analyses,
Hanford Site, Washington", Presented at the Second DOE
Natural Phenomena Hazards Mitigation Conference , 1989.

[6] U.S. Nuclear Regulatory Commission, Standard
Review Plan for the Review of Safety Analysis Reports for
Nuclear Power Plants. NUREG-0800, June 1987.

[7] D. Gasparini and E. Vanmarcke, Simulated Earthquake
Motions Compatible With Prescribed Spectra.
Massachusetts Institute of Technology, Department of
Civil Engineering, Publication No. R76-4, 1976.

[8] M. Shinozuka, T. Mochio, and E.F. Samaras , Power
Spectral Density Functions Compatible With NRC
Regulatory Guide 1.60 Response Spectra. NUREG/CR-
3SO9, U.S. Nuclear Regulatory Commission, Washington,
DC, June 1988.

[9] R.P. Kennedy, et. al., Engineering Characterization
of Ground Motion. Task I: Effects of Characteristics of
Free-Field Motion on Structural Response. NUREG/CR-
3805, U.S. Nuclear Regulatory Commission, Washington,
D.C., May 1984.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

353



(10] American Society of Civil Engineers, ASCE
Seismic Analysis nf -Safety-Related Nuclear

Standard for $f innjc
Analysis of Safety Related Nuclear Structures. ASCE
Standard 4-86, September 1986.

[11] Philippacopoulos, Recommendations for Resolution
of Public Comments on USI A-40. Seismic Design
Criteria. NURJBG/CR-5347. US Nuclear Regulatory
Commission, Washington, DC, April, 1989.

[12] E.O. Werner, "Transmission of Low-Magnitude
Seismic Excitation Into Hanford Site Structures',
Presented at the Second DOE Natural Phenomena hazards
Mitigation Conference -1989.

[13] Woodwaxd-Clyde Consultants, 1989.. Evaluation of
Seismic Hazard for Non-Reactor Facilities. Hanford
Reservation. Hanford. Washington. WHC-MR-0023,
prepared for Westingbouss Hanford Company by
Woodward-Clyde Consultants, Oakland, California. 1989.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

354



GROUTED SUPPORT PLATES IN REACTOR BUILDINGS AT THE SAVANNAH RIVER SITE:
FIELD INVESTIGATION, TESTS, AND SEISMIC EVALUATION

by Jagadish R. Joshi and Matthew E. Maryak
Westinghouse Savannah River Company

Savannah River Site
Aiken.SC 29808

ABSTRACT

The Wcsiinghoust Savai>rnh River Company (WSRC) conducted a seismic evaluation of the
grouted support plates i.i the reactot buildings at the Savannah River Site (SRS) in response
to issues raised from an earlier analysis. Researchers conducted the tests in a reactor building
that was no longer in use and transfeired the results to other reactor buildings. This paper
discusses tests, results, analysis, and modifications made to achieve seismic qualification.

INTRODUCTION

The support steel plates, attached to the bottom of the
concrete process floor slab in the reactor buildings at SRS,
provide support to the process water system (PWS) and the
cooling water system (CWS). The installation of the grouted
support plates took place soon after the construction of the
buildings in the late 195O. A subcontractor to Du Pont
analyzed the plates in 1988. In 1990 a second analysis by
Robert L. Cloud Associates, Inc. (RLCA), a consultant to the
Department of Energy, raised issues on the structural strength
oftheJ-boltedplaies.

WSRC initiated a pilot test program (Phase I) to respond
to the issues. A report on the program resolving the issues was
completed in December 1990.

Based on the results of Phase I, researchers developed a
test plan for the comprehensive approach to the seismic
qualification of all PWS and CWS plates. The upgrade had to
meet Seismic Category I load demand corresponding to
Regulatory Guide (RG) 1.60 spectra when anchored at a peak
ground acceleration of 0.20g; this was in accordance with the
interim seismic requirement called the Charlotte Criterion.
The program included pulling the plates in tension in a reactor
building (105-R). which was no longer in use and performing
material testing (such as on concrete).

The comprehensive test program was completed in March
1991. The results were summarized with an overview on how
the tests provided the basis for seismic qualification of the
grouted support plates. WSRC is performing modifications to
eight plates to meet the acceptance criteria for seismic qualifi-
cation.

SCOPE

The grouted support plates provide partial support to the
piping network for the PWS and CWS in the reactor buildings.
The grouted support plates vary in
• size—from 1 '-0" X 1 '-0" to4'A" X4-10"
• number of J-bolts per plate—from 2 to 8
• diameter of the J-bolts—either 3/4 or 1 inch

The program investigated and qualified 184 grouted sup-
portplates(64PWS; 120 CWS). Of the plates investigated, the
PWS plates have shear or tensile loads, and the CWS plates
have tensile loads. The program found 62 Type 2 CWS plates
that were two-bolted.

The study was primarily concerned with evaluating the
J-bolts that supported tensile loads.

k- QUIREMENTS AND ACCEPTANCE CRITERIA

The reactor restart procedures at SRS require the evalua-
tion of Seismic Category I structures, systems, and equipment
for a design basis earthquake (DBE) event (equivalent to the
Nuclear Regulatory Commission (NRC) safe shutdown
earthquake), corresponding to NRC RG 1.60 when anchored to
a free-field, zero-period ground acceleration of 0.20g. The
guidelines consider using the damping values in RG 1.61 or
American Society of Mechanical Engineers Code Case N-411
for calculations acceptable.

Concrete and Steel

SRS structural design criteria (SDC) [1] requires the
available capacity of concrete and steel members or compo-
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Table 1. Design Loads on PWS Plates

Plate

8 Bolted

3 & 4 Way Support

0"X22"X52")

4 Bolted

3 & 4 Way Support

0"X24"X24")
4 Bolted

Elbow Trunion

d"X18"X18")

4 Bolted

3 & 4 Way Support

(1"X14"X22")

2 Bolted

Sepiifoil Support

(,rX12"X12")

Fx

17

192

4487

2737

755

Total Loads at Center of Gravity

Fy

9316

13581

530

5026

1140

Fz

5352

1331

45

40

•

Mx

6388

0

3346

1986

-

My

605

10

2617

1160

•

Mz

1125

0

33860

1508

•

All loads are in lbs; all moments arc in in.-lbs.

nents to be calculated according to ACI-349 [2] and two
American Institute of Steel Construction documents. [3] [4]
The SRS SDC provides loading combinations with the load
factor for a DBE event at 1.0.

J-Bolts

To calculate the available tension capacity of the J-bolts,
researchers based the capacities of die J-bolts on a 98-perccnt
confidence level that they would equal or exceed the tested
capacities. They used the best fit with a log-normal distribu-
tion of the yield capacity per bolt to calculate an available
tension capacity of 13.0 kips.

The available shear capacity of a J-boltiscalculatedon the
basis of the shear friction concept found in ACI-349 [2].

Vb = 0.7Tb (1)

where,
Tk = available tension capacity of bolt
Vb = available shear capacity of bolt

This equation gives an available shear capacity of 9.1 kips.
However, the nearly limitless edge distance and the relatively
shallow depths oi the J-bolts, ensure that the bolts will fail
because of tension before failing because of shear.

When both tension and shear loads on J-bolts are signifi-
cant, a linear tension and shear interaction is used. Analysis

used two different equations to determine the factor of safety
ofaJ-bolt. If the shear wassmali (50.3), then analysis used the
following equation:

if ^ -
V

(2)

then FS = - ^
tb

However, if the shear was not small (2 0.3), they used the
following equation:

if -^->0.3,
V

(3)

where,
FS = factor of safety of a bolt

t̂  = calculated maximum tension load on the boh
vb = calculated maximum shear load on die bolt
Tb = available tension capacity of bolt, 13.0 kips
Vb = available shear capacity of bolt, 9.1 kips
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DESIGN LOADS

PWS and CWS system analysis performed under separate
projects provided demand leads on the plates, which analysis
used to calculate the tension loads on the J-bolls. Analysts
calculated the tension loads for CWS plates where an uplift
load can exist with the following equation:

(4)

where,
tc = tension loads of the CWS plates
w = dead weight
s = seismic load on the support
h = thermal load, if any

Tables 2 and 3 summarize the demand loads fo»- CWS
plates.

PHASE I TESTS

(pullout) test on a PWS plate. The tests in Phase II agreed with
the results of Phase I.

The brief notes on the design drawing did not contain
information on the J-bolts installation, which happened after
the concrete floor was cast. The pilot test program, however,
provided insight into how the plates were installed
• Concrete was chipped to expose the first (bottom) layer of

reinforcing steel of the bottom mat for the slab.
• The bottom surface of the second (top) layer of reinforcing

steel was exposed.
• Pockets were chipped in the J-bolt locations above the

reinforcing bar.
• J-bolt hooks were wrapped around and welded to the

reinforcing bars.
• Grcut was hand packed in the deeper excavated parts
• The plate with drilled holes was welded to the other end of

J-bolts.
• Grout was packed in the remaining excavation above the

plate.

Phase 1 primarily consisted of investigative excavations of Figure 1 illustrates a typical arrangement of a j-bolted
one CWS and six PWS plates and a capacity assessment plate.

Second Layer of Steel
(From Bottom) Initiating

Failure Surface
in Concrete

Elevation -6.0'
or Elevation -4.0'

Interface Between
Grout and Concrete

J-Bolt to Reinforcing Bar Hook Detail

Figure 1. Schematic fora Grouted Plate with J-Bolts
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Table 2. Design Loads for the K Reactor CWS

PUie

1A
IB

1E&1F
1G&1H
IK AIL
1M4 1N
1O41P
1Q41R
1UA1V
1W41X

2A.2B.42C
2D.2E.ft2F

3LA3M
2GA2H
2KA2L
2M42N
2O42P
2QA2R
2S42T
2UA2V
2X42Y
3BA3C
3D*3E
3H*3I
3N430
3P43Q
3R*3S
3T43U
3V4 3W
3X43Y
3Z44A

Gravity Load
FY

8195
2227
7837
7340
810!
7288
7882
7183
785S
8423
6027
6414
8400
8200
7700
340
6800
7501
9100
7800
6800
8400
7300
7700
6800
6249
6303
6692
mrt
6798
1S3S2

Seismic Loads

7419
2590
482$
3481
6570
5201
5721
3492
9479
4280
6014
4307
5800
4400
4800
2900
3200
8400
4600
6100
2700
4400
4200
6800
7800
1317
2347
4833
4783
2801
6626

TOTAL LOADS
Support | Plus

15614 7807
4817 • 3522
12665 6333
10821 5410
14671 7336
12489 6245
13606 6804
10675 5338

17352* 12595
12703 6532
12041 6020
10721 5360
14200 7100
12600 6300
12500 6250
3240* 1790
10000 SOOO

15900* 11700
13700 6850
13900 6950
9500 4750
12800 6400
11500 57.50
14500 7250

14600* 10700
7566 3713
8650 4325
11525 5762
13006 6503
9599 4799

21978 10988

An bids v e i n lbs.
* Uplift loid can exist

During the plate tension tests, a cone extending from the
top of a J-bok caused the initial rupture in the surface (either
from punching shear or diagonal tension of the concrete). The
grout remained bonded to the separated concrete. Researchers
did not find any yielding of the J-boltorof the reinforcing bars,
nor did they find distress at the we'd between the J-bolts and
support plate.

The bond between grout and concrete was not a control-
ling factor in the tension capacity of the J-bolts or the plates.
TheyieldcapacityoftheJ-bolttoplateassembly.incorporating
the weld between them, was significantly higher than the
maximum analytical demand load on the anchorage.

The strength of the plate obtained in the pullout test
significantly exceed the strength predicted on the bond be-
tween the grout and concrete. The earlier predictions did not
incorporate the effect of the J-bolts attachment to the reinforc-

ing bars, which not only contribute to the strength, but also give
the plate in tension a ductile behavior.

The tests answered a concern about the possible negative
effects that welding J-bolts to reinforcing bars may have had—
the weld had no effect on the capacity of die plates.

Analysts also found that the number of J-bolts on the PWS
plates coincided with the design drawings.

PHASE II TESTS

Phase II tests included tension tests on three PWS and
three CWS plates; Figure 2 illustrates the typical arrangement
for the plate tension tests. Figure 3 provides a typical load-
displacement plot from the tension test.

Because concrete strength significantly affects the strength
of the grouted support plates, researchers took concrete core
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Table 3. Design Loads for the K Reactor Effluent Cooling Water

Plate*

1C41D
4B44C
114 U

4D*4E
4F*4G
1M4 1N
1YA1Z
IS A IT
4HA4I
21A 21
4J44K
4L44M
4N44O
4P44Q
3F4 3G
4R44S
2Z43A

Gravity Loads

FY

80S?
8360
10438
7396
4176
9S24
4940
9353

0
7400
5823
9132
918

10773
2505
9032
9555

Seismic Loads

533S
3855
3645
6604
3417
6601
S124
7497
4298
5896
2457
4201
3673
7298
5201
6447
7152

TOTAL LOADS

Suppon

13478
12321
14695
14126
7668
16241

15247*
17376
«298
13348
8449
13469
6426*
18720
7821
15659
16826

Plate

6739
6161
7348
7063
3834
8121
7623
8688
2149
6674
4225
6735
3213
9360

3911
7830
8413

All toads an in lbs.

* Uplift load can exist.

Concentric Center of Gravity for
J-Bolu & Attachment

ROOT Slab

.Elevation -6.0'
Elevation -4.0'

Measuring Tape with a Hock —afr-
it Top and Additional Weight
at Bottom

Liour Vuubfe
Dirakcmem Tnnsduoan

Testing Rit to be Located in Plan at 45° (t 15°)
to Longitudinal and Tranivtne Directions

Figure 2. System for Plate Tension Test in R Reactor
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samples in both the K and R reactor buildings. Researchers
used the results of the concrete cores to transfer the results
between the buildings.

Researchers found that the Type 2 CWS plates had only
two J-bolts per plate instead of the four specified by the design
drawings. To identify the number and the location of J-bolts,
researchers performed a UT examination of most support
plates in the K Reactor building (10S-K).

Researchers obtained the available tension capacity of the
J-bolts in the R Reactor building by analyzing the results of
the six plate-tension-test in Phase II and the capacity
assessment test in Phase I. Based on a 98-percent confidence
level, researchers calculated the capacity using the best fit
with a log-normal distribution of the yield capacity per bolt in
R Reactor and transferred the results to K Reactor.

ANALYSIS

From analysis of the results, analysts of the UT examina •
tion obtained the maximum loads on J-bolts. The factor of
safety for the J-bolt and the plate is calculated according to
equations 2 and 3. The calculated factors of safety for the PWS
and CWS plates, are givui in tables 4 and 5, respectively

One eight-bolted PWS and seven CWS two-bolted plates
did not meet the acceptancecriteria. WSRC is modifying those
plates. (The factors of safety for these plates in tables 4 and 5
are for the unmodified configuration.)

DISCUSSION OF TEST RESULTS AND ANALYSIS

Available Capacity in Tension of J-bolts in 105-R

Researchers statistically analyzed the tension test dam on
plates in the abandoned reactor building, 10S-R. The yield load
capacity per J-bolt, which was obtained by dividing the yield-
ing load on the plate in tension by the number of bolts in the
plate, provided the basis for arriving at the available capacity of
the bolls (13.6 kips).

The load displacement plots show that the J-bolts in pla'Ds
under tension exhibit a distinctly ductile behavior, and analysts
considered them as ductile concrete structure.

Transfer of Results to 105-K

The concrete strengths in the two reactor buildings and the
known similarity in the design and installation of J-bolts in the
two reactor buildings provided the basis of the transfer and
application of results in R to those in K. The reduction factor
(0.965) was taken from the following equation:

where,
r ^reduction factor
K=comprcssive strength of concrete in K Reactor
R=compressive strength of concrete in R Reactor

(5)

V "

ao oi <u 04 o j a* CJ oj o.« i xi n 1.2
DEF (INCHES)

Figure 3. Typical Load Displacement Plot for Plate Tension Test
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Table 4. J-Bolt Factor of Safely for PWS Plates

Fisie

A
B
C
0
E
F
C
H
|
j

I.
L
M
N
0
P
Q
R
S
T
U
V
W
X
Y
Z

AA
BB
CC
DD
EE
FF
GG
HH

n
n

KK
LL
MM
NN
OO
»
QQ
RR

Maximum
Boll Tension

(tips)

4,12
5.19
6.33
4.38
5.26
5.33
5.13
S.95
S.S2
5.68
4.61
6.76
1.99
23
2

1.9
2.18
133
1.1

3.81
335
2.51
2.51
3.37
3.37
33
1.1

2.147
1.463
1.12

1383
1.225
1.015
1.48
1.91
1.43
0.94
0.89
4.78
5.8

7.75
9.53
7.1

7.41

Maximum
Bolt Shew

(kips)

038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
038
1.42
1.42
1.42
1.42
1.42
1.42
0.76
0.76
0.76
0.76
0.76
0.76
0.76
0.76
0.76
0.76
0.76
0.76
1.78
1.8

2.14
Z69
134
1.84

Maximum Tension/
Available Tension

<Up»)

032
0.40
0.49
0.34
0.40
0.41
0.39
0.46
0.42
0.44
0.35
0.52
0.15
0.18
0.15
0.15
0.17
0.18
0.08
0.29
0.26
0.19
0.19
0.26
0.26
0.15
0.08
0.17
0.11
0.09
0.11
0.09
0.05

an
ats
an
0.07
0.07
037
0.45
0.60
0.73

ass
0.57

Minimum Shew/
Available Shear

(tips)

0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.04
0.16
0.16
0.16
0.16
0.16
0.16
0.08
0.08
0.08
0.08
0.0S
0.08

ao»
0.08
0.08
0.0S
0.08
0.08
020
020
024
030
0.15
020

Factor
of

Safety

3.16
2.50
2.05
2.97
2.47
2.44
2.53
2.18
236
2.29
2.82
1.92
6.53
5.65
6.50
6.84
5.96
5.58
11.82
3.41
3.88
5.18
S.18
3,86
3.86
3.94
11.82
6.05
189
11.61
9.40
10.61
12.81
8.78
6.81
9.09
13.83
14.61
2.72
224
1.68
136
1.83
1.75

Factor of safety for modified plates to be competed after ifutallation.

Available Capacities in Tension and Shear of J-boUs in
K Reactor

The available capacity per bolt in tension in 105-K was
found to be 13.0 kips by reducing the corresponding value in
10S-R. Based on shear friction concept the available capacity
per bolt in shear in 10S-K was found to be 9.1 kips. For the
combined tension and shear condition, analysts used a bilinear
interaction (equations 2 and 3).

Factors of Safety

PWS and CWS plates were analyzed for the loads com-
puted for the Seismic Category I requirements on the systems
using floor response spectra. Factors of safety were computed
by comparing the calculated maximum loads on the J-bolt with
the available capacities of J-bolis in 10S-K. Analysts deemed
modifications to plate design necessary when the calculated
factor of safety was less than or close to unity.
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Table S. J-Bolt Factor of ?sfety for CWS Plates

Plate

1A
IB
1C
ID
IE
IF
1G
1H
11
U
IK
1L
1M
IN
10
IP
1Q
1R
IS
IT

1U*
IV*
1W
IX
1Y
12
2A
2B
2C
2D
2E

Maximum
Tension

per
BoltsQdps)

6.87
3.69
3.88
4.73
5.29
5.72
4.61
3.18
6.39
4.97
4.88
3.71

5.322
5.322
4.96
4.9
3.56
4.24
4.39
3.56

20.63
12.49
5.39
4.63
3.15
3.52
3.04
4.04
6.42
3.01
2.86

Factor
of

Saftey

1.89
3.52
3.35
2.75
2.46
2.27
2.82
4.09
2.03
2.62
2.66
3.50
2.44
2.44
2.62
2.65
3.65
3.07
2.96
3.65
0.63
1.04
2.41
2.81
4.13
3.69
4.28
3.22
2.02
4.32
4.55

Plate

2F
2G
2H
21
2J
2K
2L
2M
2N
20
2P

2Q*
2R*
2S
2T
2U
2V
2X
2Y
22
3A
3B
3C
3D
3E
3F
3G
3H*
31

3J*
3K*

Maximum
Tension

per
Bolts(kips)

5.87
4.46
4.55
4.98
4.27
6.46
3.77
1.91
1.82
4.19
3.2

11.08
17.61
4.93
4.76
3.66
4.18
3.69
3.97
4.78
5.76
3.6
4.3

4.13
4.71
2.89
2.82
11.1
7.72
15.25
12.83

Factor

Of
Safety

2.21
2.91
2.86
2.61
3.04
2.01
3.45
6.81
7.14
3.10
4.06
1.17
0.74
2.64
2.73
3.55
3.11
3.52
3.27
2.72
2.26
3.61
3.02
3.15
2.76
4.50
4.61
1.17
1.68
0.85
1.01

Factor of safety for modified plates to be computed after installation.

The minimum factor of safety calculated for unmodified
plates was 1.67. With respect to the capacity of J-bolts
corresponding to the peak load on tested plates, the minimum
factor represents a margin of about 2. For most plates the
margin is significantly higher.

Installation of J-Bolts

The inspection of eight plates and the tension tests on
seven plates confirm that the plates generally coincide with the

design drawings. Although the spacing of the J-bolts is
irregular,thesizeandnumberofJ-boltsonplatesareperdesign
drawings, with the exceptions cited in the next paragraph.

Lightly loaded plates that wereoriginally designed to have
four bolts were changed to two bolts during the construction
phase of the project. Because of the disagreement, researchers
further investigated the PWS plates and sixty Type 2 CWS
plates.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

362



Excavation of grouted plates indicated that uie original
chipping in the ceiling, used in installation of the grouted
plates, generally exposed the first (bottom) layer of reinforcing
steel in the bottom mat of reinforcing bars. In the areas where
the J-bolts were to be installed, the bottom surface of the
second (top) layer of reinforcing steel in the bottom mat was
generally exposed and then pockets were chipped behind the
reinforcing bar. Excavation of plates generally revealed uni-
formity in chipping of concrete, installation of J-bolts, welding
of J-bolts, and grouting.

UT Examination

Because of the discrepancy in the number of J-bolts,
researchers conducted an extensive program of UT examina-
tion. The results of the examination were used in the analysis
and qualification of grouted support plates.

Tension Tests On Reinforcing Bars

The tests proved that the welds between the J-bolts and the
reinforcing bars did not significantly affect the strengths and
ductility of the reinforcing bars

J-Bolts To Plate Weld

Tensile tests on the grouted plates showed no distress at
the welds between the J-bolts and the plates. Analysts consider
the weld structurally adequate.

Stiffness of the Support Plates

Calculated stiffness of the tested grouted support plates,
which corresponds to the maximum calculated demand load on
the plate (plate tension load of 8.14 kips per bolt), exceeds 1.0
million pounds per inch deflection. Industry standards con-
sider the plate deflection rigid; therefore, no evaluation of the
impact of large displacements on the system response is
required.

Minimum, Calculate^ Facjft•• flf Safety

All grouted support plates that provide support to selected
portions of PWS and CWS piping have been seismically
qualified. The factors of safety calculated with respect to the
available capacity of J-bolts, based on the yielding load on
plate in tension, exceed 1.68, which corresponds toa margin of
2.0 on the peak capacity. Most plates have a factor of safely
that is significantly higher than die minimum value.

CONCLUSIONS

Based on the demand loads, test results, analysis, discus-
sicn, and the calculated factors of safety, analysts concluded
that die grouted support plates in 105-K meet die acceptance
criteria for seismic qualification of Seismic Category I struc-
tures and systems. Eight plates did not originally qualify, and
WSRC is modifying them.
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PARAMETRIC STUDY OF ROOF DIAPHRAGM STIFFNESS REQUIREMENTS

W. Dale Jones and Michael A. Tenbus
Martin Marietta Energy Systems, Inc.

Oak Ridge, TN 37831

ABSTRACT
A common assumption made in performing a

dynamic seismic analysis for a building is that the
roof/floor system is "rigid". This assumption
would appear" to be reasonable for many of the
structures found in nuclear power plants, since
many of these structures are constructed of heavily
reinforced concrete having floor/roof slabs at
least two feet in thickness, and meet the code
requirements for structural detailing for seismic
design.

The roofs of many Department of Energy (DOE)
buildings at the Oak Ridge Y-12 Plant* in Oak Ridge,
Tennessee, have .roofs constructed of either metal,
precast concrete or gypsum plank deck overlaid with
rigid insulation, tar and gravel. In performing
natural phenomena hazard assessments for one such
facility, it was assumed that the existing roof
performed first as a flexible diaphragm (zero
stiffness) and then, rigid (infinitely stiff). For
the flexible diaphragm model it was determined that
the building began to experience significant damage
around 0.09 g's. For the rigid diaphragm model it
was determined that no significant damage was
observed below 0.20 g's.

A Conceptual Design Report has been prepared
for upgrading/replacing the roof of this building.
The question that needed to be answered here was,
"How stiff should the new roof diaphragm be in
order to satisfy the rigid diaphragm assumption
and, yet, be cost effective?11. This paper presents
a parametric study of a very simple structural sys-
tem to show that the design of roof diaphragms
needs to consider both strength and stiffness
(frequency) requirements.

This paper shows how the stiffness of a roof
system affects the seismically induced loads in the
lateral, vertical load resisting elements of a
building and provides guidance in determining how
"rigid" a roof system should be in order to
accomplish a cost effective design.

Managed by Martin Marietta Energy Systems, Inc. for the U.S. Department
of Energy under contract DE-AC05-840R21400.
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INTRODUCTION/BACKGROUND
A Conceptual Design Report

(CDR) has been prepared for
Building 9206 at the Y-12 Plant.
The COR addresses the need to bring
this facility into closer
compliance to the DOE General
Design Criteria, 6430.1A, for
natural phenomena hazards
reduction. Part of this CDR
involves replacing the existing
roof system. The existing roof
consists of concrete roof panels
2i-o" wide by S'-g" long that are
supported by purlins running 8'-9"
on centers normal to the direction
of the concrete roof panels. The
concrete panels, which are not
shear connected to the purlins and
to each other, are 2 3/4" deep, and
overlain with a built-up tar and
gravel roof. The only lateral
force resisting elements of
Building 9206 consist of steel
columns and beams infilled with
unreinforced masonry hollow clay
tile walls (HCTW) . The beam to
column connections are AISC Type 2,
non-moment resisting; hence, the
HCTWs act as shear walls to resist
lateral forces.

Building 9206 is approximately
260 feet long north-south by 165
feet wide east-west. It has a two
story center section, approximately
120 feet long by 165 feet wide,
bounded on the north and south by
one story sections that are
approximately 60 feet long by 165
feet wide and 80 feet long by 165
feet wide, respectively. A
schematic of Building 9206 is shown
in Figure 1. With the exception of
some minor modifications and the
rearrangement of some internal
walls, there have been no major
changes to Building 9206 since it
was originally constructed in 1944.
The roofs of the three sections are
as described above. The second
floor of the center section is a
reinforced five (5) inch thick
concrete slab. Column lines are
spaced 20 feet on centers north-

south and 26 feet on centers east-
west.

-A-HOU0WCUV

PLAN

ELEVATION

Figur* 1: Schematic of Building
9206

Prior to the CDR work several
analyses had been completed to
support the Y-12 Plant Safety
Analysis Program for this facility.
The first analytical study was to
determine damage scenarios as a
function of peak ground
acceleration and wind velocity up
to predicted collapse of the fa-
cility. Because the existing roof
system, which was not shear
connected to the purlins, was
considered to be very flexible,
only planar, two dimensional models
representative of each column line
were used to determine the
building's response. The
unreinforced HCTWs were modeled
using membrane plate elements. The
analysis results indicated that the
fundamental frequencies of these
models (column lines) ranged from
2.9 to 21.0 Hz. The results also
indicated that the low frequency
(weak) column lines would start to
collapse at about 0.08 g's peak
ground acceleration with failure
progressing to the higher frequency
(stronger) column lines such that
total damage (>80% and not
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reusable) to the building's
structure was expected to occur at
about 0.16 g's. The wind analysis
indicated that severe damage to the
roof structure would occur at about
90 mph. The roof damage was due to
uplift because the concrete roof
panels were not connected to the
purlins.

At the time the CDR work was
initiated, a feasibility study was
performed to basically reinforce
the more flexible (weak) column
lines and to tie the roof down to
prevent uplift. Due to the
congestion of pipes and equipment
it was considered too difficult to
get to the underside of the roof to
add tie downs and/or horizontal
diagonal braces, and because of the
effect construction would have on
operations, it was decided to
extend the feasibility study to
include replacing the entire roof.

At this point it became clear
that the building response would
have to be recalculated based on a
more rigid diaphragm design. For
this analysis a simple ''stick"
model was used where the properties
of the model were computed based on
the geometry of the unreinforced
HCTWs and assuming the roof as an
infinitely stiff diaphragm. The
results of this study indicated
that none of the HCTWs were now
overstressed due to the
redistribution of forces. The
fundamental frequency of the
building, for this case, in each of
the two horizontal directions, was
16.3 hz N-S and 19.2 hz E-W. From
this study it was clear that
replacing the roof would not only
fix the tie down problem but, by
adding diaphragm stiffness, might
alleviate the necessity of
retrofitting (reinforcing) the
HCTWs. However, to satisfy the
need to finish the CDR the roof was
designed based on a recommendation
contained in Ref. [1]. A four (4)
inch thick lightweight slab was
selected, and cost estimates made

for inclusion into the CDR. For
this purpose it was assumed that
the slab would satisfy the "rigid*1

diaphragm assumption; thus, no
retrofit costs for the HCTWs were
included in the CDR.

With the CDR finished it was
decided to do a simplified
parametric study to provide
guidelines for selecting a trial
design for a diaphragm or to
determine if existing roof or floor
systems qualify as a rigid
diaphragm. Finally, the guidelines
were used to assess the capability
of the selected 4 inch roof slab to
provide the necessary stiffness and
strength to distribute the forces
as assumed by the "rigid" diaphragm
solution; and to determine if a
more cost effective solution could
be obtained. This paper presents
the results of the study.

COMPUTER MODEL
The geometry for the single

story computer model is shown in
Figure 2. The model has three
degrees of freedom, *t, ex, and 6
with ground motion input along the
Z-axis. The column lines and roof
diaphragm were modeled with simple
steel beams. Four models, A-D,
were selected as shown in Table 1.
For model A the properties for the
two exterior columns, which were
assumed fixed at Nodes 10 and 30,
and the interior column (fixed at
Node 20), were selected to
represent a typical exterior and
interior column line frequency of
Building 9206. Again, for these
calculations, the existing roof was
assumed to be a flexible diaphragm.
Model A also represents a building
with stiff (15.3 hz.) exterior
column lines and flexible (1.88
hz.) interior column lines. Model
B was chosen to represent flexible
exterior and stiff interior column
lines. Model C represents all
stiff column lines and Model D all
flexible column lines. For all
models the column properties were
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held constant while the properties
of the diaphragm beam were varied
to create a simple beam frequency
which ranged from 0.25 Hz. to
infinity. Considerable of thought
was given on how to compute the
properties of the diaphragm beam.
Since Building 9206 had stiff
exterior and flexible interior
column lines, it was decided to use
a simple pinned-pinned beam
spanning between exterior columns
(50 feet) and compute (by hand) its
properties assuming a uniform load
of 300 lbs per foot (i.e., the
interior column was assumed to have
zero lateral stiffness).

was computed assuming equal
displacements for all columns. For
both cases the mass was lumped at
the top of the columns.

TABLE 1
BASIC MODEL PARAMETERS

n
0
o
E
L

A

B

C

0

COLUMN M

EXTERNAL
COL.

SIZE
WI4X739

WV4K43

HUX73S

MMX43

FORMATION

MTERNM.
COL.

S Z E
UV4X43

MMK73B

UV4K73S

WI4X43

FREQUENCIES

FLEXMLE
OMPHRAOn

EKTR

HZ
S 3

ZJBS

tS.3

ZJSS

INTW

HZ
tee
IBM

RHMO

SVS

HZ
«.9

7.B9

133

2.30

Figure 2: Computer
Parametric Study

Model for

The frequencies in Table 1,
computed for the columns for the
flexible diaphragm case, assumed a
tributary length of the diaphragm
of 12.5 feet for the exterior
columns and 25 feet for the
interior columns for determining
the column masses. For the rigid
diaphragm case the system frequency

NUMERICAL ANALYSIS
The analyses used GTSTRUDL on

a DEC micro-vax. The response
spectrum approach was used to
calculate deflections, forces, and
reactions. A median response
spectrum per NUREG/CR-0098 for 7%
damping and a peak horizontal
ground acceleration of 1.0-g was
used in the analysis. The
following tabulation gives the
acceleration and frequency at the
transition points on the curve.
Figure 3 is a plot of this response
spectrum.

Accel.
G's

0.048
0.293
1.887
1.887
1.000
1.000

Freq.
Hertz

0.100
0.248
1.599
8.000

33.000
100.000

RESULTS OF PARAMETRIC STUDY
The results are presented in

Table 2. For each Model A-D,
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Figure 3: Response Spectrum used
in Parametric study

results are presented for twelve
diaphragm beam frequencies from
0.25 Hz to infinity. The results
for the infinite case, which were
hand computed and represents the
ideal goal for this study, are also
presented in Table 1 as previously
noted. The frequencies vs maximum
columns moments are plotted for
each model in Figure a . For Models
A, C, and D, the exterior column
moments were plotted, and for Model
B, the interior column moments.
For Model A, which has stiff
exterior columns and a flexible
interior column, column moments
closely approach the infinitely
stiff diaphragm case when the
pinned-pinned diaphragm beam
frequency equals the frequency of

the stiff column line frequency of
15.3 Hz, which was computed
assuming a flexible diaphragm
(Table 2). A similar observation
is also true for Model B, which has
flexible exterior columns and a
stiff interior column, at a
diaphragm beam frequency of 10.8 Hz
which is the stiff column line
frequency. For Model C, which has
all stiff columns, column moments
reached approximately 90% of the
rigid diaphragm goal at a diaphragm
beam frequency of 15.3 Hz. Model
D, which has all flexible column
lines, indicates that approximately
85% of the rigid diaphragm goal was
reached at a diaphragm beam
frequency of 2.65 Hz. To better
illustrate this, the data in Table
2 has been replotted in Figures 5,
6 and 7 in a normalized, non-
dimensional form. Here the ratios
of the maximum column moment
computed for each diaphragm beam
frequency to the maximum column
moment computed for the infinite
diaphragm beam frequency are
plotted against the ratios of the
diaphragm beam frequency to maximum
column frequency for each model.
The ordinates represent the
percentage of obtaining the maximum
column moment for the rigid
diaphragm affect as the diaphragm
frequency varies with respect to
the maximum column frequency.

To recap, Model A simulates
Building 9206, i.e., very stiff
exterior column lines (all bays
infilled with HCTWs) and flexible
interior column lines (few or no
infilled bays). For the very
flexible diaphragm, Model A01, the
maximum moments and shears are
carried by the most flexible
column. For the rigid diaphragm,
Model A12, the stiffer exterior
columns have the largest moments
and shears. This observation
agrees with the earlier planar, two
dimensional model studies to
determine damage scenarios.
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TABLE 2
RESULTS OF PARAMETRIC STUDY

M
0
D
E
L

ID

A01
AO2
AO3
A04
AO5
A06
A07
A08
AO9
A1O
All
A12

BO1
BO2
BO 3
B04
BO 5
BO6
BO7
BO8
BOS
BIO
Bll
B12

Diaph.
Beam
Freq.

First
Mode,
Hertz

0.25
0.50
1.01
3.02
5.04

10.07
15.11
20.15
33.24
50.37

100.73
Infinite

0.25
0.50
1.01
3.02
5.04

10.07
15.11
20.15
33.24
50.37
100.73

Infinite

System

Freq.

Hertz

1.30
1.75
2.07
3.45

96
72
08

9.73
10.36
10.59
10.72
10.92

4.
7.
9.

50
62

3.55
5.04
6.17
7.27
7.55
7.65
7.73
7.76
7.78
7.89

Maximum

Displ.

Inchej.

11.022
6.756
5.200
1.942
0.941
0.376
0.243
0.196
0.160
0.149
0.142

9.216
3.253
1.988
1.100
0.705
0.418
0.355
0.333
0.315
0.309
0.306

Column

Kip-Ft.

Extr
Joint
10/30
65.7
75.2
94.9
182.7
218.2
256.0
255.2
251.8
247.6
245.8
244.6
242.5

Moments

Kip-Ft.

Intr
Joint
20

258.
333

82.7
104.0
105.7
59.0
37.5
22.2
18.9
17.7
16.8
16.4
16.3
16.0

276.4
103.2
50.0
20.0
12.9
10.4
8.5
7.88
7.52
7.26

234.7
250.2
238.0
341.6
434.7
514.5
527.1
530.6
533.0
533.7
534.0
534.1

Column Benuing
stress

KSI
Extr
Joint
10/30

0.62
0.71
0.89
71
05
40
40
36
32
30

2.29

15.83
19.90
20.23
11.29
7.18
4.25
3.62
3.39
3.22
3.14
3.12

KSI
Intr
Joint
20

49.45
63.81
52.90
19.75
9.57
3.83
2.47
.99
.63
,51

1.44

2.
2.
2,
3.
4.
4.

.20

.35

.23

.20

.08

.82
4.94
4.97
.00
.00

5.01

Max.
Beam

Moments

Kip-Ft.

Mom Y

37.65
42.47
48.72
108.8
144.6
159.3
158.8
158.1
157.3
157.0
156.9

C01
C02
C03
C04
C05
C06
C07
C08
C09
C10
Cll
C12

D01
D02
DO 3
D04
D05
D06
D07
D08
D09
D10
Dll
D12

0.25
0.50
1.01
3.02
5.04

10.07
15.1.1
20.15
33.24
50.37
100.73

Infinite

1.
3.
5.

56
06
65

9.79
10.75
11.86
12.39
12.66
12.92
13.01
13.07
13.27

8.904
2.404
0.725
0.196
0.161
0.126
0.109
0.100
0.092
0.089
0.087

76.7
79.9

0.25
0.50
1.01
3.02
5 04

10.07
15.11
20.15
33.24
50.37

100.73
Infinite

1.
1.
1.
2.

.27

.69

.91

.18
2.24
2.27
.28
.28
.28
.28
.28

2.
2.
2.
2.
2.
2.30

11.35
.238
.883

4.201
3.814
3.621
3.583
3.570
3.559
3.555
3.553

83.
80.
89.9

119.7
135.0
141.9
147.9
149.9
151.1
150.4

242.1
257.2
290.4
315.8
282.7
221.4
190.6
175.5
161.0
155.
152.

0.72
0.75
0.78
0.75
0.84

12
27
33
39
41

150.4
1.42

2.27
2.41
2.72
2.96
2.65

08
79
65
51
46
43

72.6
88.9

110.6
169.6
181.5
187.0
188.0
188.
188.
188.8
188.8
188.7

254.3
346.7
312.7
223.3
202.8

.4

.7

192
190
189.8
189.2
189 0
1K8.9
188.7

13.89
17.01
21.17
32.46
34.74
35.79
35.98

36.11
36.13
36.13

48.67
66.35
59.85
42.74
38.81
36.84
36.46
36.33
36.21
36.17
36.15

37.63
39.26
40.95
28.01
33.59
47.54
53.61
57.31
60.38
61.37
61.93

32.65
31.49
41.62
68.16
74.02
76.60
77.08
77.24
77.38
77.42
77.45
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Figure 4. Plot of column moments versus diaphragm frequencies
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ROOF DIAPHRAGM DESIGN STUDY
This design study is based on

results consistent with Models A-D.
The first step was to compile, from
the numerical analyses, the
displacements of the roof diaphragm
beam for the nodes shown in Figure
2 for all models. The
displacements relative to the e;ids
of the diaphragm (at the exterior
columns) were then determined. The
largest relative displacement was
typically at the center, Node 90.
Next, to obtain a static equivalent
load for design, the average
diaphragm acceleration, which was
also obtained from the numerical
analyses, was multiplied by the
assumed mass (300 lbs. per ft.).
The moments and shears computed for
this uniform load closely matched
the same forces as obtained by the
numerical analyses. Finally, from
Reference [1], a diaphragm shear
stiffness G1 was computed to be
consistent with the static
equivalent loading and the maximum
relative diaphragm beam
displacement (Ncde 90). For these
calculations, the diaphragm
dimensions were assumed to be 50 by
34 feet.

The diaphragm shear stiffness
G1, for Models All, Bll, Cll, and
Dll, which represent the nearly
infinitely stiff diaphragm case is
listed in Table 3. Also, listed is
the stiffness for Models A07, B06,
C07, and D06, which represent the
stiffness required to essentially
duplicate the rigid diaphragm case
as previously discussed (Figure 3).
For these models the actual roof
system required to give these
stiffnesses is listed. The "D" in
the table refers to metal deck and
the number (in inches) to the depth
of concrete required to achieve the
stiffness. It is clear that some
other structural component in
addition to standard metal deck is
required to obtain a * rigid1

diaphragm. From this preliminary
study it appears that acceptable

results may be obtained by proper
design of a metal deck by itself.

TABLE 3
DIAPHRAGM SHEAR STIFFNESS

HOOEL
ID

n i t
HOT

B I 1

BO6

C l l

COT

D l l

DOS

0'
KSin.

2254

S I

4291

4 3

2276

S I

2291

2 3

ROOF
SYSTEM

D+4

D

D+G

D

D+4

D

D+4

O

CONCLUSIONS AND RECOMMENDATIONS
The use of a rigid horizontal

diaphragm to distribute seismically
induced lateral loads to the
stiffer (stronger) vertical load
resisting elements is desirable in
a structure in order to achieve an
economical design. The fundamental
frequency (stiffness) of the
diaphragm needed to accomplish this
is related to the fundamental
frequencies of the elements being
joined. Every building structure
is unique, but its roof or floor
system can achieve 80 to near 100%
of the results expected from a
rigid diaphragm with only a
fraction of the stiffness required
for the rigid diaphragm. This
study has shown that the
fundamental frequency of the
diaphragm needs only to be equal to
or slightly greater than the
highest fundamental frequency of
the elements being joined. As
shown by this study, a special
metal decking properly designed may
suffice. A diaphragm design
requiring only a metal deck is not
only cost effective, but it also
reduces the dead load and, hence,
inertial loads that the rest of the
structure must support. This will
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lead to a further reduction in cost
of the overall structure.

It is recommended that the
modeling procedures in this paper
be followed to select a trial
design for a diaphragm or to
determine if an additional more
complex model of the facility's
building structure needs to be
made.

REFERENCES

[1] Luttrell, Larry, Diaphragm
Design Manual. Steel Deck
Institute, Inc., Second
Edition, 1990.
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SBXSMIC ASSESSMENT OF SBM5CTKD BUILDINGS AND EQUIPMENT
CONTENTS OF A DOB FACILITY IN UBC ZONK 2A

W.H. Tong, C. Deneff, M.J. Griffin
EQE Engineering Consultants - Costa Mesa Division

ABSTRACT

A preliminary seismic risk assessment for selected
buildings and representative equipment contents in
Allied-Signal Kansas City Division was performed to
identify potential seismic hazard and weakness. The site
is located in the uniform Building Code Zone 2A. The
selected building structures were constructed between
1940s to 1980s. The performance goal was to
qualitatively assess the potential for loss of toxic or
hazardous materials and injury to plant personnel due to
an earthquake event.

INTRODUCTION

During the past two decades, the
seismic requirements of building codes
have changed dramatically, reflecting
engineers' increasing knowledge and
better understanding of earthquake
hazards. The earthquake risk to many
existing facilities that are more than
30 or 40 years old is high because they
were built without adequate earthquake
resistant features and with no
earthquake hazard abatement planning.
Even today's building code have few
provisions for the protection of most
equipment and architectural features.
Thus, the problems facing the decision-
maker are how to identify and quantify
the facility's risk, set management
goal, and make the appropriate
management decisions. Solutions to
these problems can be developed by
implementing a comprehensive risk
reduction program, as illustrated in
Figure 1. Solutions developed using
this approach are cost effective and
take into consideration of business
interruption, management risk reduction

objectives, and safety of facility
personnel. This paper presents a
preliminary seismic risk assessment for
selected buildings and equipment
contents at the United States
Department of Energy (DOE) facility
operated by Allied-Signal Inc. in
Kansas City, Missouri. This effort can
be considered as the Phase I task of
the earthquake risk reduction program
outlined in Figure 1. The seismic risk
assessment consisted of a brief
qualitative review of the DOE Kansas
City Plant (KCP) buildings and a
general survey of representative
equipment to identify potential seismic
hazard and weakness. The performance
goal used for review was to
qualitatively assess the potential for
loss of toxic or hazardous materials
and injury to plant personnel due to an
earthquake event.
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DESCRIPTION OF THE FACILITY

BUILDINGS

The buildings reviewed in the DOE
Kansas City Plant were constructed
during the period from 1940s to 1980s.
The buildings were used for
manufacturing, supporting, chemical
storage, waste treatment, power, and
testing. The buildings were grouped
into three general categories of
construction systems:

• Reinforced concrete vertical
framing with unreinforced
masonry shear walls

• Structural steel vertical
framing with few unreinforced
masonry shear walls

• Structural steel/reinforced
concrete vertical framing with
either reinforced masonry shear
walls, reinforced concrete shear
walls, many unreinforced shear
walls, or steel braced frames

EQUIPMENT AMD INVENTORY

The equipment and inventory in
these buildings were grouped into
twelve categories for review based on
their functions and relative seismic
performance. The twelve categories of
equipment are presented below.

Equipment
Category

Office-Architectural

Computer & Peripherals

Electrical

Mechanical

HVAC (Ducts, AHU, Unit Heaters, etc.)

Piping/Cable Tray/Conduits

Proee s B/Test ing

Storage Racks &. Cabinets

Tanks & vessels

Manufacturing Equipment

Cranes/Hoists

Emergency Equipment

SEISMIC HAZARDS OF THE REGION

The Central U.S. is an area of low
probability for significant major
earthquake ground shaking. However,
should it occur, many structures may be
at high risk because of their vintage
and lack of earthquake resistant design
features. Two zones contribute to the
seismic hazard at Kansas City: the
Nemaha Ridge and the New Madrid Seismic
Zone.

The KCP facilities are categorized
as "Important or Low Hazard" facilities
based on criteria in UCRL-15910 [1].
Based on the approach in Coats and
Murray [2], the recommended annual
hazard exceedance probability is 0.001.
This corresponds to a return period of
approximately 1000 years. Accordingly,
a peak ground acceleration of O.lg and
a S% damped ground response spectrum
were adopted from Coats and Murray [2].
This peak ground acceleration was used
to qualitatively review the seismic
adequacy of selected structures and
representative equipment at the KCP.

Soil boring logs and local
hydrogeological conditions were
examined for indication of
liquefaction, seismic settlement
potential, and other possible seismic
hazards. It was judged that the risk
of widespread liquefaction or seismic
settlement appears to be negligible at
the facilities. Thus, the primary risk
to the Bite is potential damage due to
strong earthquake ground shaking.
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TECHNICAL APPROACH

The technical approach used for
the seismic review of the selected
structures and representative equipment
includes the following:

Review criteria

Facility walkdown and
information collection

R5VIEW CRITERIA

The review criteria used are
specified in UCRL-15910 fl], "Design
and Evaluation Guidelines for
Department of Energy Facilities

Subjected to Natural Phenomena
Hazards*'. Only seismic hazard was
considered in this review. The
guidelines are to provide a consistent
set of criteria to assure that DOE
facilities can withstand the effects of
natural phenomena. The guidelines
apply to both the design of new
facilities and the evaluation and
retrofit of existing facilities. The
facilities at the KCP fall within the
Important or Low Hazard category. The
performance goal for Important or Low
Hazard facilities is to maintain the
capacity to function and to keep the
facility operational in the event of
natural phenomena hazards per UCRL-
15910 [1] . The following summarizes
the recommended design and evaluation
guidelines from UCRL-15910 for an
Importan t or Low Hazard usage
category:

Design Element;

Response Spectra

Damping

Analysis Approach

Importance Factor

Load Factors

Inelastic Demand-Capacity

Material Strength

Structural Capacity

Peer Review, QA, Special

Recommended Guidelines

Median ainplification

5 t of critical

Static or dynamic
force method normalized
to code level base shear

I = 1.25

Code specified load
factors appropriate for

structural material

Accounted for
by R w in code Ratios base

shear equation

Minimum specified or
known in- s i tu values

Code ultimate or
allowable level

Required
Inspection
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UCRL-15910 recognizes that older
facilities built a number of years ago
in the Eastern and Central U.S. were
designed without consideration of
potential earthquake hazards. Thus,
additional guidelines are provided
when the initial evaluation does not
meet the criteria above. Options such
as conducting more rigorous evaluation
or performing a probabilistic risk
assessment, retrofit strengthening, or
changing the usage category are
acceptable methods for the evaluation
of older facilities.

The review of the seismic
adequacy of facilities and equipment
at the KCP site only considered a
qualitative assessment to the UCRL-
15910 requirements.

SITS WALKDOWN AND
INFORMATION COLLECTION

Seismic walkdown was performed
for the selected buildings and
representative equipment within each
building. The walkdown review was
used to qualitatively assess the
seismic adequacy of buildings and
equipment, and to identify potential
seismic hazards and weakness. The
buildings and equipment were then
categorized as either a high or low
risk in an effort to prioritize the
items in terms of risk representative
of the damage that is expected to
occur.

FINDINGS AND RECOMMENDATIONS

BUILDING STRUCTURES

The major finding for the
building structures is lack of lateral
load capacity. Potential deficiencies
in the lateral load transfer capacity
of the structures were identified from
drawing reviews and seismic walkdown.
The deficiencies can be attributed in

part to the vintage of design and
construction, and the fact that past
and current codes assign a low seismic
rating for the area. The resulting
designs are deficient in the area of
seismic detailing necessary for good
seismic performance.

EQUIPMENT

Most of equipment items and
piping systems in the facility were
found to be unanchored and/or
unbraced. In general, most items
located at or below grade require no
corrective actions. Recommendations
for base anchorage and/or bracing were
made for grade mounted equipment such
as tall slender electrical panels,
unanchored tall vertical tanks and
vessels, battery racks, tall product
or parts storage racks, etc. In some
cases, equipment above grade and
suspended piping systems were
recommended for corrective actions due
to the concern that ground motion can
be amplified to significant levels
through the building or equipment
structure.

Recommendations were made for
detailed engineering evaluations of
the high risk buildings in order to
quantify all problem areas and develop
preliminary strengthening
recommendations to correct identified
deficiencies. The implementation of a
long term equipment strengthening
program was also recommended to
strengthen existing critical
equipment. The benefits of
strengthening facilities depend on
what level of corrective measures are
undertaken, the value of the
facilities and the cost of insurance.
Strengthening structures and equipment
will reduce the level of risk
significantly. More importantly, the
risks, liabilities and associated
costs of an extended business
interruption and personnel injury are
minimized.
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Generalized Flowchart
for the EQE Earthquake
Risk Reduction Program
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Earthquake Insurance
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ABSTRACT

Volcanic Hazards Research during the International Decade for
Natural Hazard Reduction will be multidisciplinary and
concentrate on comprehensive studies of "Decade Volcanoes"
within each participating country; effects of eruptions on energy
infrastructure should be part of this program. The overall goal of
the Decade is to better understand natural hazards such as
explosive volcanic eruptions and how to mitigate their effects on
man.

INTRODUCTION

About 50 volcanoes are active each
year, and 535 during historic time, with
many threatening the lives and property
of millions of people; all of them can be
considered dangerous. People living on
or near the slopes of volcanoes are the
most severely threatened, and some
must be evacuated to areas of lower risk
when eruptions are imminent. Those
living farther away are less threatened,
but their cities and towns, crops,
industrial plants, transportation
network and energy infrastructure may
be severely damaged by ashfall and by
such processes as increased
sedimentation in rivers. For example,
the 1991 eruption of Pinatubo Volcano,
Philippines, has disrupted the lives of
millions of people, permanently closed
one major U. S. military base and

temporarily closed another, and
disrupted international airline traffic.

Most, and perhaps all, eruptions
are preceded and accompanied by
measurable geophysical and
geochemical changes at the volcano. The
most diagnostic premonitory indicators
of an imminent eruption are magma-
induced seismicity and deformation of
the volcano surface. Other promising,
but experimental geophysical methods
include continuous or intermittent
measurements of magnetic,
gravitational, and geoelectrical fields of
the volcano. However, for any
geophysical or geochemical monitoring,
it is necessary to establish baseline
measurements to establish the "normal"
state of the volcano. Without these data it
is nearly impossible to recognize early
departures from baseline behavior.
Unfortunately baseline data are lacking
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or inadequate for >90%% of the Earth's
active or potentially active volcanoes.

Volcanic repose periods before
major eruptions are commonly
hundreds to many thousands of years
long; far longer than the short historic
record in many parts of the world. Every
year, an average of one or two "new"
volcanoes joins the ranks of the
historically active, often with disastrous
results (e.g., El Chichdn, 1982 and
Pinatubo, 1991). Of the 535 historically
active volcanoes, only about 25% are
currently being monitored by any
continuously-reading geophysical
instrument within 30 km. Clearly we are
not doing a good job with the volcanoes
that have erupted in historic time but the
situation is even worse with the many
that could erupt after centuries of quiet.
About 1500 volcanoes have been active
during the last 10,000 years. Choosing
the "most dangerous" from this large
population is no easy task.

Volcanic hazards can be allayed
if: (1) national and local governments
are committed to mitigating volcanic
hazards; (2) multidisciplinary scientific
teams responsible for hazards studies
know how to collect and interpret
geologic, geophysical, and geochemical
data from volcanoes; (3) sufficient
equipment is available to these teams; (4)
field studies are begun long before
eruptions occur; (5) coordination with
civil authorities, including those
responsible for transportation and
energy, is established before a crisis; and
(6) the public has been informed about
the potential hazards.

Worldwide, funding for mitigation
efforts has been intermittent and always
inadequate. Numerous volcano
observatories or agencies have been
established only after volcanic disasters.
All too often, concerned scientists cannot
find adequate funding until a volcano
temporarily increases public awareness
of volcanic hazards and brings a clamor
for protection against those hazards.

RECOMMENDATIONS FOR
RESEARCH

A committee appointed by the U.
S. Geodynamics Committee of the
National Research Council had the
responsibility of recommending a
framework for volcanological studies
during the International Decade of
Natural Disaster Reduction (IDNDR),
Much of this short paper has been taken
from the committee's report to the
National Research Council. The
recommendations include:

* Integration of data from
volcanic geology, geophysics,
volcanic stratigraphy, archeology,
and historical volcanism.

* Eruption modeling. During the
last decade, theoretical and
numerical modeling of eruption
phenomena has led to a better
understanding of the dynamic
processes within the eruption
column, eruption plume,
pyroclastic flows, and pyroclastic
surges. These models have been
pioneering studies and need to be
expanded and refined.

•Ethnographic Research. We
need better answers to the general
question: "What don't we know
about ourselves that would help
mitigate volcanic hazards?"
Perception of volcanic risk and
motivation to minimize that risk
before a volcanic crisis. It is not
known how some of the modern
aspects of culture influence the way
that people view volcanic activity
and protect themselves from it. An
objective evaluation must be made of
the relationships and effectiveness
of communication between
scientists, public safety officials, the

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

38!



press, special interest groups, and
the general public.

•Economic effects of volcanic
hazard mitigation? For each
culture, research must be initiated
to determine what is acceptable risk
and whether volcanic risk exceeds
acceptable risk.

•Public Education. Teacher-aid
packages, each tailored for the
region, culture, and language
should be prepared. Materials or
techniques should be developed to
convince responsible officials to take
actic * in the event of a volcanic
crisis. The educational tools mtist
be applied at selected volcanoes in
pre-crisis, crisis , and post-crisis
situations.

•Eruption Effects on People and
the Environment. This research
would preferably b° conducted on
the decade volcano selected for
volcanologic and sociological
research. Topics under this
category include: (1) Research on
the engineering control of selected
volcanic hazards, such as giant
debris avalanches and pyroclastic
flows. (2)What is the impact of
eruptions on agriculture and
energy infrastructure? (3)
Physiological effects of ashfalls and
volcanic gases. (4) Eruption Plumes
and Aviation Safety.

•Communication of Research
During the IDNDR. To make a
visible, useful record of the
multidisciplinary studies conducted
during the IDNDR, we should start
a series of well-edited publications
based on the projects, much like
those of the International Ocean
Drilling Program.

In July, 1989, an International
Association of Volcanology and
Chemistry of the Earth's Interior
(1AVCEI) task group met in Taos, New
Mexico, USA, to determine the most
effective approach to the IDNDR. The
task group reported their deliberations
in 'Reducing Volcanic Disasters in the
1990's" (Barberi et al., 1990, Bull.
Volcanol. Soc. Japan, V. 35, pp. 80-95),
where they suggested that intensive,
multidisciplinary, multinational
research be conducted on a small
number of "Decade Volcanoes." Factors
to be considered in selecting these
volcanoes would include both those with
frequent activity and those with
infrequent but large eruptions,
geological interest, a population at risk,
the amount of previous research, and
proximity to a university or observatory
where laboratory work can be done
easily. Within the United States, the
"Decade Volcano" selected for
multidisciplinary study is Mount
Rainier, Washington.

THEU.S.]
AND THE IDNDR

Where does the U. S. D. 0. E. fit
into the IDNDR and studies of Mount
Rainier, "the Decade Volcano?" Working
with other government and university
teams studying this well-known Cascade
volcano, we need to study what will
happen to the energy infrastructure of
the Northwestern United States when
Mount Rainier erupts. Mt. Rainier and
the nearby Mt. Baker have had long
histories of activity, including ash falls
generally north and east of the volcanoes
and volcanic mudflows along drainages,
including those opening on to the plains
of the Seattle-Tacoma area (Fig. 1). Ash
falls affect everything from power lines
and transformers, to causing rapid
increases in the rate of sedimentation
within hydroelectric reservoirs, many of
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which are located within areas affected
by previous Mt. Rainier ashfalls.
Catastrophic structural failure of

^Miier 's cone could also occur. A lot
was learned about effects of Mt. St.
Helens on the energy infrastructure
during the 1980 eruption; these data will
be useful in this proposed study.

After a team consisting of
volcanologists, engineers, and energy
planners (all of these disciplines can be
found within USDOE's national
laboratories) has studied all aspects of
energy generation and transmission
within this region and integrated
predictions and volcanic hazard map
preparation, a program of
recommendations for mitigation should
be prepared and transmitted to industry,
community planners, and government
via workshops, publications, and
videotapes. This last link, which is
educational, is vital to the success of the
IDNDR. The team's studies and
recommendations would eventually be
joined to other parts of the Decade
Volcano study in a final comprehensive
report. The Mt Rainier coordinators are
Steve Malone, Dept. of Geology,
University of Washington and Don
Swanson, U. S. Geological Survey,
Cascades Volcano Observatory, Seattle;
available from them is an unpublished
pi oposal to study Mount Rainier as a
Decade Volcano.

Washington," Ur g. Gep|r Surv.
Map MF-774.
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MUDFLOWS AND FLOODS

High Risk

Moderate Risk

Low Risk

Town

Fig. 1. Simplified map of the Mount Rainier area, which has been selected as the
"Decade Volcano" for the United States durm?j the International Decade for Natural
Disaster Reduction. Shown here is the distribution of volcanic mudflows and floods
(lahars) and the direction of ash fallout from eruptions of the last 10,000 years; during
this period, the average eruption frequency at Mt. Rainier was 1 per 500 to 1000 years.
(Adapted from CrandelJ, 1973; Oandell, 1976; and Crandell and Mullineaux, 1975).

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

384



WITH NATURAL ENVIRONMENT HAZARDS

James R. Hill
Risk Analysis and Technology Division;

Office of Environment, Safety and Health; Department of Energy

Charles F. Miller
Management Information Systems; System Safety Development Center;

Environment, Safety & Quality Department;
Idaho National Engineering Laboratory; EG&G Idaho, Inc.

Work supported in part by the U.S. Department of Energy,
Assistant Secretary for Environment, Safety and Health,

under DOE Field Office, Idaho, Contract No. DE-AC07-76ID01570

ABSTRACT

The purpose of this paper is to demonstrate how an existing Department of
Energy (DOE) resource can be used to gain valuable insight concerning
injury/illness incidents. That resource is the Computerized
Accident/Incident Reporting System (CAIRS) module of DOE's Safety
Performance Measurement System (SPMS). Although this demonstration
could have been performed by analyzing reports associated with any
number of hazards (e.g., noise, chemicals, explosives, electricity, or tools-
power/hand), the CAIRS data selected for analysis were the 1981-1991 DOE
injury/illness reports that cited a "natural environment hazard" as either
the direct or indirect cause of the injury/illness. Specifically,
injury/illness reports were selected for analysis if they had a causal factor
link to one or more of four natural environment hazard categories;
weather, animal life, vegetation, or specific acts of nature (e.g., floods,
earthquakes, and lightning strikes).

Approximately 3,100 CAIRS injury/illness reports were considered to have
either a direct or an indirect causal link to at least one of the four natural
environment hazard categories. These reports, which represent about eight
percent of the total DOE injury/illness reports, documented nine deaths and
more than 30,000 lost work days (the equivalence of nearly $41,000,000).

The lessons learned, as a result of reviewing case histories, are presented,
as are suggestions on how to reduce the likelihood of future
injuries/illnesses as a result of similar hazards. A significant finding, is
that most injuries/illnesses were the result of an indirect causal link to a
natural environment hazard and thus, may be more preventable than
previously thought possible. The primary message, however, is that CAIRS
is a valuable resource and should be considered for use by those interested
in identifying new ways of protecting the health and safety of the worker.

INTRODUCTION Computerized Accident/Incident Reporting
System (CAIRS), can be used to gain insight

The primary purpose of this paper is to concerning how and why DOE personnel have
demonstrate how an existing DOE resource, the been injured or become ill as a result of specific
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hazards. Though any of a number of hazards
(e.g., excessive noise, radiation, scaffolding,
confined spaces, or toxic materials) could have
been selected for this demonstration, we chose to
study those DOE injury/illness cases that were
considered to be, either directly or indirectly,
attributable to a broadened perspective of natural
phenomena hazards (i.e., weather, animals, and
vegetation, in addition to specific acts of nature).

The Department of Energy (DOE) has, and
continues to, seek ways of reducing losses that can
result from specific acts of nature. Several
standards and guidelines have been developed,
focussing on losses caused by earthquakes,
tornadoes, floods, lightning, and volcanic ash. To
date, losses from such acts have resulted
primarily in property damage, rather than in
personnel injuries or illnesses. While injuries or
illnesses are certainly possible from these acts,
they are much more likely to occur as a result of
one of the less spectacular acts of nature, such as
snow, ice, or wind storms, or simply the act of
interfacing with the natural environment.

Mothmirilnpv

Traditionally, natural phenomena hazards are
thought of as catastrophic events, ranging from
earthquakes and hurricanes to floods and
lightning strikes. The scope of this study was
expanded however, to include weather related
events, as well as events involving personnel
interactions with natural animal and plant life-
forms.

The approximately 3,100 injury/illness cases
reviewed for this study were selected from the set of
over 40,000 injury/illness reports submitted by
DOE and contractor organizations over the past
ten years. These reports reside in the CAIRS
module of the DOE's Safety Performance
Measurement System (SPMS); the CAIRS' Search
and Reports menu was the tool used to narrow the
search for applicable cases and provide the lost
workday (LWD) and dollar loss data.

The methodology used to select the 3,100 cases was
to first search the CAIRS injury/illness data base
for reports that contained certain Factor
Relationship and Sequence of Events (FRASE)
words or categories and then, based on the
narrative content of these reports, perform a
second (broader) search of the narratives of every

injury/illness report for selected English
vocabulary words associated with a specific
hazard set. This second search was necessary to
ensure the maximum percentage of applicable
cases were identified, as some CAIRS reports are
not yet FRASE coded and others may not be coded
consistently. Typically, reports obtained from
this second (English vocabulary) search had to be
reviewed to ensure that they were, in fact,
applicable. An example of why this latter step is
necessary was found in a report obtained from the
search of the "ice" hazard set. In that report, a
worker had fallen and injured his knee when he
slipped on a wet spot that had developed due to
personnel tracking "rain" water into his
building. While this event was indirectly related
to weather (rain), its only reference to "ice" was
the "ice pack" that had been applied as a first aid
measure. This report was subsequently excluded
from the ice hazard set.

The most difficult aspect of the selection process
was knowing when to exclude an event based on
its causal factors being lofl "indirect" to the
applicable hazard set. As mentioned earlier,
injury/illness cases were only selected if they
were either directly or indirectly associated (by
way of causal factors) with one of the four
categories of hazards; weather, animal life, plant
life (vegetation), or a specific act of nature. The
idea of direct association is not difficult; examples
include: being struck by a large hail stone, being
blown off one's feet, being bitten by a rattlesnake,
contacting poison ivy, being swept away by a flash
flood, and being struck by lightning. However,
examples of indirect associations, which are
analogous to contributing causes (as defined in
DOE Order 50O0.3A), are more difficult to define.
Certainly slipping on an icy sidewalk, having a
door blown shut on one's hand, falling down while
running from a wasp, tripping over a vine,
hurting one's back during sand bagging for a
potential flood, or falling while running to get out
of a lightning storm arc examples of indirect
causal factors associated with natural
environment hazards; but, at what point is a
causal factor no longer really linked to a
particular hazard?

The logic used during the selection process was to
include only those cases where the corrective
action(s) cited (or deemed to be required) were
themselves linked to the applicable hazard. For
example, if a car accident occurs because the car
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slid off a snow covered road, the corrective actions
might be to counsel drivers to "avoid driving
daring gnowy conditions unless absolutely
necessary" or "drive more slowly during periods
when the roads are slick." Similarly, if a car
collides with a snowplow during a snow storm due
to poor visibility, the corrective action may be a
verbal warning or memo about the hazards of
"blowing snow", especially in the vicinity of
snowplows. Both examples would qualify as
having indirect causal factors and would have
been selected for this study. However, if the same
car, on the same road, had collided with a
snowplow on a calm, olear (non weather related)
day, this case would have been excluded, even
though some might argue that since a snowplow
was involved, the case was weather related.

A special form of indirect causal factors was used
for the "specific acts of nature" category, Indirect
injuries/illnesses were categorized as being the
result of either pre-cvent or post-event activities.
Examples of pre-event activities are sandbagging,
boarding up windows, and earthquake drills,
while post-event activities involve
interactions(e.g., cleanup and/or rescue
activities) with the many hazards that can result
from specific acts of nature.

It should be noted that one pre-event activity, the
installation of lightning arrester equipment, does
not strictly meet our definition of an indirect
causal factor, but is mentioned to make the point
that there are always costs involved when taking
steps to mitigate problems. This study identified
ten reports in which individuals were injured (91
LWDs) by causal factors unrelated to lightning, or
the environment, while installing lightning
arrester equipment. While costly in terms of
LWDs, these ten injuries were probably not too
great, a price to pay, given the potential dollar
savings resulting from fewer equipment losses
and outages. Such may not always be the case
however; an injury vs. cost benefit analysis
should always be performed prior to the start of any
program designed to mitigate losses. The
unforseen side effects of some "cures" can
sometimes be more costly than the consequences of
the event being cured.

Findings

The 3,100 injury/illness cases considered to be
linked to the natural environment represent

approximately 8% of the total number of DOE
injury/illness cases reported from 1981 to the
present. These cases resulted in nine weather
related deaths (primarily from vehicle accidents)
and 30,578 LWDs. Though not reflective of the
pain and suffering endured by those involved
and/or their loved ones, these deaths and LWDs
cost the taxpayers nearly $41,000,000. (The dollar
cost figure is based on an equivalence formula
developed for the DOE by the System Safety
Development Center of EG&G Idaho, Inc.)

A breakdown of how the 3,100 cases are distributed
by category, number, and number of LWDs is
presented in Figure 1. Weather is seen to be, by
far, the major natural environment hazard of the
four considered, while injuries/illnesses as a
result of specific acts of nature are two orders of
magnitude less. Nearly all of the
injuries/illnesses within each analyzed hazard
set are considered to be the result of indirect
(contributing) causal factors (i.e., those factors
over which management has the most control,
through the implementation of corrective actions).

' Includes nine fatalities

Figure 1. Natural environment hazards '

While the primary purpose of the "direct-indirect"
cause discussion has been to explain the logic used
to select the events analyzed for this study, it is
hoped that this discussion has also provided some
insights to those individuals charged with the
investigation of injury/illness events, such that
they will be better equipped to identify applicable
causal factors and recommend "event-based"
corrective actions.
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Weather related hazards accounted for over 82
percent of the cases, 92 percent of the LWDs, and
all of the deaths identified in this study. (Note:
Eight of nine weather related deaths involved
vehicle accidents). The predominate hazards are
ice and snow, followed closely by wind. Slips,
falls, and trips (1562) were the primary
mechanisms that resulted in injury. When
injury reports involving ice, snow, rain, wet, or
mud were totaled (1578), this number correlated
well with the set of slips, falls, and trips. Other
mechanisms, involving snow and ice, that cause
injuries, involved: vehicle accidents, small
mechanized and manual snow removal
operations, attempting to lift or move frozen-in-
place items, and lifting, in general, while
standing on slick surfaces. One particularly
unique mechanism involves large snow removal
equipment. There have been numerous injuries
as a result of snow removal equipment blades
striking an immovable object such as manhole
covers or railroad tracks, causing the equipment
to come to an immediate stop.

Wind related injuries primarily result from:
being struck by hinged windblown objects (e.g.,
doors); being struck, burned or contaminated by
loose windblown objects (e.g., barrels, flames, hot
asphalt, fumes); having small foreign objects
blown into the eye(s); and being blown off one's
feet or from an elevated location. In the latter
example, it is extremely important to be aware of
the presence of even mild winds, if personnel are
carrying items that can, if turned, suddenly
increase the surface area upon which the wind can
act.

As with most natural environment hazards, which
can combine their effects to form different
hazards, wind in combination with extremely low
temperatures can pose the danger of frost bite,
while high temperatures and winds can greatly
increase the fire danger in certain areas.
Temperature alone, in its extremes, can lead to
hyperthermia or heat exhaustion. Combined with
high humidity, heat exhaustion becomes even
more likely. Anyone working outdoors, or even
driving, needs to keep cognizant of the current and
the predicted weather conditions. Driving on rain
covered highways can suddenly become deadly if
the surface temperature unexpectedly drops below
32° F.

Visibility, another weather related hazard, is
highly affected by factors such as wind, snow,
rain, humidity, and temperature. Fog, dust,
smoke, and frosted windows can make driving a
hazardous experience. Even if not driving, a
person's eye glasses can become fogged, thus
possibly precipitating an injurious trip or fall.

Backs were the body part most often injured as a
result of weather related hazards (387 cases and
5506 LWDs). Other body parts suffering a high
number of injuries include: knees (230 and 3333),
ankles (182 and 2447), and necks/shoulders (163
and 3124). Though no correlation was performed
with the type of injury, it is not difficult to speculate
that strains and sprains accounted for many of the
injuries. Eyes were affected in a large number of
cases (365) but resulted in few LWDs (216). The
potential is none-the-Iess present for a high
consequence injury in this area and ways of
reducing the number of eye injuries should be
vigorously sought.

T|jfa-Fnrm Hazards

The search for injuries from animal life-forms
was limited to non-domestic animals in their
natural environment. Injuries involving caged
laboratory animals or domestic animals in the
environment were excluded, with one exception;
injuries resulting from the training of guard dogs
are mentioned, given the number (10) of reported
cases.

Injuries caused by lower-order life-forms resulted
primarily from personnel being bitten or stung by
any of a large variety of insects. While these
injuries are usually not life threatening, some
individuals do have strong allergic reactions to
the bite or sting of certain insects. Supervisors
should be cognizant of who these individuals are,
before sending personnel into an area where such
hazards may be prevalent. Another growing
concern involving insects is Lyme's disease.
This study identified 16 tick bit cases, in which six
individuals were confirmed to have contracted
Lyme's. Fire ants can also be a big surprise to
those individuals who are unfamiliar with this
southern state hazard.

In addition to bites and stings, there are other
mechanisms by which personnel can be injured as
a result of insects. For example, flying insects
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can strike the eyes of those walking, driving with
their window down, or riding a bicycle (as is often
done at some DOE sites for local transportation).
Personnel have also become ill as a result of
inadvertently inhaling airborne insecticides.
The most notable mechanism however, is one
termed "avoidance". In terms of severity,
injuries resulting from avoidance activities are
usually much worst than those that would have
resulted from the bite or sting itself. There are
cases where personnel have had car accidents,
slammed doors on their hands, and even jumped
from high places, while trying to escape from an
insect Others have cut themselves or coworkers
with items they had in their hands while swatting
at insects. One individual even cut his arm on a
window he broke while swiping at an insect.
Personnel with avoidance tendencies should be
identified and advised as to the potential
consequences of their actions. They may decide a
bite or sting is preferable to stitches, casts, or
worse.

The predominance of personnel interactions with
higher-order animals are vehicle related. Deer,
wild horses, wild hogs, and even rabbits and
squirrels, have been the indirect cause of vehicle
accidents involving DOE personnel. With the
exception of wild horses, which are limited to parts
of New Mexico, and wild hogs (in some southern
states), the other animals involved are found in
every state and personnel must be periodically
reminded of the hazard they represent. Most of the
injuries sustained during these vehicle accidents
were the result of over-zealous avoidance attempts;
squirrels, rabbits, and even deer, seldom pose a
missile threat to the occupants of a vehicle during
a collision.

The higher life-form hazard set also contains a
number of injuries resulting from non-vehicle
avoidance activities, where the costs (in terms of
LWDs) were greater than would have probably
occurred had the individuals actually come in
contact with the animal. Consequences of these
ill-fated avoidance attempts include: a backward
fall down a stairs after seeing a skunk, a cut hand
while trying to scare away raccoons, a fall while
running from startled raccoons, and a severe
laceration after being startled by a snake (69
LWDs).

Avoidance activities, while more justified for
higher life-forms, should, to the extent possible, be

performed calmly, One method of gaining the
skills necessary to accomplish this is for the
individual to occasionally visualize the most
probable hazard, in relation to his/her immediate
surrounding, and ask "What should I do if the
hazard suddenly appears?"

Snake bites are a real danger to those who must
work outdoors in certain parts of the country.
However, their numbe." and consequence could be
lessened if personnel were provided better
training in avoidance techniques and first aid,
and protective clothing and equipment.

The relative high number of injuries (10)
involving guard dog training prompts mention,
even though these dogs are domestic animals.
Security personnel involved in the training of
these animals should be reminded of the dogs'
unpredictability and wear protective clothing and
equipment during jdl training activities.
Fractures and a herniated disk are just some of the
injuries suffered during guard dog training
activities.

There were 210 injury/illness cases (with 1,230
LWDs) considered to be applicable to the hazards
involved with plant life in the natural
environment. The most probable way personnel
can be injured or made ill by interfacing with
plant life involves poisonous plants such as poison
ivy, oak, and sumac. There were 112 reports of
personnel coming in contact with, and developing
a reaction to, the toxins of such plants. Poison ivy
is the most prevalent hazard; it was named in 82
reports. The consequence of contacting poisonous
plants are not great however; only 140 LWDs
resulted from the 112 cases.

In terms of consequences, activities involving the
clearing of vegetation such as trees, brush, and
weeds have proven to be much more hazardous.
Even the simple act of mowing lawns has caused a
high number of LWDs. One lawn mower accident
alone, accounted for over 200 LWDs. All totalled,
71 injury cases involved the clearing of
vegetation.

Trips and falls were cited in 57 of the vegetation
related injury reports. Vegetation in some forms
are easy to trip on, while other forms tend to
conceal depressions, holes, rocks or other hazards.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

389



Only three direct injuries were identified as being
the result of a specific act of nature. Two injuries
resulted from lightning strikes, and the third
resulted from an avoidance activity during an
earthquake (the latter individual strained his
back while diving under a desk).

The remaining 37 "act of nature" cases were the
result of either pre-event (29) or post-event (8)
activities. (Note: These 37 cases were categorized
as pre-event or post-event, rather than as indirect,
because, unlike the other hazards discussed,
specific acts of nature are only present for a finite
period of time.)

Pre-event activities include: preparedness drills
for hurricanes, tornadoes, and earthquakes; sand
bagging in preparation for floods; and the
installation of lightning protection equipment
(oven though this latter activity was primarily
performed to protect property, as opposed to lives).

Post-event activities are typically those cleanup or
rescue activities that may be required after certain
events. Both pre-event and post-event activities
are similar to avoidance activities in that they are
often stressful and performed with a sense of
urgency, especially if the act of nature is
imminent or has just recently occurred. Cleanup
and rescue activities can be particularly
hazardous, given the immediate presence of a new
set of unknown hazards. Supervisors should
caution those personnel involved in such activities
to keep calm and keep their mind on their task and
the dangers at hand.

OrvnplnsinTis

In addition to demonstrating the usefulness of
CAIRS data, it is hoped that the results of this study
have broadened the reader's perception of natural
environment hazards (as well as hazards in
general). While much has been done in an
attempt to mitigate the consequences of specific
acts of nature, the investigation of weather, and
other environment related events, are often
performed in perfunctory manner or even
dismissed as being and beyond prevention; after
all, "it always snows in the winter" (in most
locales) and "deer are always running in front of
cars" and "the grass and weeds always have to be

cut in summer," What shouldn't "always" have
to happen however, is for personnel to continue,
year after year, to be injured (or killed) as a result
of simply interfacing with the natural
environment, without some effort being made to
change the process.

If all injuries identified by this study had been the
result of direct causal factors, little could have
been done, in terms of corrective actions, except to
propose that personnel be kept from interfacing
with such hazards (time - space separation), a
highly impractical solution. However, the
predominance of these injuries were due to
indirect causal factors. Therefore, recurrence of a
large number of similar events could have been
prevented had the original investigative and
closeout processes resulted in: 1) the
identification of all applicable causal factors and
2) the implementation of an effective corrective
action for each identified factor.

Generic corrective actions that, if implemented,
would have helped prevent recurrence of many of
the kinds of injuries identified in this study
include: the selection of "proper" personnel for the
task (where proper relates to qualifications, level
of training, physical attributes, or known stress
limits), the redesign of equipment, the issuance or
revision of operating procedures, and the required
use of adequate protective equipment and clothing.
In many cases, little more than making cognizant
personnel aware of specific hazards would reduce
the number of future injuries from such hazards.
Hazard awareness can be accomplished by the
implementation of a simple "lesson learned"
program. Such a program can be managed by one
or two individuals, who are charged with
analyzing CAIRS or other occurrence reports and
periodically disseminating their findings to
applicable personnel at their site by way of a
"required-reading" program.

By now, it should be apparent that the real message
of this paper goes beyond demonstrating how
CAIRS can be used to identify (and hopefully
correct) the causes of recurring
injuries/illnesses. The message that we want to
present is that any event, whether it involves
injury or property damage, whether it is caused by
a horse fly, a saw horse, or horse play, must be
investigated in sufficient depth at the time of the
£y£Djj (not later, after it happens again) to ensure:
1) the identification of the event's true root cause
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and all contributing causes (factors), and 2) the
formulation and implementation of corrective
actions that are directed toward more than just the
person or persons involved in the event. It is too
easy to blame the weather or the injured
individual, rather than asking the hard questions
whose answers might require the expenditure of
resources; but only by doing so, will we start to see
a reduction in the number, and the severity, of
those events that are presently being experienced
at DOE sites.
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REVIEW OF THE SEERG PROCESS FOR DOE*

Robert J. Budnitz
Future Resources Associates Inc.

2000 Center Street, Suite 418
Berkeley, California 94704

ABSTRACT

The Senior External Events Review Group (SEERG) has been
assembled by Lawrence Livermore National Laboratory to advise the
Department of Energy on those aspects of DOE's New Production
Reactor project involving external events (earthquakes, high winds,
flooding, etc.) The Review Group is an independent advisory body
comprised of experts in a broad range of technical disciplines
relevant to its charter. This brief paper will provide an overview of
what SEERG is and what it does for DOE.

The US Department of Energy (DOE) has
embarked on a major project to design and
build two New Production Reactors (NPRs).
These will be the first new large reactors
built by DOE in about two decades. Some
of the key design issues involve external
events (earthquakes, high winds, flooding,
vulcanism, etc.) The Senior External Events
Review Group (SEERG) has been assembled
by Lawrence Livermore National Laboratory
to advise DOE on those aspects of the NPR
project involving external events. According
to the Review Group's charter, it "will
provide critical review, consulting, and
guidance to the external and natural
phenomena hazards work ongoing at
Lawrence Livermore National Laboratory in
support of the New Production Reactors
Program." The SEERG reports to LLNL's
New Production Reactor project manager,
Garry S. Hoi man.

The Review Group is an independent advisory
body comprised of experts in a broad range
of technical disciplines relevant to its
charter. It is a multidisciplinary group
consisting of experts knowledgeable about
natural phenomena, design, analysis,
regulation, and related fields. The topics
that SEERG has worked on have been
selected by LLNL and DOE, and also by the

Review Group itself as it has reviewed the
NPR project and raised various technical
issues on its own.

The Review Group was chartered in
September 1989. SEERG functions not only
as a plenary committee-of-thc-whole, but
also through specialized subgroups (working
groups) that have been constituted to
address several issues. These working
groups have consisted of SEERG members
suplemented by other recognized experts on
technical topics under SEERG's purview, as
appropriate.

After each full SEERG meeting or working
group meeting, minutes are prepared and
circulated to participating members, DOE
staff, and other appropriate participants
in the NPR project.

Among the topics that the Review Group
has reviewed for LLNL and DOE are
development of seismic and high wind
design criteria, at levels of detail that in
many areas have exceeded guidance that
NRC provides to its applicants and
licensees; site-specific issues at both the
Idaho National Engineering Laboratory and
the Savannah River Laboratory involving
geotechnical, geological, and seismological

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

392



site characteristics; the methodologies for
seismic and wind hazard assessment; piping
criteria; experimental testing programs to
develop or verify seismic adequacy of
equipment and structures; vulcanism at INEL;
integration of probabilistic and deterministic
approaches to design beyond the normal
design basis; and approaches for assuring
that all relevant regulatory standards will be
met.

The names and affiliations of the members
are as follows:

Robert J. Budnitz
Chairman
Future Resources Associates, Inc.

G. Wavne Clough
Virginia Polytechnic Institute

C. Allin Cornell
Stanford University

Wilfed P. Iwan
California Institute of Technology

Robert P, ^.ennedv
RPK Structural Mechanics Consulting

James R. McDonald
Texas Tech University

Karl S. Pistet
University of California
(until June, 1991)

Anand K. Singh
Sargent & Lundy

Pradep Talwani
University of South Carolina
(starting July 1991)

George A. Thompson
Stanford University

Loring Wvllic
H.J. Degenkolb Associates
(starting July 1991)

* The work described here has been supported under the auspices of the U.S. Department of
Energy by the Lawrence Livermore National Laboratory.
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QUATERNARY FAULTING ALONG THE SOUTHERN LEMHI FAULT
NEAR THE IDAHO NATIONAL ENGINEERING LABORATORY

SOUTHEASTERN IDAHO

Mark A. HemphiU-Haley, Thomas L. Sawyer and Ivan G. Wong
Woodward-Clyde Consultants

500 12lh Street, Suite 100
Oakland, CA 94607

Peter L.K.Knuepfer
Department of Geology

State University of New Yoik,
Binghamton, NY 13901

Steven L. Forman
Byrd Polar Research Center
The Ohio State University

Columbus, OH 43210

Richard P. Smith
EG&G Idaho, Inc.

Idaho National Engineering Laboratory
Idaho Falls, ID 83415

ABSTRACT

Four exploratory trenches excavated across the Howe and Fallen Springs segments of
the southern Lemhi fault in southeastern Idaho provide data to characterize these
potential seismic sources. Evidence for up to three surface faulting events is exposed in
each trench. Theimoluminescence (TL) and radiocarbon analyses were performed to
provide estimates of the timing of each faulting event. The most recent event (MRE)
occurred at; 1) about 15,000 to 19,000 years B.P. at the East Canyon trench (southern
Howe segment); 2) approximately 17,000 to 24,000 years B.P. at the Black Canyon
site (northern Howe segment); and 3) about 19,000 to 24,000 years B.P. at the Camp
Creek trench (southern Fallen Springs segment). A Holocene event is estimated for the
Coyote Springs trench (central Fallen Springs segment) based on degree of soil
development and correlation of faulted and unfaulted deposits. The oldest Black Canyon
event is constrained by a buried soil (Av) horizon with a TL age of 24,700 ± 3,100
years BP. Possibly three events occurred at this site between about 17,000 and 24,000
years ago followed by quiescence. Stratigraphic and soil relationships, and TL and 14C
dates are consistent with the fottowing preliminary interpretations: 1) the MRE's for
the southern segments are older than those for the central Lemhi fault; 2) the Black
Canyon site may share rupture events with sites to the north and south as a result of a
"leaky" segment boundary; 3) temporal clustering of seismic events separated by a long
period of quiescence may be evident along the southern Lemhi fault; and 4) Holocene
surface rupture is evident along the central part of the Fallen Springs segment but not
at its southern end; and 5) the present segmentation model may need to be revised.

INTRODUCTION ongoing seismic hazard studies for the Idaho National
Engineering Laboratory (INEL), Woodward-Clyde

The 28 October 1983 moment magnitude M 6.9 Consultants (WCC). supported by EG&G Idaho, Inc., has
(surface-wave magnitude Ms 7.3) Borah Peak earthquake undertaken a palcoseismic investigation in an effort to
along the Lost River fault in southeastern Idaho focused characterize past earthquakes along the southern Lemhi fault
attention on the seismogenic potential of the normal faults ar|d t 0 specifically estimate their magnitudes, times of
north of the eastern Snake River Plain (ESRP). As part of occurrence and late-Quaiernary recurrence. Specific
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objectives for this study are to estimate: (1) the
displacements of the most recent two or three surface-
faulting earthquakes along the southernmost two rupture
segments of the fault; (2) the timing of the most recent
events; and (3) the time intervals between these events for
the purposes of characterizing short-term earthquake
recurrence along the two segments. This information will
be used to characterize the late-Quaternary rupture behavior
of the southern Lemhi fault. Of concern is whether (he two
southern segments act independently of one another, that is,
does each segment have its own "characteristic earthquake"
[1] or do the segments sometimes rupture together or
partially together in individual earthquakes.

A field investigation was undertaken in the spring and
early summers of 1990 and 1991. Four exploratory
trenches were excavated along the southern part of the fault.
Two of the trenches, at East Canyon and Black Canyon, are
located along the Howe segment of the fault (the
southernmost segment). The Camp Creek trench is located
along the southernmost portion and the Coyote Springs
trench is located along the central portion of the adjacent
Fallen Springs segment. Evidence for multiple surface-
rupture events were exposed in each trench.

GEOLOGIC SETTING

The Lemhi fault is one of three major 140 to 150-km-
tong, north-northwest-striking range-front normal faults,
also including the Lost River and Beaverhead faults, located
north of the ESRP in the northeastern Basin and Range
structural province (Figure 1).

Quaternary activity on the Lemhi, Lost River, and
Beaverhead faults has reportedly been highest along their
central sections and lowest at their ends [2]. This would
agree with observations reported by Anders et al. [3] in the
Swan, Grand, and Star Valleys to the south of the ESRP.
This pattern of fault activity is suggested [2,3,4, S] to be
associated with the northeastward migration of the
Yellowstone hotspot Anders et el. [3] suggest that fault
activity is migrating away from die Snake River Plain as a
result of transient thermal influences of the hotspot that
have decreased or increased lithospheric strength.

The range-front of the southern Lemhi Range rises
abruptly from the Little Lost River Valley along the Lemhi
fault. The front is typically linear suggesting the fault has
had sufficient late Pleistocene uplift to overcome erosion.
Older fan deposits have been displaced by the fault near the
range front as evidenced by a discontinuous fault scarp,
eroded and/or locally buried in places by younger alluvial
fans. In some places where multiple displacements of the
fault have occurred in deposits without subsequent alluvial
deposition the preserved laic-Quaternary scarp can be as high
as 13 to 14 m. Typically, in the younger faulted fan
deposits, the scarp is on the order of 3 m high.

The western piedmont of the southern part of the range
is largely comprised of Pleistocene alluvial fans. These
fans are ranked according to their relative ages based on
gcomorphic relations, alluvial fan surface morphology, and
the degree of soil development Numerical ages of the units
were estimated, in this study, by TL analysis of loess
overlying alluvial fans and from Quaternary stratigraphic
studies in the region by Scott [6j.

Three broadly different age units, two late Pleistocene and
one Holocene, have been recognized regionally and are
preserved locally. The older late Pleistocene unit might
correlate with the Bull Lake glaciation, which culminated
about 130 to 150 ka [7,8]. Remnants of this unit He along
the range front as uplifted fanheads and within mountain
canyons as fluvial terraces. They stand high above
surrounding fan surfaces on the upthrown side of the fault,
but are buried by younger deposits on the downthrown side.
The latest Pleistocene unit may have been deposited during
the Pinedale glaciation about 18 to 20 ka [7, 8}. It is the
most extensive unit on the piedmont of the southern Lemhi
Range.

There has been little Holocene deposition in the region.
Associated deposits are limited to active washes, flood
plains and mountain canyons and in some places as thin
deposits on terraces inset into latest Pleistocene fans.

SEGMENTS OF THE SOUTHERN LEMHI FAULT

It has been suggested that the Lemhi fault can be
divided into at least six segments [2,9,10, 11,12,13,14,
IS] (Figure 1). Criteria used to define distinct segments
within the fault include fault scarp and range-front
morphology, and structural relief [9].

The approximately 20 km-long Howe segment is the
southernmost segment of the Lemhi fault. Holocene sand
dunes bury the the southernmost 2 to 3 km of the scarp.
The segment, as mapped by Haller [9] extends to the
northwest to a location about 2 km north of South Creek;
Turko [13] places the boundary farther south near South
Creek. The apparent segment boundary is the South Creek
block [9, 13], a large, low relief rhombic salient which
extends into the valley for a distance of almost 8 km from
the range front. Fault scarps within the Howe segment are
located in early to middle-Pinedale deposits and are
discontinuous and range from 2 to 5 m high. They occur
along a single fault st< and and in places are associated with a
graben. Younger, inset alluvial fan deposits have eroded
and, in places, buried the fault scarp. No evidence of
Holoccnc surface rupture is apparent along the segment.

A large trench excavated in 1969 across an
approximately 14 m-high scarp near Black Canyon [16]
revealed a complex, multiple faulting history containing at
least five faulting episodes. Malde [16] suggested that the
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Figure 1. Map of Faults North of the Eastern Snake River Plain. Locations of Four

Trenches Excavated During This Study are Also Shown.
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youngest event occurred prior to 15,000 years while toe
oldest exposed event occurred less lhan €00,000 years ago.

The approximately 29 km-long Fallen Springs
segment is mapped from north [9] or south [13] of the
South Creek block northward to Horse Creek [9, 10, 11,
13,14,15]. Scarps are discontinuous and range from 5.5 to
13 m. The scarp is either buried by or inset by Holocene
alluvial deposits. Late Quaternary scarps have been
identified only along the southern half of the segment.
Haller [9] and Turko [13] suggest that morphologic ages of
the Howe and Fallen Springs segments are very similar;
however. Crone and Haller [11] conclude that slightly better
preserved and steeper scarps along the Fallen Springs
segment represent younger faulting than along the Howe
segment. Knuepfer et ai [14] suggest that the Howe
segment has had at least five surface-rupture events in post-
Bull Lake time while the Fallen Springs segment has had
fewer events suggesting temporal independence between the
two segments.

TRENCH DESCRIPTIONS

The following arc orief descriptions of deposits and
structures exposed along the Lemhi fault at four locations.

East Canvon Site
The site is located along the south-central portion of

the Howe segment. The trench was excavated across a
single, moderately degraded, 3 m-high fault scarp formed in
early middle Pinedale (20 to 30 ka) alluvial fan deposits (age
estimation based on morphologic and pedologic similarities
to nearby units described by Pierce [17]). The base of the
scarp is occupied by a broad (>15 m-wide), barely
perceptible graben. The trench is approximately 30 m long
and up to 3 m deep (Figure 2).

The northeast end of the trench comprises the footwall
of the fault containing debris flow and alluvial deposits.
The hanging wall is exposed in the southwest end of the
trench. Alluvial gravels are overlain by two tectonic
colluvial wedge deposits (see McCalpin [18] and Forman et
al. [19] for descriptions of colluvial wedge formation).
These colluvial units contain gravel, sand, and silt that
grade away from the fault scarp and display a deposition^
fabric thai dips away from the scarp. In general, each wedge
represents deposition of material eroded from a rejuvenated
fault scarp following a surface-rupture event.

The oldest recognizable event is represented by
proximal fades colluvium (unit C-l) on the upthrown side
of the exposed main shear (Figure 2). The unit truncates
the upslope fan stratigraphy and is buried by younger fan
deposits. Assuming this wedge formed downslope of the
fault-induced scarp, the associated shear or fault zone should
be located northeast of the colluvial wedge; however, no
such structure was exposed in the trench. We suggest that
it lies deeper than the base of the trench. The penultimate

colluvial wedge (C-2) can be differentiated into a proximal
facies (C-2b) and an overlying, Oner-grained, carbonate-
cemented (Stage HI • IV), slope-wash facies unit (C-2a).
The high degree of cementation might be related to a long
period of stabilization. The MRE is represented by a small
graben and an overlying colluvial wedge deposit (C-3). The
graben is filled by a mixture of loess and colluvium <6x)
derived from the primary and antithetic scarps. We interpret
this graben-fill unit to be contemporaneous with the
loess/colluvial unit (2x) in the headwall of the fault. In
addition, unit C-3 is interbedded with unit 2x suggesting
that the MRE occurred during its deposition.

Based on the presence of the three colluvial wedge
sequences, at least three surface rupture events are evident in
this trench with a minimum cumulative, vertical
displacement of about 6 m. Minimum individual
displacements arc about 2 m each.

Black Canvon Site
This site is located along the northern portion of the

Howe fault segment. The trench was excavated across a 4.5
m-high, multiple event scarp formed in fan deposits
tentatively correlated to earliest Pincdale (30 to 40 ka)
deposits of Pierce [17],

The footwall (northeast end of the trench) consists of a
thick sequence of debris flow and fluvially reworked deposits
(Figure 3 ). The base of the hanging wall exposure is
comprised of alluvial fan/debris flow deposits similar to the
footwall deposits. The basal strata are rotated toward the
fault while overlying units are nearly horizontal. Although
this rotation is probably related to a faulting event, no
associated colluvial wedge could be identified. The rotated
alluvial units are overlain by three colluvial wedges. The
oldest colluvial wedge (C-l) contains clasts which display a
scarp-parallel fabric. Colluvial wedge C-2, associated with
the penultimate event, is small and was faulted during the
MRE. Colluvial wedge C-3, associated with the MRE, is
the largest of the three colluvial wedges. A poorly
developed carbonate soil (Bk) has formed in Unit C-l. An
even more poorly developed soil is present in unit C-2
suggesting that a small amount of time transpired between
faulting events.

A locss/colluvium deposit (lx) overlies the entire
colluvial wedge sequence indicating that the MRE occurred
prior to the onset of major loess deposition, unlike the
MRE of the East Canyon trench, which occurred during
loess deposition.

We interpret the exposures in the Black Canyon trench
to possibly represent three scarp-forming events with a
cumulative vertical displacement of greater than 4.5 m based
on an offset soil in unit 2x. Minimum individual vertical
displacements range from about 1.5 to 1.8 rn.
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Figure 2. East Creek Trench Log, Howe Segment.
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Figure 3. Black Canyon Trench Log, Howe Segment.
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Camp Cregk Site
This site is located along the. southernmost portion of

the Fallen Springs segment along a deeply dissected alluvial
fan that is possibly early middle Pinedale in age (about 25
ka). The trench is situated across a single, moderately
degraded fault scarp; however, it appears that an older, more
degraded scarp occurs about 30 m upslope. The trench
(Figure 4) is approximately 35 m long and up to 3.7 m
deep.

The footwall (southeast end of the trench) is comprised
of a thick sequence of debris flow and fluvial deposits. The
upper 1 m of the trench is comprised of a mixture of
colluvium and debris flow deposits (units 2 and 3) which we
interpret to possibly represent the distal portion of a
colluvial wedge formed from the faint upslope scarp.

The hanging wall of the trench is comprised of debris
flows buried by two colluvial wedge deposits which, in
turn, are overlain by a thick locss/colluvium unit. The
lower colluvial wedge (C-l) represents the penultimate
rupture event and grades from coarse, proximal fades gravel
to fine-gravelly sand. This unit was backtilted slightly
toward the southeast during the MRE. Unit (C-2) also
contains a distal and proximal facies. The distal end of the
colluvial wedge grades into the loess/colluviucn unit (C-2a)
suggesting that the MRE either slightly predates or is
contemporaneous with deposition of the loess.

We interpret the exposures at this site to represent three
surface rupture earthquakes. The oldest event is represented
by the colluvial deposits in the upper portion of the
footwall exposure. The minimum cumulative vertical
displacement for the two events associated with the exposed
fault is about 3.7 m. Individual minimum displacements
for these two events is about 1.8 m.

Coyote Springs Site
This site is located near the central part of the proposed

Fatten Springs segment at an approximately 1 km right
double-bend in the fault. The trench is approximately 65 m
long and up to 3.5 m deep. The footwall of the trench
exposes a thick section of debris flows and fluvially
reworked deposits. A zone of shearing and associated fracture
fill deposits about 4 m-wide is located about halfway along
the length of the trench. The footwall consists of faulted
debris flow deposits overlain by proximal and slope wash
facies tectonic colluvial deposits related to two surface
rupture events. The scarp-derived colluvium is then buried
by a silt-rich debris flow deposit. This deposit is, in turn,
faulted at its upslope end and is overlain by a relatively thin
colluvial wedge.

The oldest colluvial wedge, (Cl), is not extensive in the
trench exposure mainly because the majority of the unit has
been faulted by the two subsequent events within the broad
zone of shearing. The penultimate event (C2) is represented
by a relatively thick, up to 0.5 m proximal, clast-supported

coUuvium which is overlain by a slope wash facies
colluvium up to 0.5 m thick. The upslope end of this
colluvial sequence lias been faulted during the MRE, The
penultimate event colluvium is overlain by a silt-rich,
relatively clast-poor debris flow unit (SUIX) that is
compositionally and stratigraphically very similar to the
thick loess unit exposed in the prior three trenches. The
silty debris flow unit has been faulted at its upslope end and
is overlain by a relatively thin (< 0.5 m thick) colluvial
wedge.

AGE ESTIMATES OF SURFACE RUPTURE EVENTS

Ten TL and two 1 4 C age estimates constrain the
timing of faulting along the Howe and Fallen Springs
segments as exposed in the three southern trenches (Tables
1 and 2). Results from the Coyote Springs site are not yet
available. The application of TL to dating tectonic events
has been tested largely along the Wasatch and East Cache
faults in Utah and TL results have been calibrated with
radiocarbon age estimates in some locations [19,20,21].
We have used TL in the Lcmhi fault trenches because of the
sparsity of charcoal in the area, its ability to provide dates
beyond the radiocarbon method, and because TL allows a
more direct date of tectonic events by dating deposits
resulting from surface rupture events. The scdimentology
of scarp-derived colluvium is described in detail in
McCalpin [18], Forman ti at. [19], Nelson [22], Forman
[23].

East Canyon Site
The oldest event exposed in this trench, represented by

proximal wedge (unit C-l), could not be dated. The
penultimate event is represented by proximal wedge deposits
(C-2) including the carbonate Stage III unit (C-2a). The
loess/colluvium (unit 2xb) directly overlying this unit
provides a minimum date of greater than 16,000 ± 3,200
years B.P. [TL-F90-ID5], The degree of carbonate
development in the soil suggests that this event may have
occurred much earlier than this minimum date. The MRE,
represented by unit C-3, is interfingered with loess of unit
2xb. This suggests that the MRE occurred during or
relatively shortly after the last major influx of loess into the
area. TL samples taken from the fine-grained unit directly
below and above the C-3 unit provide bracketing ages for
that unit between 18,800 ± 2,400 years B.P. [TL-F90-ID7]
and 15,000 ± 2,400 years B.P. [TL-F90-1D8J. This range
of ages, from about 19,000 to 15,000 years ago, also
provides us with an estimate of the timing of the last period
of major loess deposition in the ESRP.

Black Canyon Site
The oldest event, represented by colluvial wedge (C-l),

overlies an undeformed debris flow deposit (unit2x) that has
been incised by a small channel containing charcoal
providing Accelarator Mass Spectrometry (AMS) age
estimates of about 27,000 ± 200 to 28,000 ± 200 years
B.P. [INEL-BG2 and 3 (corrected after Stuiver and Reimer
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Table 1. Tliermolumincsccncc Data and Age Estimates for Samples Collected from Trench Excavations Across the Lemhi fault. Idaho.
Field Lab Stratigraphic Unit Equivalent Light Temperature Equivalent TLage
No. Sample Dose Method1 Exposure2 {"Cy Dose (grays) est.(ka)4

No
HLACK CANYON TRENCH. HOWE SEGMENT
F901D1 ITL-296 Buried Av, unit 2xs Total Bleach 16hsun 270-370 86.20 ±14.90 24.7 ± 3.1
F90-1D2 1TL-283 Distal coll.. unit lxa Total Bleach 16hsun 270-400 72.60 ±26.40 17.4 ± 3.9
F90-1D4 1TL-279 Distal coll.. unit lx Total Bleach 16h sun 270-400 81.55 ±19.20 23.6 ± 3.7
EAST CANYON TRENCH, HOWE SEGMENT
F)0-lD5
p;o-iD7
FJ0-ID8

rrL-284
rrL-280
1TL-297

Distal coll.,
Distal coll.,
Distal coll.,
2xa/2x

unit 2xb
unit 2xb
unit

Total Bleach
Total Bleach
Total Bleach

16hsun
16hsun
16hsun

270-400
270-380
270-400

65.80 ±19.44
94,90 ±15.60
57.66 ±11.55

16.0 ± 3.2
18.8 ± 2.4
15.0 ± 2.4

CAMP CREEK TRENCH, FALLERT SPRINGS SEGMENT
F90-1D9
F90-ID12
F90-1D13

F90-ID14

ITL-285
ITL-281
1TL-298

1TL-301

Distal coll., unit C2a
Distal coll., unit C2a
Buried Av, unit
4SAv
Surface A horizon

Total Bleach
Total Bleach
Total Bleach

Total Bleach

16hsun
16hsun
16hsun

16hsun

270-400
270-370
270-400

270-400

79.97 ± 21.08
100.23 ± 7.26
330.12 ± 275%

6.16 ±1.68

18.8 ± 3.3
24.0 ± 2.3
73.6 ± 6.2

1.5 ± 0.3
1 All Tl. measurements were made with a Schott UG-11 and HA-3 filters in front of the pbotomnlliplierlube.

Samples were preheated to 150°C for 16 hours prior to analysis.
2 Hours of light exposure to define residual level. "Sun" is natural sunlight in Boulder, Colorado.
1 Temperature range used to calculate equivalent dose.
4 Ail errors arc at one sigma and calculated by averaging the errors across the temperature range.
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Table 2. Radiocarbon Age Estimates1 on Charcoal Located in Small Channel Deposit in Black Canyon Trench.
Sample

Identification Description
Weight

used(mg)
IsoTraceLab

Number
1 4 CAge

(yetrsB-P.)2

INEL-BG2
1NEL-BG3

charcoal
charcoal

1270
629

TO-2059
TO-2060

24,120 ± 220
25.100 ±199

1 Accelerator Mass Spcctromctry (AMS) dates provided by isoTnce Radiocarbon Laboratory, Toronto, Canada
2 Analysis was conducted for nonnal precision and have been corrected for natural and sputtering fractionation to a base of d^C « -25%a

Sample ages arc uncalibrated conventional dates using Libby 14C meanlife of 8033 years. Errors represent 68.3% confidence limits.



[24]). A buried soil Av horizon in that unit was buried by
the C-1 wedge and provides a TL age of 24,700 ± 3.1 for
unit 2x. This is in close agreement with the radiocarbon
ages and provides a means for calibration of the TL in the
trench. This TL date also provides a maximum age since
the deposition of the oldest colluvial wedge. The
penultimate event, represented by colluvial wedge (C-2),
was not directly dated. The MRE is represented by colluvial
wedge C-3 which is buried by loess/colluvium (unit Ixa)
representing the wash facies colluvium deposited shortly
after the faulting event between 17,000 ± 4000 and 23,600
± 3,700 years ago ITL-F90-ID2 and TL-F90-ID4,
respectively]. Interpretation of the exposures from this
trench suggest that the three most recent rupture events
occurred within a 7,000 year span of time along this portion
of the Lemhi fault.

Camp Creek Site
The oldest event exposed in the trench may be

represented by the distal colluvium (units 2 and 3) of a
wedge derived from the degraded upslope scarp (Figure 4).
A soil Av horizon buried by the distal colluvium provides a
maximum age for the oldest event of 73,600 ± 6,200 years
B.P. Distal colluvium (C-1) associated with the
penultimate event and colluvium (C-2) associated with the
MRE is overlain by wash facies colluvium and loess (C-2a)
of the latest event that was sampled for TL analysis. These
samples provide a minimum estimate for the timing of the
MRE of 18,800 ± 3,300 to 24,000 ± 2,300 years B.P. [TL-
F90-ID9 and TL-F90-1D12, respectively].

Covote Springs Site
We have not received results of the TL analyses at this

site, however, some preliminary estimates of faulting ages
can be made for the penultimate and most recent events
based on stratigraphic relationships, soil development, and
similarities to sites to the south. The penultimate event
colluvial wedge is overlain by a silt-rich debris flow unit
that was subsequently faulted by the MRE and overlain by
its associated colluvial wedge. We interpret this debris flow
unit to be genetically related to the massive loess unit to
the south, however, the aeolian silt was not as extensive to
the north and only a thin cover was deposited. At some time
shortly after the penultimate event, due in part to the
oversteepened fault scarp, a debris flow comprised mostly of
silt was deposited across the scarp and along the base.
Therefore, the age of this unit is approximately 17,000 to
24,000 years, or slightly younger. This provides a
minimum age estimate for the penultimate event of greater
than about 17,000 to 24,000 years. Soil development on
the MRE colluvial deposit is very weak with only thin
carbonate films along the base of a few clasts and virtually
no carbonate or clay in the matrix. Correlation of the faulted
stlty debris flow unit to the loess unit to the south provides
a maximum age limit for this event at about 17,000 to
24,000 years. The youthful appearance of the deposit
suggests that it may be considerably younger and is
possibly Holoccne in age (< 10,000 years).

CONCLUSIONS

The palcoseisnuc evidence from these trenches suggests
that: 1) the MRE at the East Canyon site (southernmost
Howe segment) may have been more recent than the MRE
at the Black Canyon site further to the north along the same
segment; 2) the penultimate event at the Black Canyon site
may correlate with the MRE at the Camp Creek site; 3) the
current segmentation model for the southern Lemhi fault
may be inappropriate; 4) temporal clustering of events, i.e.,
non-uniform recurrence may be typical for the southern
Lemhi fault; and 5) the sizes of associated earthquakes are
about Mw 6 3/4 to 7 based on the estimate of single event
displacements and comparisons with other Basin and Range
faults.
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ABSTRACT

A seismic probabilistic risk assessment (PRA) was performed for the
Department of Energy (DOE) Advanced Test Reactor (ATR) as pan of the
external events analysis. The risk from seismic events to the fuel in the core
and in the fuel storage canal was evaluated.

The key elements of this paper are the integration of seismically induced
internal flood and internal fire, and the modeling of human error rates as a
function of the magnitude of earthquake. The systems analysis was per-
formed by EG&G Idaho, Inc. and the fragility analysis and quantification
were performed by EQE International, Inc. (EQE).

INTRODUCTION frequency from seismically induced internal fires
or floods, and from seismically induced leakage or

EG&G Idaho has been performing the external r u P t u r e i n t h c f u c l s t o r a S c P ° o 1 ' h a s n o t b e e n

events analysis as part of the Level 1 PRA for the evaluated. For the ATR, the impact of scismically
ATR. The seismic analysis is an integral part of the i n d u c e d flood *°* fm o n * * s a f e t y components
external event and spatially dependent accident w a s modeled explicitly. The ATR PRA program
analysiscftheATRPRA.Thispaperdescribesthe w a s sponsored by the DOE under contract
integration of seismically-induced internal flood N a DE-AC07-76ID0157O.
and *t«nai foe ™ the seismic risk analysis por- D E S C R I P n 0 N 0 F T H E P L A N T

tion of the PRA performed for the ATR. The
human error rates also were explicitly modeled as Thc A T R i s a 250-MWA test facility located at
a function of the magnitude of earthquake. t h e I d a h o N a t i o n a l Engineering Laboratory

(INEL). The ATR, which began operation in 1968,
In most modern PRAs for U. S. commercial has a smaller core, higher power density, lower

nuclear power plants, the impact on core damage primary coolant system (PCS) pressure and
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temperature (350 psig and 170°F), and greater
ratio of coolant weight to power, than typical
commercial pressurized water reactors.

Designed to study the effects of intense irradi-
ation on samples of reactor materials, the unique
cloverleaf shape of ATR's 1.2-m high core pro-
vides positions for nine in-pile tubes (flux trap
positions), and numerous smaller irradiation loca-
tions. The lobes of the cloverlcaf core allow vari-
ous power levels to be established at different lobe
positions. Separate loop systems for each in-pile
tube provide coolant at the experiment's desig-
nated temperature, pressure, and flow rate. A com-
parison of the ATR to a typical commercial
pressurized water reactor (PWR) is presented in
Table 1.

The top of the ATR reactor vessel is located at
ground level, and two floors below house PCS
pumps and heat exchangers, switchgear, loop sys-
tems, and other equipment. Framed with structural
steel, the confinement structure above the reactor
is designed as a barrier to radionuclide release into
the atmosphere.

The ATR was originally designed to 1960
Uniform Building Code (UBC) Zone 2 provisions.
Some of the structures and components were later
evaluated for a safe shutdown earthquake (SSE)
of 0.24 g. It is planned that the ATR remain in
operation through the first decade of the next cen-
tury, so an assessment of the additional risk posed
by earthquakes is in order. The seismic accident
sequence analysis performed for the ATR includes

Table 1. Comparison of ATR and PWR characteristics

Reactor Operating Conditions ATR PWR

Power (MWth)250
Core power density (MW/1)
Operation pressure (psig)
Inlet temperature (°F)
Outlet temperature (°F)
Primary coolant flow rate (gpm)
Primary coolant weight (lb)
Primary coolant weight/thermal power (lb/MW)
Decay Heat (MW at 10 s)

(MWatld)
Fuel

Total Uranium weight (lb)
Enrichment {% U-235)
Configuration

Matrix
Fuel temperature (°F)
Fission product inventory
at250MW ATR

20WM000
1
355
125
170
<48,000
600,000
2,400
13
1.3

89
93
48 in. long
Al plates
attached to
side plates
UA1X

430
60-d operation

0.1
2250
550
600
300,000
450,000
170
135
19

180,000
2-4
Zircrods
containing
stacked
pellets
UO2

2000-3000
10 times
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a unique fault tree based treatment of seismically
induced fires and floods.

METHODOLOGY

Through the following six steps, this complete
seismic risk analysis considers all factors neces-
sary to estimate the frequency of fuel damage at
ATR:[1]

• Determine the earthquake hazard (hazard
curves and site spectra)

• Identify accident scenarios for the ATR that
lead to fuel damage (initiating events and event
trees)

• Determine failure modes for the ATR safety
and support systems (fault trees)

• Determine fragilities (probabilistic failure
criteria) for the important structures and
components

• Compute the frequency of fuel damage by
developing and quantifying the accident
sequence Boolean equations

• Estimate uncertainty in the fuel damage
frequency.

HAZARD ANALYSIS

The INEL site covers approximately 2300 km2

of southeastern Idaho. The ATR is located in the
southwestern part of the INEL.

The INEL site lies in the eastern end of the
Snake River Plain. This relatively aseismic area is
bordered on the south, east and north by the Inter-
mountain Seismic Belt (1SB), a region of general
seismic activity that includes parts of five states
and stretches from Arizona to Montana. The most
recent earthquake in the ISB was the surface wave
magnitude 7.3 Borah Peak event in October of
1983, which occurred in central Idaho about

120 km northwest of the Site and registered an
acceleration of .025 g at the ATR.

ATR site specific hazard curves were not avail-
able. Therefore, the EBR-II site specific hazard
curves developed by Risk Engineering, Inc. were
used. [2] The EBR-II is located at the INEL Site
approximately 25 km east of the ATR.

INITIATING EVENTS

The Level 1 internal events analysis for the
ATR PRA, completed in December of 1989,*
included development of accident scenarios that
lead to fuel damage. For the seismic analysis, two
unique event trees were developed to model dam-
age to fuel in the core and in the storage canal. The
core fuel damage event tree as shown in Figure 1,
based upon the loss of commercial power event
tree from the internal events analysis, includes
explicit modeling of seismically induced loss of
coolant accidents (LOCAs).

LOCA events in the primary system piping
were divided, based on their effects on availability
of safety systems. The safety system, such as the
low pressure demineralized water system, pro-
vides the coolant to the core as well as to the fuel
storage canal. Therefore, the state of the safety
systems for the reactor was modeled explicitly in
the canal event tree. The storage canal event tree
was based on the loss of canal integrity event from
the internal event analysis.

FAULT TREES

The system models created for the ATR PRA
were modified using the guidelines provided in
NUREG/CR-4826 for use in the seismic analy-
sis. [3] First, all events that did not appear in the
final dominant accident sequences of the internal
events analysis, and whose unavailability was less

* Unpublished research results of the Advanced
Test Reactor Probabilistic Risk Assessment,
EG&G Idaho, Inc., 1990.
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Figure 1. Seismic event tree.

than 1.0E-O4, were eliminated from the fault tree
models. Exceptions were made for common cause
events.

Then, seismic failure modes were added for all
major components and structures, for exam-
ple, pumps, tanks, diesels, block walls, etc. The
unique characteristic of the analysis was the ex-
plicit modeling of spatial effects of seismically
induced internal flood and fire at the fault tree
level, for example, loss of a safety pump due to
seismically induced failure of the nearby fire pro-
tection piping. The seismic fragility of the fire pro-
tection piping, was explicitly modeled as one of
the failure modes of a component, due to water
intrusion or flooding. The propagation of the
flood, was also modeled explicitly. Similarly, spa-
tial effects of the seismically induced fire, and the
effects of the actuation of the fire suppression sys-
tem on nearby safety components, were modeled
explicitly at the fault tree level.

FRAGILITY ANALYSIS

Seismic fragilities, for the important structures
and equipment that were modeled in the event and
fault trees, were developed by EQE. The steps

involved in the fragility analysis were: (a) review
of the plant design and seismic qualification infor-
mation, (b) plant walkdowns, (c) a simplified seis-
mic response analysis to obtain realistic floor
response, and (d) estimation of the fragility
parameters Am, J3R, and Pu. of structures and
equipment.

The review of plant design criteria provided
the following information: The ATR buildings and
the overhead storage tank were analyzed using
Housner's spectrum anchored to an SSE of 0.24 g.
No specific seismic criteria were used for the
equipment within the buildings.

Two plant walkdowns were conducted for the
ATR seismic PRA. The first walkdown encom-
passed a review of components identified by
EG&G Idaho in the initial equipment list, along
with the supporting structures. Only components
that could be accessed were reviewed. The second
walkdown included the review of the majority of
components which could not be accessed during
the first walkdown, and additional equipment
items identified in the interim.

The procedure used in the walkdowns was to
generally examine the structures for lateral
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resistance, look for seismic supports and bracing
of equipment, visually confirm the adequacy of
anchorage of equipment, and search for potential
spatial seismic interactions. Physical dimensions
of equipment were taken in most cases; these were
supplemented by photographs of the equipment
taken prior to and during the walkdown by EG&G
Idaho and EQE. The walkdown revealed instances
of unanchored equipment, unreinforced masonry
walls in the vicinity of critical equipment, equip-
ment supported on vibration isolators, and poten-
tial for seismic failures of fire water piping
contributing to risks from seismically induced
fires and floods.

Previous seismic analyses of ATR had
assumed that the reactor building substructure
located at or below grade is rigid, and that floor
response spectra are the same as the ground spec-
tra. Preliminary review performed in the present
study indicated that the substructure fundamental
horizontal frequencies are in the 10 to 20 Hz
range. To account for ground motion amplifi-
cation, a median centered response analysis was
performed to obtain realistic floor spectra for
equipment fragility evaluation. The median
NUREG/CR-0098 ground response spectra for
rock sites were used as seismic input in this
response analysis.[4]

Over 90 seismic basic events, that is structures
and equipment, were modeled in the seismic event
and fault trees. However, based on the walkdown
and comparison with median floor spectra to the
ground motion spectra, approximately 45 seismic
basic events, which were found to have median
ground acceleration capacities greater than 2.0 g.,
were judged to not contribute significantly to
seismic risk of ATR, and screened out from the
quantification.

Seismic fragilities were developed for the
remaining components by identifying credible
failure modes and estimating the seismic margins

arising from different sources, for example,
strength, ductility, equipment response, and struc-
tural response. Both medians and variabilities
were evaluated for these margins.

Finally, the median ground acceleration capac-
ity of each component along with the values of
logarithmic standard deviation of capacity PR,
such as randomness, and logarithmic standard
deviation of uncertainty (3tj in the median capacity,
were derived. Knowing these parameter values,
the complete family of seismic fragility curves for
the component could be developed (see Figure 2).
It was found that more than 15 components had
median seismic capacities less than 0.3 pga. As a
result of upgrading these components, the risk
reduction was subsequently studied.

HUM AN RELIABILITY ANALYSIS

The human actions that occur after the earth-
quake were evaluated in a two step process. All the
human actions were given a screening evaluation
using the ASEP methodology. [5] Those actions
that appeared to be important following the initial
sequence analysis were given a more rigorous
treatment using THERP[6] and HCR.* Twelve
human actions which take place after the earth-
quake were evaluated in this manner. All twelve
events have certain aspects in common. First, an
earthquake of sufficient magnitude to fail com-
mercial power is postulated. Second, both the
running and the backup diesei generators fail, and
the emergency backup diesei is called upon to
start. (There are three diesei generators. Two
diesei generators are assumed to fail at a moderate
level of earthquake and are assumed to be unavail-
able from the beginning of the transient.) These
twelve human actions were modeled assuming a

* Unpublished research results on the Human
Cognitive Reliability Model for PRA Analysis,
NUS Corp., December 1984.
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Figure 2. Fragility curve for a selected component (Am =1.19 g, PR = 0.22 and fJrj = 0.31).

moderate stress level, as a result of an earthquake
below the SSE value, and assuming a severe stress
level as a result of an earthquake greater than the
SSE value.

QUANTIFICATION

The CAFTA code package was used to devel-
op accident scenario equations with initiators and
all seismic failure mode events.[7] These equa-
tions were then quantified over the entire spectrum
of possible earthquakes by EQE using a process
that combined the sequence boolean logic, the
seismic hazard curves, the seismic fragilities and
nonseismic unavailabilities, including human
actions. Uncertainty analysis using numerical inte-
gration (Discrete Probability Distribution) was
performed.

RESULTS/INSIGHTS

The following insights were gained from the
preliminary analysis:

Fuel damage frequency from the seismically
induced fire and flood is less than 7% of the total
fuel damage frequency estimated for the seismic
analysis. A sensitivity analysis indicated that if
penetrations through the diesel pit, which is
located above the switchgear room are upgraded,
then the contribution to the fuel damage frequency
would be reduced to less than 2%.

A seismically induced failure of the surge tank
was identified to result in a LOCA. Proper support
to this tank would eliminate this LOCA sequence,
and contribution to the fuel damage frequency
would be reduced by 21%.
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Human errors contributed 9% to the total fuel
damage frequency from the seismic risk. How-
ever, v;hen the analysis was carried out only for
the se\?re stress level, the contribution to the fuel
dams. .«$ frequency increased by 24% and
decreased by 2%, when the analysis was carried
out only for the moderate stress level.

Total contribution from only the seismic fail-
ures (nonsdsmic failures were removed from the
Boolean equations) was estimated to be 90% of
the total mean core fuel damage frequency esti-
mated from the seismic risk.

Low median capacity components, which
could be fixed at relatively low cost, were
removed from the Boolean equations. The analysis
results indicated over 70% reduction in the final
core fuel damage frequency from the seismic risk.

The contribution to the total fuel damage fre-
quency (core and storage pool) from the canal
event, was found to be negligible.
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H FACTOR EXTERNAL EVENTS PROBABILISTIC RISK
ASSESSMENT USING NUREG-1150 METHODS
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P. 0. Box 1970
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The N Reactor external events probabilistic risk
assessment is the first Level III effort com-
pleted for a DOE Category A reactor. Many
engineering insights and relevant lessons were
learned through the evaluation process. A list
of plant modification recommendations for further
risk reduction was also provided to the reactor
staff. This study concluded that risk from
operating N Reactor is small and comparable to
those of the commercial reactors.

INTRODUCTION

During the early 1980's, the
U.S. Department of Energy (DOE)
and its contractors became
increasingly aware of the need to
evaluate the residual risk in the
operation of the production
reactors. As a result,
Westinghouse Hanford Company
(Westinghouse Hanford) undertook
a four-year, multimillion dollar
full-scope probabilistic risk
assessment (PRA) for the
N Reactor.

The N Reactor, located on
the Hanford Reservation in the
State of Washington, is a DOE
category A reactor. A full-scope
Level III PRA was initiated in
1986 and completed in 1990. This
task was a joint effort by
Science Applications Interna-
tional Corporation (SAIC), Sandia
National Laboratories (SNL), and
Westinghouse Hanford. The
methods developed for the U.S.
Nuclear Regulatory Commission
(NRC) by SNL in support of the
NUREG-1150,[1], effort were
adapted for this work. The prime

objectives of the study were to
(1) assess the risks from both
internal and external initiators
to the public and to Hanford
onsite workers, (2) compare
N Reactor risks to the NRC safety
objectives and the proposed DOE
nuclear safety guidelines, and
(3) identify modifications to the
plant for further safety
enhancement.

The internal events portion
of the PRA was completed in early
1989, and the entire Level III
PRA with external events was
completed in late 1990. This
paper presents the results for
both internal and external events
including earthquakes and fires.
The assessment was based on the
N Reactor mission and fuel load
that existed before the adminis-
trative standdown of the reactor
in 1988. This PRA effort was
reviewed extensively by SNL and
Westinghouse Hanford technical
personnel, and approved by the
management. An Independent
Review Board, including many
outside experts, also reviewed
this work throughout the project.
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DESCRIPTION OF N REACTOR

N Reactor is a dual-purpose
4000 MWt pressurized light-water
reactor designed by General
Electric. The reactor began
operation in 1963 and generated
860 MWe for the Washington Public
Power Supply System. The primary
mission of the N Reactor was
production of special nuclear
material for the DOE. The
reactor was put into administra-
tive standby status in 1988
because of the reduced need in
special material.

The uranium fuel is arrayed
in 1003 horizontal tubes through
which the light water coolant
flows. There are twelve steam
generators. Two diverse reactor
protection systems provide for
rapid reactor shutdown—a system
of horizontal boron-carbide
control rods and a system of
boron-carbide balls held in
hoppers above the core. The
emergency core cooling system
(ECCS) has diesel-driven pumps.
A graphite and shield cooling
system (GSCS) is designed to
remove heat from the moderator
during normal operation. The
GSCS is capable of preventing
core damage without additional
assistance from the ECCS after
the reactor had been shutdown and
cooled for approximately 2 h. A
high-pressure injection system
can provide 600 gal/min of makeup
coolant. The reactor was
designed with a confinement. The
confinement principal allows
filtered release during
accidents. A hydrogen mitigation
system was installed as part of
the safety enhancement program.

METHODOLOGY

The NUREG-1150 methodology
adapted for this PRA was com-
prised of five parts with the

fifth part integrating the other
four. The first four were esti-
mations of accident sequence
frequencies; assessment of
accident progression
possibilities, confinement
loadings, and structure
responses; calculation of radio-
active material transport within
the plant; and estimation of the
consequences of releasing that
radioactive material. The fifth
part integrated the risk results
including uncertainty of the
other four parts. An important
characteristic of this PRA method
was the explicit inclusion of an
estimation of the uncertainties
in all phases of the calculation
of risk.

The Level I analysis was
performed separately using the
SETS code,[2], for external
events and CAFTA code,[3], for
internal events. The Level I
analysis was incorporated into
the typical NUREG-1150 risk
integration process using the
TEMAC code,[4],

The next stage of the
analysis was the accident
progression analysis using the
EVNTRE code,[5]. The accident
progression analysis communicated
its information to the source-
term portion of the work through
a post-processor and rebinner,
called PSTEVNT,[6]. A general-
ized parametric source-term model
was written for the NUREG-1150
study, known as XSOR,[7]. When
it is applied to a specific
plant, parts of the code must be
amended. The N Reactor specific
version is called NSOR.
Westinghouse Hanford and SNL
analysts performed many N Reactor
accident progression analyses
using the computerized simulation
codes such as HELCOR,[8],
CONTAIN,[9], and HECTR,[10-12].
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In the Level III portion,
the source terms were binned
together based on their
health-effect potentials. This
grouping was performed through
the post-processor code called
PARTITION,[13]. Ex-plant conse-
quences, both on and off the
Hanford Site, for severe
accidents postulated to occur at
the N Reactor were calculated
using the MACCS code,[14]. The
MACCS code models radioactive
releases to the atmosphere and
the effects downwind during an
assumed event. The risk integra-
tion and regression analysis was
performed using PRAMIS/SAS,[15],
and the overall integrated risk
analysis was performed using
Latin Hypercube sampling
program,[16].

Important sources of
uncertainties in all PRA stages
were considered in this study.
Parameters were chosen to be
included in the uncertainty
analysis if they were estimated
to be important to risk. In
cases where the expert panels
were used, probability distribu-
tions were obtained using
formalized procedures designed to
minimize bias and maximize
accuracy and scrutability of the
results.

This full-scope Level III
PRA included the following
elements:

Evaluation of core damage
frequency from internal and
external events

Accident progression event
tree for primary system and
confinement responses

Parametric source-term model
for determining source-term
groups

• Deterministic analyses for
validating parametric
source-term model

• Offsite and onsite conse-
quence analyses

• Risk integration and
uncertainty analysis

• Assessment of safety
enhancement and risk
reduction potential

• Comparison to DOE and NRC
quantitative nuclear safety
guidelines.

RISK ANALYSIS RESULTS

The internal event Level I
PRA was jointly performed by SAIC
and Westinghouse Hanford, and
completed in 1987. A detailed
uncertainty study was performed,
and the resulting mean core
damage frequency (CDF), because
of internal events, was
1.4 x 10"4 per year (of
operation). Although the CDF was
comparable to commercial nuclear
power plants, N Reactor accident
progression was very different
from commercial reactors. Most
of the N Reactor internal event
core damage sequences ended in
partial core scenarios. In fact,
less than 2% of the internal
event CDF involved 100% core
damage; and about 96% resulted in
less than 50% code damage.

The external events and
Level II/III portions of this PRA
were performed by SNL and
Westinghouse Hanford and were
completed in 1990. Detailed
analyses of the fire risk and
seismic risk resulted in mean
CDFs of 1.9 x 10~5 per year and
1.7 x 10~4 per year,
respectively. It was noted that
most of the external event
sequences resulted in 100% core
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damage (86% for fires and 90% for
seismic events). Therefore, the
risk contribution from external
events is higher than from
internal events.

The estimated risks to the
general public from internal
events, fires, and seismic
events, were calculated. Table 1
presents summary statistics of
the calculated probability dis-
tributions for the risk measures
in terms of early fatalities and
latent cancers initiated by
internal events. All of the risk
values including uncertainties
were very low. The MACCS code
also calculated population doses,
in terms of person-sieverts per
year, within 50 mi and 500 mi.
The public cost is the equivalent
annual insurance premium for the
estimated risks.

Table 2 presents summary
statistics of the calculated
probability distributions of the
same risk measures to the public
by fire. As mentioned before,
most of the CDF (86%), because of
fire, involved the entire core
region. Consequently, the
overall fire risk was slightly
higher than the internal events,
although the CDF was actually
lower.

Table 3 summarizes the cal-
culated distributions for the
same risk measures to the public
by seismic events. In general,
the public risks from the seismic
event are much higher than those
from internal events and fire
events because more 100% core
damage sequences (90%) are
involved and the CDF is the
highest. The seismic uncertainty
distribution was wider than both
internal event and fire because
of high uncertainty associated
with both the seismic analyses
and the basic phenomena.

As expected, seismic core
damage contributes the majority
of the public risk in each of the
risk measures. The seismic
assessment is also the most
uncertain; however, all of the
risks presented are quite low.
Seismic events contribute 72% of
the public early fatality risk
and 88% of the public cancer
risk. Fire events contribute 28%
of the public early fatality risk
and 6% of the public latent
cancer risk.

In the following paragraphs,
the calculated risks to the
Hanford Site worker population
are presented. The summary
statistics of the calculated
probability distributions because
of internal events are presented
in Table 4. Three risk
measures—early fatalities,
cancer fatalities, and population
dose within 25 mi are considered.

The early fatality risk is
considerably higher than that in
internal events because the
onsite population is closer to
the reactor. The cancer fatality
risk is lower than that for
public risk because the popula-
tion being considered in the
Hanford Site is lower than the
public population, and the
duration of effect is shorter.

Tables 5 and 6 present
summary statistics of the calcu-
lated onsite risk distributions
by fire and seismic events for
the same risk measures. The
general conclusions on the risk
distributions for the public also
apply to the onsite risk.

In the NUREG-1150 study,[l]r
internal event assessments were
completed for five commercial
nuclear plants (Surry, Sequoyah,
Zion, Peach Bottom and Grand
Gulf); and fire events were
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Table l. N Reactor Public Risk summary
Statistics Per Year (Internal Events).

Risk Measures

Early Fatalities

Cancer Fatalities

Population Dose (<50 mi)

Population Dose (<500 mi)

Public Cost

Quantiles

5%

0

6.8E-5

1.1E-3

3.9E-3

1.5E+1

50%

1.5E-14

9.7E-4

9.5E-3

5.5E-2

3.2E+2

95%

2.5E-12

1.9E-2

1.7E-1

1.1E+0

6.9E+3

Mean
9.7E-13

4.1E-3

3.5E-2

2.2E-1

1.7E+3

Table 2. N Reactor Public Risk summary
statistics Per Year (Fire Events).

Risk Measures

Early Fatalities

Cancer Fatalities

Population Dose (<50 mi)

Population Dose (<500 mi)

Public cost

Quantiles

5%

2.8E-11

2.3E-4

4.0E-3

1.3E-2

6.0E+1

50%

1.8E-10

2.1E-3

2.3E-2

1.1E-1

6.4E+2

95%

3.8E-9

1.7E-2

9.9E-2

9.3E-1

9.1E+3

Mean
8.6E-10

4.2E-3

3.3E-2

2.2E-1

2.0E+3

Table 3. N Reactor Public Risk summary
Statistics Per Year (Seismic Events}.

Risk Measures

Early Fatalities

Cancer Fatalities

Population Dose (<50 mi)

Population Dose (<500 mi)

Public Cost

Quantiles

5%

5.3E-12

2.5E-4

2.5E-3

1.3E-2

3.9E+1

50%

1.6E-10

4.9E-3

4.OE-2

2.6E-1

9.5E+2

95%

8.5E-9

3.4E-1

2.9E+0

1.8E+1

6.6E+4

Mean

2.2E-9

6.OE-2

4.1E-1

3.2E+0

1.4E+4
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Table 4. N Reactor Ranford Sit* Worker Risk Summary
Statistics Per Year (Internal Events).

Risk Measures
Early Fatalities

Cancer Fatalities

Population Dose (<25 mi)

Quantiles

5%

1.4E-11

9.4E-6

6.0E-4

50%

1.4E-8

7.1E-5

4.4E-3

95%

2.1E-6

1.2E-3

7.7E-2

Mean
1.0E-6

2.7E-4

1.7E-2

Table 5 N Reactor Ranford Site Worker Risk
Sunmai a Statistics Per Year (Fire Events).

Risk Measures

Early Fatalities

Cancer Fatalities

Population Dose (<25 mi)

Quantiles

5%

1.1E-5

4.3E-5

2.4E-3

50%

4.6E-5

1.8E-4

1.1E-2

95%

2.4E-4

6.0E-4

3.7E-2

Mean
S.3E-5

2.3E-4

1.4E-2

Table 6. N Reactor Hanford Site Worker Risk Summary
Statistics Per Year (Seismic Events).

Risk Measures

Early Fatalities
Cancer Fatalities

Population Dose (<25 mi)

6.

2.

1.

5%

OE-6

3E-5

2E-3

9

3

2

Quantiles

50%

.9E-5

.6E-4

.OE-2

95%

5.4E-3

1.8E-2

9.1E-1

8

3

1

Mean

.6E-4

.OE-3

.6E-1
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completed for two plants (Surry
and Peach Bottom). No NUREG-1150
plants have yet reported risk
results from seismic events.
Tables 7 and 8 display the
N Reactor public risk comparisons
to commercial reactors in the
areas of internal events and fire
events, respectively.

COMPARISON TO NRC SAFETY
OBJECTIVES AND NUREG-1150

The NRC safety
objectives,[17], deal with risk
to the general public in terms of
early fatalities and latent
cancers for an "average"
individual. While the NRC safety
objectives policy was published
in 1986, it has undergone
evolution and interpretation in
actual practice. The safety
objective comparisons performed
for the reissued NUREG-1150 (see
Reference 1) included the NRC
objectives, which are defined in
terms of the following risk
measures.

(1) The early fatality risk to
the population living within
1 mi of the plant site as a
result of reactor operation
should be less than 0.1% of
the prompt fatality risks
from other causes. This
calculation for NUREG-1150
was based on the actual
population living within
1 mi of the plant.

(2) The latent cancer risk to
the population living within
10 mi of the plant site as a
result of reactor operation
should be less than 0.1% of
the latent cancer risk from
other causes.

The first quantitative
safety objective, 4 x 10 per
individual year, is taken as one
part in a thousand of the average

accidental fatality rate in the
United States, and the second
objective, 2 x 10"6 per
individual year, is one part in a
thousand of the average U.S.
cancer fatality rate.

In the NUREG-1150 study,
internal event risk and fire risk
were compared separately to the
NRC safety objectives. The
discussion of the NRC safety
objectives indicates that
uncertainties are to be con-
sidered when performing safety
objective comparisons. However,
the NRC adopted the use of mean
estimates for the purposes of
implementing the quantitative
safety objectives. These
objectives are not intended to
become requirements. Rather,
quantitative safety objective
comparisons are to be combined
with other information about the
plants to ascertain whether or
not safety is at an adequate
level.

The N Reactor site differs
from commercial reactor sites in
that no one lives within 1 mi of
the reactor. For situations like
this, the wording of the NRC
quantitative safety objectives
suggests an alternative calcu-
lation. For commercial nuclear
plants, it cannot be guaranteed
that the 1-mi zone surrounding
the reactor will always be
uninhabited. The NRC requires
that the safety objective
comparison values be calculated
with a hypothetical "average"
person within that area. Such a
calculation is not appropriate
for N Reactor because the nature
of the Hanford Reservation pre-
cludes public residence within
1 mi of the reactor. Therefore,
since the wording of the NRC
quantitative safety objectives
specifically excludes the
transient population from the
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Table 7. N Reactor Public Risk comparison to NUREG-1150 Plants
(Internal Events - Mean Risk Par Y«*r).

Risk
Measures

Early
Fatalities

Cancer
Fatalities

N Reactor

9.7E-13

4.1E-3

Surry

2•OE-6

5.2E-3

Sequoyah

2.6E-5

1.4E-2

Zion

1.1E-4

2.4E-2

Peach
Bottom

2.6E-8

4.6E-3

Grand
Gulf

8.2E-9

9.5E-4

Table 8. N Reactor Public Risk Comparison to NUREG-1150
Plants (Fire Events - Mean Risk Per Year).

Risk Measures

Early Fatalities

Cancer Fatalities

N Reactor
8.7E-10

4.2E-3

Surry
3.8E-8

2.7E-4

Peach
Bottom

3.5E-7

3.4E-2

calculation, the individual early
fatality risk under the NRC
quantitative safety objectives is
2ero. The transient public
population is, however, con-
sidered in the calculation of the
DOE quantitative nuclear safety
guideline comparison values
discussed in the next section.

Tables 9 and 10 compare the
N Reactor internal event and fire
risk results to those calculated
for five commercial nuclear power
plants during the NUREG-1150
analysis. These tables show that
N Reactor compares favorably with
the NUREG-1150 results.

COMPARISONS TO PROPOSED DOE
NUCLEAR SAFETY GUIDELINES

The proposed DOE nuclear
safety guidelines,[18], are in
many ways similar to and have
been evolving from the NRC safety
objectives,[17]. Because of the
large size of the DOE site and

onsite work force, the proposed
DOE safety guidelines have two
important extensions—the
consideration of onsite workers
and the consideration of the
public transient within the
reservation.

The qualitative DOE safety
goal is simply stated to "ensure
there is no significant increase
in risk to individuals from the
operation of DOE facilities."
There are four primary DOE
quantitative nuclear safety
guidelines; the first two primary
quantitative guidelines for
public safety and health are
stated in a similar manner as in
the NRC safety objectives with
identical criteria.

(1) The risk, to an average
individual in the vicinity
of a DOE nuclear facility,
of early fatalities that
might result from accidents
should not exceed one tenth
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Table 9. N Reactor NRG Safety Objectives comparison to
NUREG-1150 Plants internal Events (Mean Risk Per Year).

Risk
Measure

Early
Fatalities

Cancer
Fatalities

NRC Safety
Objectives

4.OE-7

2.0E-6

N Reactor

0

8.6E-10

Surry

1.6E-8

1.7E-9

Sequoyah

1.1E-8

1.0E-8

Zion

1.0E-8

1.1E-8

Peach
Bottom

4.7E-11

4.2E-10

Grand
Gulf

3.3E-11

3.4E-10

Table 10. N Reactor NRC safety objectives comparison to
NUREG-1150 Plants Fire Events (Mean Risk Per Year).

Risk Measure

Public Individual
Early Fatalities

Public Individual
Cancer Fatalities

NRC Safety
Objectives

4.OE-7

2.0E-6

N Reactor

0

1.2E-9

Surry

6.3E-10

1.2E-10

Peach
Bottom

4.8E-10

2.4E-1O

of one percent of the sum of
early fatality risks resulting
from other accidents to which
members of the U.S. population
are generally exposed.

(2) The risk, to the population
in the area near a DOE
nuclear facility, of cancer
fatalities that might result
from radiological exposure
originating with the
facility should not exceed
one-tenth of one percent of
the sum of cancer fatality
risks to which members of
the U.S. population are
generally exposed.

The DOE guidelines define
"vicinity of, and area near, a
DOE facility" as the zone
surrounding the facility and
extending 1 mi for early fatality
assessment, and 10 mi for latent
cancer estimate, from an inner

boundary formed by either (1) the
DOE reservation boundary or
(2) any areas of unrestricted
public access, e.g., containing
residences, schools, commercial
establishments, within the DOE
reservation, whichever is closer.

Within the Hanford Reserva-
tion, there are no residences,
schools, or public commercial
establishments; however, there
are river waterways and secondary
highways for public access. To
satisfy the intent of the Depart-
ment for ensuring that the
individual member of the public
living or working near DOE
nuclear facilities should be able
to go about his/her daily life
without special concern by virtue
of their proximity to such
facilities, Westinghouse Hanford
is taking a rather conservative
position in calculating public
individual risks to account for
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every individual in the vicinity
of the Hanford Site. The
irregular shape of the Hanford
Site poses a challenge for
analysts to estimate the
individual risks using a
reasonable number of MACCS,[14],
calculations.

The proposed DOE safety
guidelines to the onsite workers
are similar to the offsite
public, except that the early
fatality criterion is based on
average U.S. occupational death
rate rather than on societal
prompt fatality rate. The two
quantitative safety guidelines
for onsite workers are stated
below.

(1) The risk, to an average
individual worker in the
vicinity of a DOE nuclear
facility, of prompt
fatalities that might result
from radiological accidents
should not exceed 1% of the
sum of prompt fatality risks
typical of average of
occupational death rates in
the United States.

(2) The risk, to the workers in
the area near a DOE nuclear
facility, of cancer
fatalities that might result
from radiological exposure
originating with accidents
at the facility should not
exceed one-tenth of one
percent of the sum of cancer
fatality risks to which
members of the U.S. popula-
tion are generally exposed.

The third quantitative
guideline, 1 x 10~6 is taken as
one percent of the occupational
death rate in the United States,
and the fourth quantitative
guideline, 2 x 10~ 6 is the same
as the second guideline for
offsite public. Onsite workers

include all DOE staff, contractor
employees, consultants, and other
personnel at the Hanford Site for
official business. Methodology
for onsite individual risk esti-
mates is similar to NUREG-1150
for commercial reactors.

Table 11 summarizes the cal-
culated mean public and onsite
individual risk measures for
internal events, fires, and
seismic events. It is indicated
that N Reactor meets all the DOE
quantitative nuclear safety
guidelines.

SUMMARY AND CONCLUSIONS

This is the first full-scope
Level III PRA completed for a DOE
Category A reactor using the
NUREG-1150 methods. The compari-
sons to the NRC safety objectives
and proposed DOE nuclear safety
guidelines also set analytical
precedence for DOE production
reactors.

Generally the risks of
operating N Reactor are low
because of a combination of
factors such as low power
density, large confinement
volume, effective redundant scram
systems and core cooling systems,
and remote location. This work
has been a major effort to
evaluate the N Reactor risk using
state-of-the-art PRA technology.
It is believed that this PRA has
resulted in realistic, or
slightly conservative results.
The study concluded that the risk
to the public and to DOE workers
from the operation of the reactor
is very low.

Also this analysis found
that N Reactor meets all the
quantitative NRC safety
objectives and proposed DOE
nuclear safety guidelines. The
calculated risk to Hanford Site
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Table 11. N Reactor DOE safety Guidelines (Proposed)
Summary Statistics (Mean Risk Per Year).

Risk Initiator

Internal Events

Fire Events

Seismic Events

DOE safety
Guideline

Public

Individual
Early

Fatality

1.3E-12

4.0E-11

3.5E-10

4.OE-7

Individual
Latent
Cancer

1.5E-10

2.2E-10

4.1E-9

2.0E-6

Onsite Worker

Individual
Early

Fatality

7.2E-10

5.9E-8

6.1E-7

1.0E-6

Individual
Latent
Cancer

2.9E-9

9.OE-9

1.5E-7

2.0E-6

onsite workers is comparable to [4]
public risk from commercial
reactors in the NUREG-1150 study.
As a result of these low-risk
estimates, has been devoted to
identifying risk-reduction
alternatives. A changes to
further reduce risk from dominant
accident sequences full in-house
report. Only a small effort list [5]
of recommended is included in the
full in-house report.

REFERENCES:

[1] Severe Accident Risks; An
Assessment for Five U.S.
Nuclear Power Plants,
NUREG-1150, Volumes l and 2, [6]
Office of Nuclear Regulatory
Research, U.S. Nuclear
Regulatory Commission,
Washington, D.C., June 1989.

[2] A SETS User's Manual for
Accident Sequence Analysis,
NUREG/CR-3547, SAND83-2238, [7]
D. W. Stack, Sandia National
Laboratories, Albuquerque,
New Mexico, January 1984.

[3] CAFTA Manual, Science
Applications International
Corporation, prepared for
Electric Power Research
Institute, February 1989.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

423

A User's Guide for the Top
Event Matrix Analyses Code
(T,EMJ\C) , NUREG/CR-4598,
SAND86-0960, by R. L. Iman
and M. J. Shortencarier,
Sandia National
Laboratories, Albuquerque,
New Mexico, August 1986.

A Reference Manual for the
Event Progression and
Analysis Code (EVNTRE1.
NUREG/CR-5174, SAND88-1607,
J. M. Griesmeyer and
L. N. Smith, Sandia National
Laboratories, Albuquerque,
New Mexico, September 1989.

A User's Manual for the Post
Processing Program PSTEVNT.
NUREG/CR-5380, SAND-2988,
S. J. Higgins, Sandia
National Laboratories,
Albuquerque, New Mexico,
November 1989.

XSOR Code User's Manual.
NUREG/CR-5360, SAND89-0943,
H. N. Jow, et al., Sandia
National Laboratories,
Albuquerque, New Mexico,
1990.



[8] Advances in MELCOR
Development

[9]

p ^ y
NUREG/CR-0Q96, Transactions
of the 16th Water Reactor
Safety Information Meeting,
J. E. Kelly, U.S. Nuclear
Regulatory Commission,
Washington, D.C.,
October 24-27, 1988.

The CONTAIN Code Severe
Accident Confinement
Analysis for the N Reactor:
Phases 1 and 2. SAND88-7010,
J. L. Tills, Sandia National
Laboratories, Albuquerque,
New Mexico, November 1988.

[10] HECTR Version 1.5 User's
Manual• NUREG/CR-4507,
SAND86-0101, S. E. Dingroan,
et al., Sandia National
Laboratories, Albuquerque,
New Mexico, April 1986.

[11] HECTR Version 1.5N - A
Modification of HECTR
Version 1.5 for Application
to N Reactor. SAND87-0027,
A. L. Camp and
S. E. Dingman, Sandia
National Laboratories,
Albuquerque, New Mexico,
June 1987.

[12] Parametric HECTR Calcula-
tions of Hydrogen Transport
and Combustion at N Reactor.
SAND86-2630, A. C. Payne and
A. L. Camp, Sandia National
Laboratories, Albuquerque,
New Mexico, June 1987.

[13] A User's Guide for
PARTITION; A Program for
Defining the Source
Term/Consequence Analysis
Interfaces in the NUREG-1150
Probabilistic Risk
Assessments, NUREG/CR-5253,
SAND88-2940, R. L. Iroan,
et al., Sandia National
Laboratories, Albquerque,
New Mexico, 1990.

f14] MELCOR Accident Consequence
Code System fMACCS
Version j.,5) f Volumes 1 and
2, NUREG/CR-4691,
SAND86-1562, D. I. Chanin,
et al., Sandia National
Laboratories, Albuquerque,
New Mexico, 1990.

[15] A User's Guide for the
Probabilistic Ri^k
Assessment Model Integration
System fPRAMIS).
NUREG/CR-5262, SAND88-3093,
R. L. Iman, et al., Sandia
National Laboratories,
Albuquerque, New Mexico,
1990.

[16] A FORTRAN 77 Program and
User's Guide for the
Generation of Lâ tin
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ABSTRACT

This report explores the likelihood of seismic-initiated core damage
accidents during refueling shutdown conditions at two nuclear power
plants, Surry Unit 1 and Grand Gulf Unit 1. The effort is scoping in
character, and has been performed primarily to establish if a poten-
tial problem exists sufficient to justify a more rigorous and more
quantitative evaluation, A summary is presented of the important
conclusions that have been reached. The most important conclusion
is that the core-damage frequencies for earthquake-initiated accidents
during shutdown at both Surry Unit 1 and Grand Gulf Unit 1 arc
found to be low in absolute terms. The reasons for this are that in
their ability to respond to earthquakes during shutdowns, the plants
both have large seismic capacities, well above their design-basis
levels; and also that both sites enjoy among the lowest seismic
hazards of any LWR sites in the U.S.

1. INTRODUCTION

This report develops an estimate for the
core-damage frequencies from seismic-
initiated accidents during refueling shutdown
conditions at two nuclear power plants,
Surry Unh 1 (a Westinghouse 3-loop PWR)
and Grand Gulf Unit 1 (a General Electric
BWR/6 with a Mark III containment). Each
of these plants is located on a two-unit site
with a nearly identical companion unit. The
effort is scoping in character, performed
primarily to establish if a potential problem
exists sufficient to justify a more rigorous
and more quantitative evaluation.

There were two principal reasons for having

selected these two plants: (i) Both the
Surry (Unit 1) and the Grand Gulf (Unit 1)
nuclear stations have been the subject of
recent probabilistic shutdown risk studies
(excluding seismic-initiated events) recently
completed for the U.S. Nuclear Regulatory
Commission (Ref. 1, 2). (ii) Both Surry
(Ref. 3) and Grand Gulf (Ref. 4) have also
been the subjects of an extensive risk
assessment for full-power conditions
sponsored by the NRC, as part of the very
large NUREG-1150 PRA study (Ref. 5). For
Surry (but not for Grand Gulf), this
NUREG-1150 analysis included a seismic
PRA (Ref. 6), in which plant-specific
fragility information was developed for
Surry's components and structures.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

425



2. ASSUMPTIONS

The following assumptions were made for
this study:

a. The two recent shutdown risk studies
(Ref. 1, 2) are the principal basis for the
systems-analysis parts of our work here.
Indeed, we could not have accomplished this
work at all without using these other very
extensive analyses as our points of depar-
ture. Both of these analyses contain
numerous assumptions, and we have adopted
all of these assumptions without exception.
Most importantly, we have adopted directly
the loss-of-offsite-power (LOOP) event trees,
including the definitions of the top events
and underlying thermalhydraulic and other
assumptions that support these event trees.

b. Only refueling outages were considered
in this analysis.

c. We assume that the only seismic events
of concern are those that cause loss-of-
offsite-power (LOOP) transients. Seismic
events of lower acceleration than those
causing LOOP are expected to have a negli-
gible probability of causing severe plant
accidents.

d. We also assume that seismic-initiated
LOOP is non-recoverable in the time frame
of interest in this study (from about one to
several hours).

e. To simplify the analysis, median seismic
capacity has been used as a sharp threshold
for seismic failure. This is the same as
assuming that the fragility curve for any
component is a step-function, going from 0%
to 100% probability of failure at the median
fragility.

f. For Surry, a limited number of plant-
specific fragilities are available from the
earlier NUREG-1150 seismic PR A (Ref. 6),
and these have been used here. For Grand
Gulf, no plant-specific fragilities exist, so
we have used instead the table of generic
fragility values found in Rcf. 6.

g. We have assumed that the seismic
failures of identical equipment in similar

locations are fully correlated.

h. Equipment failure from seismic-induced
relay chatter is outside the scope of this
analysis.

i. To simplify the analysis, the mean
seismic hazard curves have been used for
both sites as an approximate representation
for the full seismic hazard.

3. APPROACH

The approach to the analysis here included
the following steps:

Seismic Hazard: The first step is necessary
to obtain or derive seismic hazard
information for each facility. For both the
Surry and Grand Gulf plants, two such
probabilistic hazard analyses have recently
been prepared, one by Lawrence Livcrmorc
National Laboratory (Ref. 7) and one by
the Electric Power Research Institute (Ref.
8). Because the hazard estimates do not
agree, both estimates will be used. The
EPRI/LLNL differences are much greater for
Grand Gulf than for Surry.

Shutdown/Outage Durations: The second
step is to estimate the time during a
typical year that each plant is down for
refueling or other outages. In the
shutdown study of Surry (Ref. 1), it was
assumed that a recent refueling outage
characterizes what can be expected for
future operations at the plant, and our
study has adopted the same approach. The
non-full-power status of the plant was
divided into IS Plant Operating States
(POSs) which correspond to various plant
configurations during the shutdown,
refueling, and startup cycle. In the
shutdown study for Grand Gulf (Ref. 2),
seven non-full-power plant states were
defined. For Grand Gulf, Ref. 2 concludes
that the coming-down (shutting down) cases
are more risky than the going-up (startup)
cases, and after detailed analysis of the
first four full fuel cycles, all of the various
plant states were combined into seven
stages (the seven "coming down" stages) for
the purpose of the preliminary scoping
analysis. We have also used these seven
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Plant Operating States (POSs).

Svstems Analysis: The third step involved
extracting the appropriate LOOP event trees
from the Surry and Grand Gulf shutdown
studies and identifying core-damage accident
sequences resulting from the postulated
seismic-initiated loss-of -off site-power
transient.

Seismic Fragilities of Safety Systems: The
fourth step is to obtain fragility information
for the components, structures, and systems
of interest.

Core-Damage Frequency: The final step is
to estimate the core-damage frequency due
to the seismic initiating event (LOOP) and
subsequent equipment failures which result
from the earthquake, and human errors that
follow. We are not interested here in
sequences involving onlv non-seismic failures
following the seismic-induced LOOP, because
these are already covered in the internal-
initiators studies.

4. ANALYSIS FOR SURRY

The median capacity of the ceramic
insulators in the electrical switchyards at
the Surry. units is estimated to be 0.25g
(PGA) (Rcf. 6). This is a generic value
which was found in Ref. 6 to be applicable
to Surry. According to the seismic hazard
curves provided by the LLNL and EPRI
studies, the estimated mean probability of
exceeding this acceleration is 1.3£-4/year
from the LLNL hazard estimates and
3.3E-5/year from the EPRI estimates.

The probability of an earthquake during
shutdown depends on the length of time
during which the plant is in a shutdown
condition during a given year. In examining
the Surry shutdown-PR A report (Ref. 1), it
was determined that only one of the two
LOOP event trees is pertinent to the seismic
shutdown risk determination. The relevant
LOOP event tree applies to POS 3 through
13. The time interval that the plant is
expected to be in one of these modes is
1293 hours (equal to 0.148 of a year). Thus,
the probability of an earthquake sufficient to

cause loss of offsitc power during this
interval is, from the LLNL and EPRI
estimates:

LLNL: 1.3E-4/VT • 0.148 - 1.9 E-5/year
EPRI: 3.3E-5/yr • 0.148 - 4.9 E-6/ycar

From the LOOP event tree which applies to
POS 3 through 13, three accident sequences
leading to core damage were determined to
be of importance. We will discuss these
next (here the * means Boolean AND and
therefore every item listed must fail to
cause the accident sequence):

Sequence 1 fLOOP * RHR » FNBF » FNBG
* NRLOP):

RHR: The limiting seismic fragility for the
residual heat removal (RHR) system is the
Component Cooling Water heat exchangers,
with a plant-specific median fragility of
0,29g.

FNBF: At Surry, this function from the
LOOP event tree involves feed and bleed
cooling of the primary system by using
either charging pumps or low-pressure
injection pumps. The RWST (refueling
water storage tank) is the limiting
component in terms of seismic fragility for
the FNBF function, with a plant-specific
median fragility of 0.46g.

FNBG: This function involves using water
in the RWST in a gravity flow mode to
provide injection to the primary system.
This function would also be disabled by
failure of the RWST, meaning that there is
a common mode failure between the FNBG
and FNBF functions.

NRLOP: This event is non-recovery of
offsite power within several hours after the
seismic event. As indicated previously, it is
assumed that offsite power recovery after a
seismic event will not occur.

Based on the above discussion, the
probability of Sequence I (LOOP * RHR *
FNBF • FNBG • NRLOP) is just the
probability of an earthquake exceeding
0.46g. Such an event causes loss of offsite
power, and will fail the CCW heat
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exchangers (and consequently the RHR
function) as well as the RWST (and
consequently the FNBF and FNBG functions).
Using the LLNL and EPR1 hazard assess-
ments for an earthquake exceeding 0.46 g at
Surry, and considering that the shutdown
states are present for 0.148/year as indicated
earlier, we calculate the following core
damage frequencies for this sequence:

LLNL: 2.8E-5/yr * 0.148 - 4.1E-6/yr
EPRI: 5.5E-6/yr • 0.148 = 8.1E-7.'yr

Sequence 2 (LOOP * EDG): For this
sequence it is necessary to determine the
fragility of the emergency diesel generators,
designated EDG. According to Ref. 6, the
Surry diesel generator median fragility was
determined to be 0.76g. Using the LLNL and
EPRI hazard analyses for an earthquake
exceeding 0.76g, the annual core-damage
frequencies arc estimated as follows:

LLNL: 6.7E-6/yr • 0.148 - l.OE-6/yr
EPRI: l.lE-6/yr • 0.148 - 1.6E-7/yr

Seouence 3 (LOOP * HE): Sequence 3
involves loss of offsite power followed by
failure of the operators to load RHR pumps
(or any alternative pumps which could be
used) onto the emergency power system.
Manual loading of this equipment is required
following loss of offsite power when the
plant is in a shutdown condition. We assume
that an extreme stress condition would
exist due to the very large earthquake and
the simultaneous failure of offsite power at
both Surry units. It is also assumed that a
time interval of 30 minutes to several hours
exists in which to take action. According to
Ref. 1, a minimum of 42 minutes is available.
A human error probability of 0.1 is assigned.
We recognize that using 0.1 is probably
conservative — the number could well be
lower — and that the numerical values
computed just below are directly proportional
to this value. As analyzed here, this
sequence contributes about 1/3 of the core-
damage frequency.

Thus, the annual core-damage frequency of
Sequence 3 is the mean frequency of a
>0.25g earthquake (resulting in offsite power
loss), coupled with the fractional shutdown

time interval during a year (0.148), times
the human error probability of 0,1, or:

LLNL: I.3E-4/yr • 0.148 • 0.1 - 1.9E-6/yr
EPRI: 3.3E-5/yr * 0.148 • 0.1 - 4.9E-7/yr

In the preceding quantification, random
non-seismic equipment failures occurring in
conjunction with seismic failures have been
ignored because we believe them to be
insignificant contributors. This is because,
in all sequences, a single seismic-induced
component failure or human error (following
loss of offsite power) is sufficient to cause
the accident sequence.

5. ANALYSIS FOR GRAND GULF

Based on the fragility information provided
in Ref. 6, the median capacity of the
ceramic insulators in the electrical
switchyards at the Grand Gulf site is
estimated to be 0.25g (PGA). This is a
generic value which we apply to Grand
Gulf. According to the seismic hazard
analyses by LLNL and EPRI, the estimated
mean probability of exceeding this accelera-
tion is 3.9E-4/ycar from the LLNL hazard
estimates and 1.8E-6/year from the EPRI
estimates.

The probability of an earthquake during
shutdown depends on the fractional length
of time during which the plant is in a
shutdown condition compared to time in
power operation. For each POS, one can
combine the fraction of time that Grand
Gulf Unit 1 spends in that POS and these
annual mean probabilities of exceeding 0.25g
to obtain the annual mean probability of
exceeding 0.25g in the given POS. For the
7 POS states, the fractions of time spent
are ID (0.03), 2D (0.01), 3D (0.01), 4D
(0.005), 5D (0.07), 6D (0.03), and 7D (0.05),
totalling 0.205. Thus Grand Gulf is in one
of these states 20.5% of the time. The
probability of an earthquake of >0.25g
during this 0.205 fraction of the time is
either 8.1 E-5/yr (LLNL hazard curve) or
3.7 E-7/yr (EPRI hazard curve.)

Of course, it takes more than LOOP to
cause a core-damage accident: one must
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lose the ability to cool the core. However,
all other generic seismic fragilities that we
are applying to the Grand Gulf equipment
nre stronger than that for LOOP—
meaning that their mean fragility is much
greater than 0.25g, and thus the mean
frequency of an earthquake that could
damage them is smaller.

Next, we will discuss the seismic capacities
of the various key safety systems that
appear in the LOOP event trees. A few of
these systems are seismically very rugged,
and we will not discuss them further—
indeed, only those systems with components
falling into the categories under l.Og are
relevant here. AH other components will be
considered sufficiently rugged that they do
not fail for the purposes of this scoping
analysis.

The principal systems appearing on the six

LOOP event trees arc systems to deliver
water to the reactor vessel, systems
involved with the RHR heat-removal
function, and systems providing pressure
relief.

It turns out that most of Grand Gulf's
(generic) system fragilities are controlled by
either the SSW system's median fragility at
PGA of 0.74g (vertical centrifugal pumps) or
the DC system's median fragility of 0.80g
(batteries). In particular, the emergency
AC system (diesels, etc.) depends on both
SSW and DC. The CRD and FW systems
have weaker capacities, controlled in each
case at 0.45g by the large tanks (CST and
FW tanks, respectively) from which they
draw suction.

The following short table indicates the
controlling capacity of each system
discussed:

GRAND GULF
SAFETY
SYSTEM

ITEM THAT CONTROLS
SEISMIC CAPACITY

control1ina systems:
offsite power
CRD system
FW system
SSW system
DC EPS system

ceramic insulators

PGA VALUE OR EQUIVA
AT WHICH MEDIAN
FRAGILITY OCCURS

0.25g
condensate storage tank 0.45g
FW tanks
vertical centrifuga]
batteries

systems controlled bv other svstems:
AC EPS system
LPCI system
SPC system
SDC system
CS system
SSW cross-tie
HPCS system
LPCS system
SPMU system
RCIC system

SSW
SSW, AC
SSW, AC
SSW, AC
SSW, AC
SSW, AC
AC
AC
AC
DC

0.45g
L pumps 0.74g

0.80g

0.74g
0.74g
0.74g
0.74g
0.74g
0.74g
0.74g
0.74g
0.74g
0.80g
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Six LOOP event trees were developed by
Sandia (Ref. 2) in their shutdown analysis
for non-seismic initiators, for POS states ID
through 7D. (There are 6 trees for 7 POSs
because POSs ID and 2D are analyzed with
the same event tree.) The purpose of this
discussion is to provide a scoping analysis of
these LOOP trees for earthquakes that cause
LOOP at PGA levels of >0.25g.

Although the six LOOP trees arc very
different in detail, there is a remarkable
similarity in how an earthquake accident
initiator affects them. This is because HE.
to a PGA of 0.74c. the only systems that a
postulated earthquake would damage are
offsite power (median fragility 0.25g> and
the CRD injection and firewater systems
(bo^h at 0.45g). A careful examination of
each of the six LOOP event trees reveals
that there are no core-damage sequences
(cut sets) that contain only these failures
(LOOP, CRD, FW). All core-damage
sequences require one or more failures of
equipment more seismically rugged than
0.45g. Hence there are no seauences with
seismic-failures-onlv below 0.74e.

Below 0.74g PGA: Of course, accident
sequences need not be seismic-failures-
only. Given a postulated earthquake of
0.45g, core-damage sequences can also
result from a combination of failures
(LOOP) plus (CRD) plus (FW) plus (non-
seismic failures and/or human errors).
However, almost all non-seismic failures of
equipment have a contingent probability of
0.01 or less, which reduces the overall mean
annual probability of such a sequence to well
below 10'6/ycar. This is not necessarily
true for human errors, however.

When an earthquake-caused LOOP occurs in
POS 1, 2, or 3, the plant can shut down
without the need for human intervention:
HPCS is automatically actuated and
controlled, including automatic switchover
from the CST to suppression pool suction if
necessary, and there are other systems
available as well. This is true with or
without the CRD system, so it will be true
for earthquakes up to 0.74g. Therefore, no
human errors enter into the analysis for
these POSs. In POSs 4, 5, 6, and 7,

however, the plant cannot shut down
without operator intervention: in POS 4 the
operators must intervene to valve in RHR;
in POS 5 they must recognize inadequate
rccirculation and isolate letdown, or control
level to prevent overpressure of RHR
components; and in POSs 6 and 7 they must
manually actuate either the SPC system or
the SDC system. Fortunately, there is
plenty of time for operator action before
the core becomes uncovered, and the
procedures arc not complicated, so we will
assign the value of 0.01 to the likelihood
that the operators cannot successfully
accomplish the needed safety-system actua-
tions. We recognize that the numerical
values calculated below are directly propor-
tional to this number and that, because this
scoping analysis has not investigated these
issues enough, the human-error probability
being used is highly uncertain.

The likelihood of a core-damage accident
for earthquakes below 0.74g PGA is
therefore:

POSs L2. and 3:
zero

POSs 4. 5. 6. 7:
(freq. of LOOP) • (prob. POS 4,5,6,7)

* (human error)

• 0.155
• 0.155

*0.01
•0.01

3.9E-4/yr (LLNL)
1.8E-6/yr (EPRI)

6.0E-7/year (LLNL)
2.8E-9/year (EPRI).

It is important to note that these numbers
are directly sensitive to the human-error
probability assignment. If there is high
sustained post-earthquake stress so that
higher human-error rates are appropriate,
then the above core-damage numbers would
be proportionally higher, which could make
these sequences, now contributing about 1/4
of the total, the dominant sequences in
the overall core-damage frequency analyzed
here.

Above 0.74g PGA: For earthquakes having
a PGA of 0.74g and above, numerous
failures occur (see the table above). Most
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importantly, SSW fails causing emergency AC
power to fail. At a slightly larger earth-
quake level (PGA of 0.80g), DC power would
fail because of the median fragility of the
batteries — DC failure would fail the
emergency AC (diesels) and RCIC, and would
also fail almost every other system that
already had failed at 0.74g due to SSW and
AC.

A close study of the LOOP event trees
reveals that, with failures at 0.74c in
almost every emergency svstem except
RCIC. the occurrence of core-damage
scenarios are inevitable. (RCIC will only
work for POS ID anyway -•- at other POSs
there isn't enough steam to operate its
steam-driven pump, or the pressure is too
low, or both.) Stated another way, our
analysis indicates that there are no
combinations of equipment that can prevent
core damage for earthquakes >0.74g. At
O.SOg, the additional failure of the DC
system would cause the same consequences
had the damage to SSW and AC not already
caused failures in so many other safety
systems.

For earthquakes above 0.74g, we conclude
as follows:

Frequency of core damage

(freq. >0.74g PGA) x (0.205)

2.3 E-6 per year (LLNL hazard)
8.1 E-9 per year (EPRI hazard).

The sum of the two contributions to Grand
Gulf's core-damage frequency is:

Frequency of core damage

2.9 E-6 per year (LLNL hazard)
= 1.1 E-8 per year (EPRI hazard).

From the above, our broad conclusions
about Grand Gulf's behavior in postulated
large earthquakes are as follows:

o LOOP will occur at PGA of >0.25g
(ceramic insulator failure).

o At PGA of >0.45g, failures of large
tanks will cause failure of the CRD and
FW emergency systems.

o At PGA of >0.74g, failures of SSW (on
which the emergency AC system
depends) will cause failures in almost
all emergency safety systems except
RCIC. This inevitably leads to core-
damage accidents in all shutdown
POSs.

o At PGA of >0.80g, failures of the
batteries, leading to failure of the
emergency DC system, will cause
failures in all emergency systems,
including RCIC, if any were to have
survived the failure at 0.74g of the
SSW and emergency AC. Again, this
inevitably leads to core-damage
accidents in all shutdown POSs.

o In POSs 4, 5, 6, and 7 human errors
(probability 0.01) can lead to core-
damage conditions for earthquakes
below 0.74g.

6. EXTENSION OF THESE RESULTS TO
OTHER PLANTS

An examination of the seismic PRA
literature for at-power conditions (Ref. 9)
indicates that many highly plant-specific
seismic vulnerabilities exist, which cause
individual plants to have very different
seismic risk profiles. Thus, the potential
seismic vulnerabilities identified here are
not necessarily applicable to other plants.
Indeed for Grand Gulf they may not even
be applicable to that plant itself, because
no plant-specific seismic fragilities have
been used.

In addition, the seismic hazard estimates
vary significantly for eastern-U.S. power-
reactor sites. Both Surry and Grand Gulf
enjoy a rather low seismic hazard, among
the lowest in the eastern U.S. The
variation in the annual probability of
exceeding 0.25g is more than a factor of 35
from the lowest eastern-U.S. PWR site to
the highest.
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From the above, we conclude that seismic
risks during shutdown are highly plant-
specific, based on differences in both plant-
specific seismic hazards and plant-specific
seismic capacities of structures and
components.

7. CONCLUSIONS

Table 1 provides a summary of the core
damage frequencies that we have estimated
from the seismic-initiated accidents during
shutdown. It should be recognized that the
numbers are no more than approximate
estimates: they are subject not only to the
limitations and uncertainties associated with
the simplifying assumptions that we have
discussed above, but also with the limitations
of other studies which were extensively used
in developing the estimates, and to the
limitations of the seismic PRA methodology
generally. The seismic-hazard values and
core-damage frequencies in analyses like this
one are typically uncertain by as much as
factors of + 10, sometimes more.

The table provides the core-damage
frequency estimate for each group of
sequences found to be important, the
percentage that each sequence group
contributes to the total, and some remarks
relevant to the important failures associated
with the sequences.

For Surry, the total core damage frequency
is estimated to be about 7 E-6/vear and
l.S E-6/vear based on the LLNL and EPRI
hazard estimates, respectively. The LLNL-
based estimate is only about 6% of the total
seismic CDF contribution as estimated in
Ref. 6 for full power operation. However,
it should be noted that the containment
could be open for up to 75% of the time.
Thus, the contingent probability of a
significant radioactive release could be
relatively greater than for full power
operation depending on whether the
containment would be (or could be) closed
during the accident sequences of interest.
(Ref. 1 indicates that about 2 hours is
required for containment closure, not
considering the complications which could

arise during a major earthquake.)

For Grand Gulf, the total core-damage
frequency is estimated to be about
3 E-6/vear and about 1 E-8/vcar. based on
the LLNL and EPRI hazard estimates,
respectively. Note that these Grand Gulf
frequencies differ by a factor of about 300
between the LLNL and EPRI hazard
estimates, whereas at Surry the difference
is only about a factor of 5.

Several insights were gained from this
evaluation, including:

1. The core-damage frequencies for
earthquake-initiated accidents during
shutdown at both Surry Unit 1 and Grand
Gulf Unit 1 are found to be low in absolute
terms. The reasons for this are (i) that in
their ability to respond to earthquakes
during shutdowns, the plants both have
large seismic capacities, well above their
design-basis levels; and also (ii) that both
sites enjoy among the lowest seismic
hazards of any LWR sites in the U.S. This
finding depends on various assumptions and
approximations that were made in this
scoping analysis, which are believed to be
reasonable so that the finding that core-
damage frequencies are low is believed to
be robust.

2. Further research is appropriate to learn
more about earthquake-initiated shutdown
accidents than could be accomplished in
this scoping study. Among the areas where
further research could provide significant
additional information are:

(i) Analysis of other plants besides
Surry and Grand Gulf, in particular
because most other U.S. reactor sites
have higher seismic hazards, some
significantly higher, than the seismic
hazards at these two. Because the
seismic design basis of many eastern-
U.S. plants is not highly correlated
with today's perception of the
magnitude of the seismic hazard (see
Table 3), some plants could have
significantly higher core-damage
frequencies from earthquakes during
shutdown.
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(u) Exploring earthquakes during plant
shutdown states besides those in
refueling outages.

(iii) Examining unusual seismic-induced
failure modes beyond those already
examined in the full-power seismic
PRAs that were the basis for this
effort — some of these failure modes
are unique to shutdowns and cannot
occur during power operation.

(iv) Performing a levcl-II-PRA analysis
to provide insights into the potential
for large radiological releases, which
was beyond the scope of this study.
This would include examining the
implications of the fact that the
containment is open and not easily
closed during some shutdown configu-
rations, especially during refueling.

(v) Understanding whether plant-
specific fragilities for structures and
equipment have a major effect on the
broad conclusions of this scoping
study.

(vi) Examining systematically how non-
seismic failures, relay chatter, and
human errors after earthquakes during
shutdown can affect plant safety.
Especially in regard to human errors
and relay chatter, there is more
investigation to do.

(vii) Examining the implications of
recovery actions by the operating crew
after an earthquake, for which no
credit was taken in this scoping study
(especially considering that for some
scenarios there is lots of time for
innovative recovery).

3. We believe that the results for Surry and
Grand Gulf do not necessarily apply to any
other plants, primarily because of two
considerations: (i) the importance of plant-
specific fragilities, and (ii) the widely
varying distribution of seismic hazards
associated with different U.S. sites east of
the Rocky Mountains.

4. Human errors following an earthquake
during shutdown conditions appear to be
potentially important at Surry, where,
following loss of offsite power (assumed as
the initiating event in this study) human
actions are required to restore core
cooling. Conversely, at Grand Gulf the
failure of SSW and emergency AC power at
0.74g inevitably leads to core damage and
there seems to be little that human inter-
vention can do to prevent this, or that
human error can do to exacerbate it. We
are unsure as to which of these plant-
specific insights applies to other plants—
plants are probably highly plant-specific in
this regard.

5. For Surry, plant-specific fragilities were
found to be very important for this
evaluation. In particular, the seismic
capacities of the refueling water storage
tank, diesel generators, and component
cooling water heat exchangers were found
to be significant factors for Surry. (No
plant-specific fragilities are available for
Grand Gulf.)

6. For Grand Gulf, the most effective
improvements to reduce the frequency of
seismic-induced core damage during
shutdown appear to be strengthening the
SSW vertical centrifugal pumps and the
batteries that support the emergency DC
power system. If both the SSW pumps and
the batteries were invulnerable to earth-
quakes, it would probably require an
earthquake of about l.Og PGA or more to
cause core damage. Also, assuring that
the Grand Gulf operators are well trained
to respond after large earthquakes is
important. It is crucial to note that these
insights are based on generic seismic
fragilities and may not be true for Grand
Gulf, for example if the plant-specific
ruggedness of individual equipment is
different, one way or the other, than the
generic data base.

7. For Surry, the most effective improve-
ments to reduce the frequency of seismic-
induced core damage during shutdown would
be to increase the seismic capacity of
either the CCW heat exchangers or the
refueling water storage tank.
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TABLE 1

SEISMIC-INITIATED ACCIDENT SEQUENCES CONTRIBUTING
TO CORE DAMAGE

SURRY

6
I*

Sequence

Loss of offsite power,
loss of RHR and makeup
to primary coolant systea

Loss of offsite power,
failure to load electrical
power to pumps

Loss of offsite power,
loss of emergency AC power

Annual Frequency* Percent

4.1E-6/yr (LLNL) 59 ft
8 .1E-7/yr (EPRI) 56 %

1.9E-6/yr (LLNL) 27 %
4.9E-7/yr (EPRI) 33 %

l.OE-6/yr (LLNL) 14 ft
1.6E-7/yr (EPRI) 11 ft

Failure Mode

LOOP, failure of JOUST
and CCW heat exchangers

LOOP, human error

LOOP, seismic failure
of diesel generators

TOTALS 7.0E-6/yr (LLNL) 100 ft
1.5E-6/yr (EPRI) 100 ft

GRAND GULF

Sequence

Loss of offsite power,
loss of SSH causing loss
of AC (blackout)

Loss of offsite power,
human error in actuating
RHR, SDC, or SPC

Annual Frequency* Percent

2.3E-6/yr (LLNL) 79 ft
8.1E-9/yr (EPRI) 74 ft

6.0E-7/yr (LLHL) 21 ft
2.8E-9/yr (EPRI) 26 ft

Failure Mode

LOOP, failure of SSH,
emergency AC (blackout)

LOOP, human errors

TOTALS 2.9E-6/yr (LLNL) 100 ft
l.lE-8/yr (EPRI) 100 ft

"LLNL" and "EPRI" designate different seismic hazard analyses
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ABSTRACT

The U.S. Nuclear Regulatory Commission (NBC) has been sponsoring
research to assess the safety of nuclear power plants with respect to
earthquakes since the 1970s. Similar research has also been sponsored by
the Electric Power Research Institute (EPRI). These programs were
motivated by a perceived need to better assess safety margins inherent in
plant designs. The occurrence of several medium intensity earthquakes in
the eastern U.S. within the last ten years contributed to the feeling that
seismic margins had to be better quantified. Another reason was the
possibility that the large earthquake which occurred in Charleston, South
Carolina in 1886 could occur elsewhere on the eastern seaboard of the U.S.
If this is found to be the case it could result in a reevaluation of the design
basis earthquake level at a number of plant sites. Finally the results of a
number of probabilistic safety assessments have indicated that seismic
events can be major contributors to plant risk. Although these results have
large uncertainties associated with them, they have caused more attention
to be focused on seismic safety.

Probabilistic analysis has shown that earthquakes larger than the design
basis of the plant have a small but finite chance of occurrence. Thus it is
important to know that the plant will be capable of shutting down safely even
if earthquakes somewhat above the design basis were to occur. A margins
assessment will provide this assurance and even though it is generally
accepted that current nuclear power plant designs are capable of
withstanding earthquake induced motion substantially greater than their
design basis, methods are needed to systematically demonstrate this.

This paper describes the review method developed to assess seismic
margins of operating commercial nuclear power plants and trial
applications of the method. The extension of the seismic margins approach
to Department of Energy facilities is discussed.

INTRODUCTION less traditional approach was desirable. An early
research program sponsored by the NRC was the

Initial research to assess seismic safety margins Seismic Safety Margins Research Program
were risk based. It was recognized that simply (Cummings, 1986) in which a seismic risk
assessing the margin to code allowables would assessment methodology was developed and
understate the true margin to failure and that a applied to a pressurized water reactor, the Zion
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Nuclear Power Plant, The method developed was
found to he cumbersome and a simplified approach
was devised and applied to a boiling water reactor
(BWR), the LaSalle Nuclear Power Station
(Wells, e t al., to be published). Besides these two
studies there have been over 20 seismic
probabilistic risk assessments completed by the
nuclear industry and NRC sponsored programs
(TAP A-45, NUREG-1150). A useful compilation
of the results of these studies has been assembled
by Prassinos (Prassinos, 1988).

SEISMIC MARGINS APPROACH

As an alternative to using a seismic probabilistic
risk assessment for obtaining information on
seismic safety at nuclear power plants, a seismic
margins method has been developed. This
method, which mere directly assesses the seismic
safety margin at plants, evaluates the plant
against a review level earthquake and thus does
not require as much detailed knowledge about the
seismic hazard (frequency and intensity of
ground motion) at a particular plant site as a
probabilistic risk assessment would. Although
seismic hazard curves are available for eastern
U.S. nuclear power plant sites (Bemreuter, et. al.,
1988; EPRI, 1986) their use needs interpretation
because of the wide uncertainties involved. Such
interpretation is made easier when rnly a review
level earthquake needs to be defined. Also the
margins approach is more focused and makes use
of the findings from other seismic safety studies to
simplify and sharpen the analysis. Thus a wider
range of personnel could accomplish a margins
review as compared to a seismic probabilistic risk
assessment.

Seismic margins research was initiated by the
NRC at the Lawrence Livermore National
Laboratory in 1984 (Cummings, 1984). An Expert
Panel was formed to develop a methodology
(Budnitz, et el., 1985) and it was applied in a trial
plant review (Prassinos, 1986 and 1987). A
parallel effort was undertaken by the Electric
Power Research Institute (EPRI, 1988) and a trial
review was undertaken at the Catawba Nuclear
Station (EPRI, 1987). A review of the EPRI seismic
margins Methodology was conducted and
documented (Budnitz, 1987). The NRC method
was extended to cover boiling water reactors
(Amico, 1988). Further work is complete to
strengthen the seismic margins method in the
area of seismic capacity determination.

(Kennedy, et. al., 1988, and LLNL, 1990). A
cooperative program has been completed between
NRC and EPRI which involved a seismic
margins review of the Hatch Nuclear Power
Plant, a BWR on a soil site (Orvis and Moieni,
1990). The seismic margins approach has also
been applied to reactor fuel pools to estimate risk,
(Prassinos, et. al., 1989).

Before describing the seismic margin approach, a
working definition of seismic margin is needed.
Such a definition was made by the Expert Panel as
follows (Budnitz, et. al., 1965).

"Seismic margin is expressed in terms of
the earthquake motion level that
compromises plant safety, specifically
leading to melting of the reactor core.
In this context margin needs to be defined
for the entire plant."

The margin review process involves the
screening of components based on their
importance to safety and their seismic capacity.
Screening criteria were developed based on
insights derived from previous seismic safety
studies including over a dozen seismic
probabilistic risk assessments (PRA). The
products of the review are High Confidence of Low
Probability of Failure (HCLPF) capacities for
components, accident sequences and the plant.
Mathematically, the HCLPF can be thought of as
an estimate of the 5% failure probability point with
95% confidence. In actuality, it is a conservative
bound on seismic capacities based on testing,
analysis, experience data and engineering
judgment. A typical fragility curve indicating the
HCLPF is shown in Figure 1.

These HCLPF capacities, measured in terms of
peak ground acceleration (pga), are compared to
the peak ground acceleration predicted for the
earthquake against which the plant is to be
assessed, called the review level earthquake.
This review level earthquake is chosen at some
level above the design basis (safe shutdown
earthquake, SSE). The review level earthquake is
selected based on several factors, such as degree of
conservatism desired and plant SSE level. A
review level earthquake was established by the
NRC for the Maine Yankee review as 0.30g with a
50th percentile Newmark-Hall spectra as defined
in NUREG/CR-0098. A favorable comparison of
the review level earthquake with the HCLPF
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95% confidence
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Median fragility
curve

5% confidence
curve

0 0.17 0.3 0.4

Peak ground acceleration (g)

Figure 1. Example fragility curves for a structure showing the Safe Shut-down
Earthquake (SSE), High Confidence of Low Probability of Failure
(HCLPF), and Median, (Am) Levels of Ground Motion.

capacity of the plant indicates that there is a high
confidence of a low probability of failure (core
damage) for the plant due to earthquakes. The
extent to which this plant HCLPF capacity is above
the SSE level is a measure of the seismic margin
of the plant.

SYSTEMS SCREENING

To screen out components not important to the
review, criteria were developed based primarily
on published seismic PRAs. For PWRs it was
found that the dominant plant damage states
resulted from accident sequences involving oarly
core melt with early containment failure. In
addition, it was found that these plant damage
states generally involved core damage induced by
failure of plant safety functions relating to reactor
subcriticality and early emergency core cooling

(injection). This insight indicates that only those
systems and components needed to perform these
functions need to be considered in a margin
review. For BWRs the component screening
criteria are not as specific and generally require a
review of systems and components involved with
reactor subcriticality, emergency core cooling and
residual heat removal functions (Amico, 1988).
For DOE applications systems screening insights
from PRAs cannot be used and systems models
will need to be constructed.

It was also found that seismic induced core
damage can result from failure of specific plant
unique features, i.e., failure of an upstream dam,
or undesired systems interactions. Thus it will
always be necessary to perform some kind of plant
inspection to look for any unique features
requiring a margins review.
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FRAGILITY SCREENING

Once components and structures important to the
review have been identified, their seismic
capacity needs to be evaluated. Those components
with HCLPF values greater than the review level
earthquake need no further consideration. To
facilitate this process, a table was constructed
(Budnite, et. al., 1985) giving guidance for
capacity assessments. Three ranges of capacity,
stated in terms of pga, were developed: (1) less
than 0.3g, (2) 0.3g to 0.5g and (3) greater than 0.5g.
Each type of nuclear power plant component and
structure was placed in one of these ranges. This
categorization of components was based on
fragilities developed for PRAs, earthquake
experience data developed by the Seismic
Qualification Utility Group and others,

performance test data and other information
available to the Expert Panel, Table 1 shows a
typical page of the table developed by the Expert
Panel. It is important to note that plant
components must be inspected to assure that the
capacity table is appropriate to use since it is based
on generic data. This table can easily be
expanded to incorporate other classes of equipment
found at DOE facilities throughout the U.S. Only
the <0.3g peak ground acceleration column needs
to be developed since seismic margin reviews at
higher levels are not anticipated.

During the process of assessing the HCLPF
capacities for various components, an extensive
fragility information data base was developed
from the available seismic PRAs (Campbell, et.

Table 1

Partial Summary of Capacity Assessment of Nuclear Powor Plant Components

Component Peak Ground Acceleration
<.3g .3-.5g >.5g

Valves

Heat exchangers

Tanks

Batteries and Racks

Active Electrical Equipment
(Capacities given for structural
failure mode. Relay chatter and
breaker trip failure modes must
be evaluated for all earthquakes
selected for screening exceeding
the design basis.)

Diesel Generators

Pumps

c
(2)X

(3)X

(4)

(5)

(1)

(2)X

(3)X

(4)

(6)X

X

X

X

X

c

c

(7)X

(8)X

X

X

Evaluation ihwM be conducted only f«r motoropcratcd ial*es on lints 3 Inches In diameter or test.
Support and anchorage failure model should be evaluated.
Ettcpi Tor owftKtlng ftlptag, burUd %**** 4e net h**e to be c i l ia ted .
Inspect)** durtag walkdawa sna> indkate that baiter; support!, racks, and anchoragt arc surflckaUy rutted thai margin evaluation U aot required.
Uitktowa ihould ht conducted to urlfy that the cablntU ar« Kcurtlj anchored lo the floor w walla, and the Inrtruawnli are rigidly attached to the CIMMII.
Margin c»atuallM should locus on caMntl anchorage and attachment of Instruminta lo cahlncL
Margin c^ataalkM ahoull focus on anchorage and support of peripheral equipment.
Marg'ia maluaiiM U required only for tcrtka! putnpi wtnh shafls unsupported at their tower ends or culagi with Uterai »upp»rti graaler than 29 'ttt aparL
An tutpiMMt it En c a m where the shaft and casing arc ttsi than 30 feet long. For tali case, laargla cniualloa Is aol required f«r pga < #.Sg.

n5)

«*>

C tow-yroaahilil; of failure <HCLFFl cipictly eiltli for this acccleratloa range, no additlanal analysis ts required.

Margin «>al»i;bn tat all poiectlil failur* modes U required to deUnnlne IHt I1CLPF capad'>-
dJscunctf in rl'» tferowjth it} abo*e.

in evaluation {or ucepitoas) is required ai
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al., 1988). This database is available on diskettes
and is easily usable and expandable with the
IBM/PC DBASE software.

The components remaining after the systems and
fragility screenings, plus the systems interaction
and plant-unique features identified, are then
subjected to a margins quantification. The
quantification process starts by calculating the
HCLPF capacities, using structural/mechanical
analysis, for those components and structures
needing evaluation. Plant logic models are
constructed using event and fault trees for the
primary and support systems required for the
plant functions left after screening. The
minimum cut sets derived from the plant logic
models are evaluated using the component HCLPF
values to arrive at accident sequence and plant
level HCLPF capacities.

Two methods are available to calculate component
or structure HCLPF capacities. These are the
Fragility Analysis (FA) method and the
Conservative Deterministic Failure Margin
method (CDFM). The FA method requires
estimating the median failure capacity (Am) for
the component or structure and the random (fir)
and modeling (fim) uncertainties involved.
Assuming a log normal failure probability
distribution, the HCLPF capacity can be calculated
from these three parameters:

HCLPF = Am exp (-1.65 (Br + fiu)).

The CDFM uses a more design-oriented approach
in which suitable conservative but realistic values
are used for design parameters. Work to cross-
check the two methods and results using four
knowledgeable investigators indicate their results
compare within 609b (Kennedy, et. al., 1988). The
differences found from the results of the
comparison are due more to the assumptions made
about failure than due to differences in the two
methods. When comparison calculations were
made by a wider set of individuals, the differences
were larger, indicating that these fragility
calculational methods must be used carefully,
(LLNL 1990).

Random, test and maintenance, and human error
failure modes should also be included in the
analysis. These did not turn out to be contributors
to the HCLPF calculation in the Maine Yankee

review but may in other analyses.

The review process itself is an eight step process.
These steps are shown in Figure 2. Step 1 is to pick
a review level earthquake. Steps 2 and 3 involve
information gathering and preliminary analysis
by two teams, a systems analysis team and a
fragility analysis team. Step 4 is the first plant
inspection (walkdown). In Step 5, following the
plant inspection, event and fault trees are
constructed including those components not
screened out. In Step 6, a second visit is made to
the plant to recheck the components remaining
which might require further analysis. In Step 7,
minimal cut sets leading to core damage are
determined. In Step 8, the component HCLPF
capacities are finalized and HCLPF capacities for
accident sequences and the plant are calculated.
This entire effort takes about three staff-years of
effort and can be completed in 6 to 9 months.

It is important to point out the assumptions of the
approach.

1. The review approach focuses on
earthquake that could occur in the eastern
part of the U.S., specifically east of the
Rocky Mountains.

2. The assessment of components HCLPF
capacities is limited to earthquake of less
than a magnitude of about 6.5, which are
characterized by 3 to 5 strong motion cycles
with a total duration of 10 to 15 seconds.

3. The effects of undiscovered design and
construction errors are not covered.

4. Possible vulnerabilities in hydraulic
systems associated with sensors and
pneumatic systems are not fully covered.

5. Electrical and control systems are
incompletely covered because
unrecoverable relay chatter and breaker
trip is not treated.

6. Evaluation of the effect of wear and aging
on equipment function is not fully covered.

7. Possible adverse human response caused
by earthquake-induced stress are not
explicitly covered.
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Shirt Tlmcaxlx

Gather information
on systems

KEY: Task Is performed by:

Systems Analyst

Fragility Analyst

Both

Determine minimal cut
sets for end-point cere
melt

Select an earthquake review level

Gather Information on the
plant Determine wbkh broad
classes or troupe of components
have HCLPF values greater than
the review level. Possibly
identify plant-unique features.

First plant walkdown:
Concentrate on identification of problems.
Emphasize systems interaction. Confirm
applicability of screening tools. Complete
identification of plant-unique features.

Revision of systems
relationships established
In Step 2. Develop fault
trees and event trees.

Second plant walkdown:
Primarily fragility analyst for cheeks.
Collect specific data (size and other
physical characteristics) of components
requiring detailed analysis.

Finalize HCLPF value for components
in final cut sets (components not screened
out).

Margin
Assessment
Complete

Figure 2. Graphic representation of the Seismic Margins Methodology.

The first two limitations are based on the data
from PRAs and industrial facilities that were
used in the development of this approach and
present true limitations on the methodology. Some
of the remaining items represent limitation on our
knowledge of how to adequately address these
issues, while other require considerable effort to
include.

MAINE YANKEE REVIEW

Following development of the seismic margins
method, a trial review was made on a pressurized
water reactor at the Maine Yankee Atomic Power
Station (Prassinos, et. al., 1987). Not only did this
review test the methodology, but it was useful in
resolving some outstanding licensing issues.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

441



For Maine Yankee, two important accident
sequences were identified. Both are initiated by a
seismically induced loss of offsite power (LOSP)
assumed to always occur at the review earthquake
level. In one sequence there is a small loss-of-
coolant accident (LQCA of 3/4 in, to 2 in. diameter
pipe) assumed to occur because of seismically
induced pipe breakage. HCLPP capacities for
components which might cause other types of
small LOCA (pump seal or power-operated relief
valve LOCAs) were sufficiently high so they could
be screened out. The other accident sequence
assumed no small LOCA.

The small LOCA accident sequence involved
seismic failures only and resulted in a plant
HCLPP of 0.2 lg. Many plausible arguments,
including the component screening table of
NUREG/CR-4334, indicated that a small LOCA
could be screened out for the review level
earthquake considered. Since the analysts
involved in this review could not get inside the
Maine Yankee containment to inspect the small
primary system piping, they chose not to screen
small LOCA out. If they had, this sequence would
not be considered and the plant HCLPF would be
above 0.30g.

The small LOCA accident sequence was composed
of three singleton cut sets with the dominant
contributor being failure of the Refueling Water
Storage Tank (RWST) which had a HCLPF of
0.2lg. Other singletons in the sequence had
HCLPFs greater than O.SOg. Thus the plant
HCLPF for this accident sequence was found to be
0.21g.

The second accident sequence, LOSP with no
small LOCA, involved no singletons but a number
of doubletons, some combining seismic and non
seismic (random, test and maintenance, human
error) caused failures. The most important
doubleton was failure of the Demineralized Water
Storage Tank (DWST, HCLPF = 0.17g) and the
Circulating Water Pump House (HCLPF > 0.30g).
The plant HCLPF for this accident sequence was
found to be >0.30g.

Nonseismic failures were found not to be
important contributors. They made no
contribution to the overall plant level HCLPF
capacity. The most important nonseismic failure
found was a common cause failure of the

Auxiliary Feedwater System, (median
vulnerability per demand of 1.2 x 10'4).

It should be noted that during the review process,
important components were found for which a low
HCLPF would result or insufficient data was
available to determine the HCLPF. These were the
lead-antimony station batteries, the station
service transformers, a block wall near HVAC
equipment, parts of the Primary Component
Cooling Water System and Secondary Component
Cooling Water System air conditioning heat
exchangers, and anchorage of the diesel generator
day trunks. To reduce the uncertainty in their
capacities, these components were replaced or
upgraded and the results of this review are based
on the upgraded configurations.

Following completion of the review the utility
upgraded the RWST anchorage. After completion
the plant HCLPF was approximately 0.27g which
almost corresponds to the review level earthquake
and compared favorably with an eari'iquake level
of 0,18g which NRC thinks adequately accounts
for current seismic activity in the region. The
original SSE for Maine Yankee was 0. lg.

APPLICATIONS TO DEPARTMENT OF
ENERGY FACILITIES

The major difference in applying the current
seismic margins method to DOE facility is that
system screening cannot be used since it was
based on commercial nuclear reactor seismic risk
assessment results. System models must be
developed for DOE facilities based on the event
tree/fault tree approach or by identifying one or
more success paths for further study.

Most of the fragility screening can be used
directly, although the fragility screening table
may need to be expanded to include components
found at DOE facilities. Since the method is only
applicable to eastern U.S. earthquakes, the
fragility screening table need only contain the
values in the <0.3g column.

CONCLUSIONS

The application of the seismic margin review
method to Maine Yankee was viewed as a success
by both the NRC and the utility. It proved to be a
valid method for resolving outstanding seismic
issues at Maine Yankee, was applied at a
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reasonable cost compared to a more formal review,
and was useful in pinpointing areas which needed
upgrading.

Following the review of Maine Yankee, several
areas needing further work were identified. It
was felt that a comparison was necessary of the two
fragility evaluation methods, PA and CDFM, to
make sure they give the same results. As reported
previously, this work is complete and indications
are that which method is used is not as important
as are the assumptions which go into postulating
the failure modes.

In comparing the NRC seismic margins review
method with the method developed by EPRI, it was
noted that the plant logic models are constructed
differently (Budnitz, 1987). Event and fault trees
are used in the NRC method while success paths
are used in the EPRI method. There are pros and
cons for each method and a joint seismic margin
review on the Hatch Nuclear Power Station was
conducted by NRC and EPRI to shed light on this
issue. The Hatch review also tested the
applicability of the methodologies to a soil site.
Results of the Hatch review suggested valuable
insights into seismic capacity can be identified by
application of the NRC approach (Orvis and
Moieni, 1990). Both methods produced comparable
capacity results.

The seismic margins review method now stands
available for use to resolve some of the seismic
safety issues noted at the beginning of this paper.
These include the eastern U.S. seismicity
question and incorporation of external events into
the individual plant examination process, which
is part of the severe accident program, now under
way in the U.S.

With minimal extension the method can easily be
applied to DOE facilities located east of the Rocky
Mountains.

A major advantage of the seismic margins
method is the disconnection from controversial
seismic hazard estimates, use of systems models
to direct the review, and use of plant walkdowns to
identify low capacity components.

A careful and detailed independent review of the
application of the methodology needs to be
conducted simultaneously.
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NATURNAL PHENOMENA EVALUATION
OF THE DEPARTMENT OF ENERGY - FIELD OFFICE

OAK RIDGE OFFICE BUILDINGS
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Office Oak Ridge, Oak Ridge, Tennessee

K. E. Fricke and R. Joe Hunt, Martin Marietta Energy
Systems, Engineering Division, Oak Ridge, Tennessee

ABSTRACT

The Department of Energy - Field Office Oak Ridge (OOE-OR)
is performing natural phenomena evaluations of existing
office buildings located in the city of Oak Ridge, Tennessee.
The natural phenomena considered are earthquake, wind, and
flood. The evaluations are being performed to determine if
the facilities are in compliance with DOE General Design
Criteria 6430.1A. This paper presents results of the evalu-
ations for three of the office buildings.

INTRODUCTION

The issuance of the Department of
Energy (DOE) 6430.1A, General Design
Criteria [1] and UCRL-15910, Design and
Evaluation Guidelines for Department of
Energy Facilities Subjected to Natural
Phenomena Hazards [2], and the occurrence
of the Loma Prieta, California earthquake
of October 17, 1989 has increased the
awareness of seismic safety concerns at
DOE-OR and its facilities. As a result,
the DOE-OR has initiated natural
phenomena evaluations of facilities
housing full-time Federal personnel not
only in Oak Ridge, Tennessee, but also at
the plants located in Paducah, Kentucky;
Portsmouth, Ohio; and Fernald, Ohio. The
evaluations described in the current
paper were done on buildings located in
the City of Oak Ridge and not at one of
the five (5) plants. This work is being
performed on facilities that have a Usage
Category [2] classification of either
GENERAL USE OR IMPORTANT OR LOW HAZARD,
and not on higher level classification
type buildings, i.e., this process has
not been performed on the major plant
operational facilities that deal with
uranium, plutonium, etc.

The main purposes of these
evaluations are to identify probable life
safety structural and non-structural
hazards and consequent building damage,
and if necessary, determine design fixes
to ensure the life safety of the occupants
of the buildings. For some of these
facilities, the effects on continued
operations are also being considered.

The natural phenomena which are being
considered are earthquake, wind, and
flood. The Oak Ridge facilities presently
being evaluated (or which have undergone
part of this process) are the Buildings
2714 and 2715, the Turnpike building (also
known as the Former Museum), the Federal
Office Building (FOB), the Downtown
Concourse, and the Office of Scientific
and Technical Information (OSTI).
Buildings 2714, 2715, and the Turnpike
Building have undergone both a Phase I and
Phase II assessments under the control of
DOE-OR and are the subject of this paper.
The FOB underwent a Phase I assessment
under DOE-OR guidance, but the Phase II
and III are being addressed by GSA, the
building owner. A Phase I assessment has
been performed for (1) the Administration
Building complex (C-100, C-101, and C-102)

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

446



at the Paducah Gaseous Diffusion Plant,
(2) the Administration and the Human
Resources Buildings at the Fernald Plant,
and (3) the Administration Building (X-
100) at the Portsmouth Gaseous Diffusion
Plant.

EVALUATION METHODOLOGY

The evaluation of the office
buildings is generally being performed in
three phases. These phases are:

o Phase I - Life Safety Seismic
Assessment

o Phase II - Detailed Natural
Phenomena Assessment

o Phase III - Conceptual Remedial
Designs and Costs

The Phase I assessment was performed
using the Federal guidelines described in
NISTR 89-4062, ICSSC RP-3 [3]. These
guidelines refer to suggested procedures
in Applied Technology Council (ATC)-14
[4] and ATC-22 [5]. Since DOE 6430.1A
references the seismic provisions in the
latest Uniform Building Code (UBC) and
ATC-14 is based on the procedures in the
UBC, the ATC-14 is used as the primary
evaluation document in Phase I. The
purpose of Phase I is to perform a quick
seismic assessment to determine if
further detailed seismic studies are
needed.

The Phase II assessment is based on
the DOE 6430.1A criteria using the
guidelines, techniques, and references
defined in UCRL-15910. UCRL-15910
defines the facility-use categories of
DOE facilities, and based on the specific
facility use-category provides the hazard
levels for the earthquake, wind, and
flood events to be used for evaluation.

Phase II consists of a detailed
walkdown and review of existing design
documents. Calculations are performed to
determine the existing capacity with
respect to the required demand defined in
UCRL-15910 considering the remaining life
of the facility. The results of this
phase identifies the structures and its

non-structural components which are not in
compliance with UCRL-15910.

The Phase III work is directed toward
correction of the identified existing
deficiencies. For these deficiencies,
conceptual designs and their associated
costs to address life safety issues and
some operations are determined. The
designs and costs are categorized
according to priority and most benefit
gained.

DESCRIPTION OF STRUCTURES

BUILDING 2714 COMPLEX
Figure 1 is a typical photograph of

the exterior of the Building 2714 complex.
Review of the engineering records indicate
that the complex was originally
constructed as six separate structures
connected by enclosed walkways. The two
western most structures have been
demolished. The general layout of the
four remaining buildings and their
connectors are shown in Figure 4.

The four original structures are each
168' - 9" by 52' - 4". Units F, G, and H
each have office extensions to the north.
These extensions are 50' - 9" by 36' - 2".
The extensions originally provided office
space to accompany the laboratories in the
larger buildings. The extensions were
constructed at the same time as the
laboratory portion of the buildings. Unit
J does not include the office extension.

The construction of the four
buildings is very similar. Apparently,
the construction was executed from
individual plan drawings that referenced
typical details. The buildings are
covered by asphalt composition shingles
laid over straight plank sheathing. The
sheathing is typically l-by-6 decking;
however, some of the roofs contain l-by-8
decking. The wood decking is supported by
wood trusses at 2 ft. centers. The wood
trusses span east-west between the
exterior clay tile load bearing walls.
The clay tile walls are 8 in. thick, and
constructed of two 4 in. wythes. Based on
inspection of the walls, there is an open
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collar joint between the two 4 in.
wythes, therefore the walls cannot be
considered to act in a composite manner.
The interior walls do not contribute to
the lateral force resisting system of the
building. These walls are supported by
the floor slab. The interior walls and
partitions are not attached to the
diaphragm. The reference drawings
indicate the roof to wall connection
consists of 1/2 in. round bolts 12 in.
long spaced two per pier or at a maximum
of 3 ft. spacing. The anchor bolts
connect a 4-by-8 wood plate to the top of
the wall. Truss attachment to the plate
is not indicated on the available
drawings. The trusses are assumed to be
toe-nailed to the plate. The trusses are
fabricated from dressed structural grade
lumber. The top chords are 2-by-10's in
the laboratory and 2-by-8's in the office
wings. The bottom chords are 2-by-6's
and the diagonals are 2-by-6's and 2-by-
4's. Truss members are connected by 4
in. round split-ring connectors.

Steel reinforcement is not indicated
for the masonry walls except in the
lintels. No steel reinforcement is
indicated for the foundations or floor
slabs. The load bearing wall foundations
are indicated to be 8 in. wide and a
minimum of 2' - 6" below final exterior
grade. A 1/2 in. expansion joint is
indicated between the wall foundations
and the floor slabs.

BUILDING 2715
Figure 2 is a typical photograph of

the exterior of Building 2715. The
general layout of the building is shown
in Figure 5.

The structure is 103 ft. by 34 ft in
plan, divided into two equal areas by a
12-1/2 inch thick clay tile fire wall
bisecting the 103 ft. dimension. The
exterior walls are 12-1/2 inch thick clay
tile masonry load bearing walls. The
roofing is a single ply roofing membrane
with a gravel ballast. The roof
structure consist of 2 in. thick gypsum
planks supported by 4 in. by 12 in. wood
joists spanning from the north and south

walls to a center line of 8 by 12 in.
timber girders supported on 8 in. square
wood posts at approximately 13 ft.
centers. The roof slopes approximately 6
in. north and south from the center ridge
to the exterior walls. Concrete masonry
has been added to increase the thickness
of the walls in the southwest corner of
the structure. Concrete masonry
partitions have also been added in this
area, creating two radiation-shielded
spaces. The eastern half of the building
has been converted into office spaces by
adding partitions constructed of wood 2
in. by 4 in. studs at 16 in. on center
with 1/2 in. gypsum board on each face.
The ceiling is composed of 2 by 4 ft.
panels of styrene plastic material in a
metal grid suspended by wires from the
structure above. There is also a ceiling
of 2 ft. square fiber board acoustic
panels, nailed to wood lath, attached to
the bottom of the wood joists.

The floor Is concrete which the
construction drawings indicate to be 6 In.
thick. A mastic joint separates the floor
slab from foundations and column piers.

The wall foundations are shown to be
straight walls 12-1/2 in. thick and a
minimum of V - 6" below the finished
grade outside the structure. The interior
columns terminate 3 ft. above the floor on
12 in. square concrete piers which
penetrate the floor and extend to 2 ft.
square footings founded 2 ft. below the
floor. Reinforcing is not indicated on
the construction drawings for either the
masonry or concrete.

Some cracking of the masonry was
observed. The north extension of the fire
wall contains several cracks. The
remainder of the cracks have occurred on
the west wall generally emanating from the
corners of openings. The cracks were
observed in the foundation near the west
end of the south wall. One very heavy
piece of equipment has apparently caused
the northwest corner of the floor slab to
settle.
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TURNPIKE BUILDING
Figure 3 is a typical photograph of

the exterior of the Turnpike Building.
The genaral layout of the building is
shown in Figure 6.

This structure consists of a main
building, a renovated boiler building
(which now serves as a computer
facility), and a fill-in structure
connecting the two. The main building is
a two story structure approximately 193
ft. by 126 ft.

Lower Story: The lower story is
partially below grade. The exterior
walls are unreinforced concrete masonry
units (CMU). This level was enlarged to
its current size after the original
construction was completed. As a result,
there are CMU interior walls which at one
time were exterior retaining walls.
Additional interior CMU walls are
indicated on the plans. The balance of
the interior walls are either metal or
wood stud walls, with 1/2 in. gypsum
board covering. The interior columns of
the original lower level are wood. In
the space excavated to expand the lower
level, the original columns were masonry,
and were of varying height. During the
expansion construction, many masonry
columns were replaced with steel pipe.
In order to eliminate a row of columns,
steel beams were added over the steel
pipe columns in the west portion of the
expansion area. A few of the original
masonry columns remain. The lower story
floor is concrete, cast on grade.

Upper Story: The upper story
consists of nominal l-by-8 plain edge
wood subflooring supported on 2-by-12 or
2-by-10 floor joists at 16 in. on center.
The joists span between beams which are
built up from several boards spiked
together. The beam sizes vary, depending
on the span. The beams which are between
the original basement walls span north
and south and are supported by masonry
pilasters, masonry load-bearing walls,
built up timber columns, and steel pipe
columns. The beams in the areas of the
basement expansion span east and west.

Where wood bears on masonry, a 2-by-l/8
in. steel strap protrudes from the masonry
and is attached to the beam or column by
three spikes. The steel straps occur only
on one side of each connection. The
spikes were omitted from several of the
connections observed. Beams supported on
wood columns are attached to the columns
by 2 ft. long 2-by-12's on both sides of
the connection. Approximately twelve
spikes attach each 2-by-12. The
attachment of the floor framing to the
perimeter masonry walls is generally
concealed by finishes. One place was
observed on the south wall. At this
location there is only one 1/2 in.
diameter bolt midway between two
pilasters. The distance between the
pilasters is approximately 13 ft.

Roof Framing: The roof framing is
entirely of wood; the perimeter walls are
wood studs with sheathing and lapped
siding. All second story interior columns
are wood. The roof is framed using two
systems. The central portion of the
structure slopes gradually to the north.
This portion is framed in the same manner
as the first floor; wood joist on sloping
beams and wood columns. This roof is
bounded on the east, south, and west sides
by a peaked roof. The peaked roof
consists of trusses which form the ridge
and span between two beam lines. On
either side of these trusses are rafters
which extend the roof slope to the
exterior walls or to the other interior
beam lines. The roofing materials are
asphalt shingles on the peaked portions
and ballasted membrane on the central
portion.

The ceiling is composed of 2-by-4 ft.
panels of styrene plastic material in a
metal grid suspended by wires from the
structure above. There is also a ceiling
of 1 ft. square fiber board acoustic
panels, nailed to wood lath, attached to
the bottom of the wood joists. The
original ceiling in the building is
vaulted around the east, south, and west
sides, following the sloped rafters and
the level bottom chords of the trusses.
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The computer facility was originally
a separate, free standing boiler building
that has been remodeled and reroofed with
steel open web joists and a steel deck.
The original windows have been filled
with CMU. A newer, smaller replacement
boiler is now housed in the original
boiler';, coal bin on the west side of the
boiler building structure. The remainder
of thU structure now contains a raised
computer floor. The exterior walls
appear to be concrete masonry. The
reference drawings indicate that the CMU
walls are 16 in. thick composed of two
wythes. The analysis assumes the two
wythes to be bonded, forming a 16 in.
thick composite wall. The drawings
indicate that the joist and roof deck are
anchored to the masonry walls.

The connector of fill-in building
addition between the main building and
the computer building is constructed of
concrete masonry walls and precast
concrete roof planks. The planks are
supported on the masonry walls and a
central steel beam. The beam appears to
span between the main and computer
buildings, as no interior columns are
apparent.

EVALUATION RESULTS

PHASE I
The Phase I assessments are

documented in a report [6] prepared for
OOE-OR by Frank E. McClure (Lawrence
Berkeley Laboratory) for the Building
2714 complex and the Turnpike Building
(excluding the computer facility
portion). These assessments concluded
the buildings were "tentative hazardous
buildings" requiring further analysis.
It was recommended that follow-up field
work be performed for 1) verification of
the existing data, 2) development of data
concerning the construction of and the
connections between the lateral force and
load bearing elements of the building, 3)
performing a more complete survey of the
potential non-structural fall ing hazards,
4) preparing simple as-built drawings of
the primary vertical and lateral force
resisting elements and non-structural

falling hazards, 5) performing material
testing including in-plane shear tests of
the hollow clay time bearing walls, and 6)
performing a more detailed lateral force
analysis of the building, based on the
information obtained from the follow-up
field investigations.

PHASE II
The Phase II assessments are

documented in reports prepared for DOE-OR
by Allen & Hoshall, Inc. [7,8,9]. For
these assessments, the Building 2714
complex was classified as GENERAL USE.
Building 2715 was classified as IMPORTANT
OR LOW HAZARD USE due to sources of
radiation being contained therein, and the
Turnpike Building was classified as
GENERAL USE except that the computer
facility portion was classified as
IMPORTANT OR LOW HAZARD USE due to the
presence of mission dependent computer
equipment.

Building 2714 Complex
The Phase II assessments show that

the complex does not meet the UCRL-15910
guidelines for earthquake and wind
hazards. The building does satisfy flood
hazard criteria. The major structural
deficiency is the behavior of the hollow
clay tile masonry walls. Failure to meet
the wind or seismic requirements is not an
indication of imminent collapse. Rather,
it is an indication that the expected
earthquake would cause stresses in excess
of generally recognized safe levels.

The following recommendations have
been made to improve the performance of
the building:

Structural
o reinforce masonry walls
o improve attachment of roof to shear
walls

o add diaphragm at ceiling or roof
o attach interior masonry walls to

diaphragm
o enlarge expansion joints between

separate structures

Non-Structural
o brace suspended ceilings and lights
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o add latches to file cabinets
o brace water heaters
o brace the top of any stud framed

partitions over 17' long
o make a practice of loading the lower

shelves of storage units first

Building 2715
The assessments show that Building

2715 meets the UCRL-15910 guidelines for
the flood hazard criteria, but does not
meet the guidelines for earthquake and
wind hazard criteria. The major
structural deficiency is that the roof
will not perform as a diaphragm. The
following recommendations have been made
to improve the performance of the
building:

Structural
o create roof diaphragm
o attach roof to fire wall
o attach roof to exterior walls
o reinforce shielding walls
o replace east entrance canopy

Non-Structural
o brace suspended ceiling and lights
o add latches to file cabinets
o brace water heater
o anchor air compressor in space S-15

Turnpike Building
The assessments show that the

Turnpike Building meets the UCRL-15910
guidelines for the wind hazard, but does
not meet the guidelines for earthquake
and flood hazard criteria.

With respect to flood hazard, the
main portion of the Turnpike Building
{excepting the computer facility) meets
the guideline's performance goals for a
General Use facility. Although the
building's site is subject to flood
hazard, the facility is able to withstand
the forces associated with the design
basis flood (DBFL) without damage, and
adequate flood warning time would be
available (1 to 2 hours) to ensure that
building occupants would be evacuated.

The portion of this facility
containing the computer facility does not

meet the Guideline's flood hazard
performance goal for Important or Low
Hazard Facilities. The DBFL for this
usage category exposes the computer-
facility to interruption of facility
operations. Occupant safety is not a
problem and is equivalent to that in the
main building. The roofing system also
fails to meet the Guideline's goals, which
utilizes parapets and drainage scuppers
which are not present elsewhere on the
Turnpike Building. Blockage of the
scuppers would result in water ponding on
the roof, exposing the facility to
interruption of operation due to rcof
damage and/or water leakage.

The major seismic structural
deficiency is the behavior of the masonry
walls in the lower level of the main
portion of the building and in the 0R0
computer facility. The following
recommendations have been made to improve
the performance of the building:

Structural
Main Building
o Add new shear walls in lower level or

strengthen existing walls
o improve anchorage of upper floor to
masonry walls

Computer Facility
o confirm anchorage of roof diaphragm

Infill Structure
o reinforce masonry walls
o confirm anchorage of precast roof to
masonry walls and support steel

o create a diaphragm at the roof level
o add shear walls to resist east-west

forces
o create expansion joints between infill

structure and boiler building and main
building

Non-Structural
o brace suspended ceiling and lights
o brace raised flooring (computer floor)
o brace top of interior partitions i f over

17' between intersecting walls
o brace fans above ceiling
o brace water heaters
o restrain batteries
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o recommend Improvements to maintain
continuity of operations under flood
hazard conditions

PHASE III
The phase III assessments to develop

conceptual designs and their associated
costs to address life safety issues and
some operations has not been initiated
but may begin in FY 92.
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FIGURE 2 - BUILDING 2715 FIGURE 3 - TURNPIKE BUILDING
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ABSTRACT

Since being designed and constructed in the late 1960s, the Director's Building
(Building 111) at Lawrence Livermore National Laboratory (LLNL) has been
evaluated for 1988 seismic criteria and has been upgraded to withstand a major
earthquake in the Livermore area.

During and immediately after a large earthquake in the Livermore area, Building
111 occupanis would be able to exit safely without loss of life. Building 111 itself
would be severely damaged, but would not collapse. Highlights of the seismic
upgrade design criteria and of the design, analyses, and construction that resulted
are presented in this paper.

INTRODUCTION

With a compressed schedule for completion in
February 1991, the final concrete pour was placed in the
two new external towers as part of the Building 111
seismic upgrade at the Lawrence Livermore National
Laboratory (LLNL).

Building 111 is a 7-story reinforced concrete struc-
ture, originally designed in accordance with the 1964
Uniform Building Code (UBC), (1J, and constructed in
the late 1960s. Since the January 1980 Greenville
Earthquakes, several seismic evaluations of Bldg 111
have been performed. From the damage incurred by
Building 111 during the January 1980 Greenville Earth-
quakes, the 198S Pre-Titie I Study concluded that the
building would suffer severe damage and possibly partial
collapse if subjected to a major earthquake, such as that
represented by the LLNL Site Response Spectra an-

chored to 0.5g, if no seismic upgrades were performed,
[2].

The Pre-Title I Study also concluded that strength-
ening of Building 111 so that it would only suffer severe
damage, but not collapse, during a major earthquake is
necessary for occupants to exit the building without loss
of life after such an event, [2]. The identified building
structural deficiencies are shown in Figure 1.

The Building 111 seismic upgrade was designed by
Forell/Elsesser Engineers, Inc., Structural Engineers;
and Kurtzman and Associates, Architects and Planners.
LLNL Plant Engineering provided a review of the seis-
mic upgrade design and construction. Ralph Larsen &
Son, Inc., performed the construction which began in
December 1989. With the shortened schedule, con-
struction was completed in only 14 months as opposed
to the original 24-month plan. The overall project cost
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was about $6.5 million.

After many conceptual design considerations for
seismic upgrading of Building 111, the final choice was
to add two large reinforced concrete towers to the exist-
ing seven-story structure. No new floor space was
added, but provision was made on the towers at each
floor for future connections if needed.

An earlier seismic upgrade scheme, devised in 1981,
would have approximately doubled the previous floor
space by adding two wings, resulting in a rectangular box
configuration with a center courtyard. Shapiro, Okino,
Mom, and Associates, Structural Engineers and ED2
Architects produced that conceptual design, which
would have cost about S25 million (in 19S2 dollars) to
build. This option was rejected as being "too expensive".

The four most serious structural deficiencies that
existed in Building HI before the seismic upgrade were
inadequate shear wall capacity; lack of special rein-

JgJ

C

Deficiencies

Shear walls
1. Shear wall shear capacity
2. Shear wall boundary elements
3. Discontinuous shear wall
4. Discontinuous shear wall at

floors 5 to 7
5. Offset shear wall

Diaphragm
6. Diaphragm chords
7. Lack of collectors to walls
8. Lack of continuity (anchorage)
9. Weakness caused by openings

Columns
10. Non-ductile columns
11. Column ultimate capacity

(first floor)

Figure 1.* Building 111 deficiencies identified with cir-
cled numbers (on plan view of floors 2 and above).

*Schematics originated by Foreil/Elsesser Engneerst [3]

forcemem at vertical boundaries of shear walls and at
large openings; inadequate reinforcing bars in chord
members; and lack of collector and tie elements at the
connection of west, south, and east wings to the core.
The above items formed the basis for the upgrade
concepts used, [3],

Other major deficiencies in the building before the
upgrade were a general lack of lateral confining rein-
forcement in beams and columns and inadequate rebar
anchorage in the precast spandrel beams.

The seven-story structure had suffered some damage
during the January 1980 Greenville earthquakes.
Minimal repair and retrofit were performed shortly after
those quakes. To provide additional seismic resistance,
reinforced concrete was used to fill in some of the
second-story window openings in the concrete walls at
the west end of the west wing and at the northeast and
northwest corners of the north (5-story) wing. Also,
concrete grade beams were added to the first-floor
breezeway near the east side of the building core. Later,
the breezeway was enclosed to create a lobby area.

The major features of the retrofit design include two
reinforced concrete towers on a large, new foundation
(adjacent to the existing building); addition of interior
and exterior collector elements that tie the new towers
to the existing building; addition of several interior and
exterior reinforced concrete shear walls; and strengthen-
ing of some of the existing first-floor concrete columns
(see Figures 2 & 3).

DESCRIPTION OF ORIGINAL BUILDING

The original portion of Building 111, also known as
the LLNL Director's Building, is a reinforced concrete
(RC) structure that is a non-symmetrical cross-shape in
plan, having two long 7-story wings: the south wing and
the east wing. Also, there are two shorter length wings:
the 5-story north wing and the 7-story west wing. The
central core area contains elevators, stairs, air-condi-
tioning duct shafts, and ccnduit-cable vertical shafts. On
the first story, the story height (from floor to floor) is
18'-0", and the story height for the upper stories is 13'-6".
There is concrete or asphalt pavement on the ground
surface on all four sides of the building, [3].

In accordance with the 1964 UBC, [1], Building 111
was designed for a base shear of 0.057W, where W was
the total dead load (gravity load) of the building. The
seismic lateral forces were assumed to be resisted by
shear walls and the transverse beam-column frames in
each wing. At the time of the 1989 seismic upgrade for
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Building 111, the 1988 UBC, [6], would have required
the building to be designed OR an elastic basis for a base
shear of 0.18W. Also, many of the design details in the
current building code were not required by the 1964
UBC. As a result, details such as lateral confinement of
the vertical reinforcing steel in concrete columns and
anchorage of diaphragm chord member reinforcing bars
were not included in the original construction. Con-
finement of the concrete core and of the main vertical
rehar (in the column) is needed to prevent buckling of
the main vertical steel when the column is subjected to
high compressive forces. Adequate bar anchorage and
bar laps (per current code requirements) prevent sudden
pullout failures when high tensile forces are exerted on
the steel reinforcing, [2].

For the original portion of Building 111, the vertical
load-carrying system mainly consists of reinforced con-
crete floor slabs (4-1/2 inches thick in general, with some
6 or 12 inches thick) and RC roof slabs (4-1/2 inches
thick) which are supported by 14-inch wide by 28-inch
deep RC beams that are 40 feet long. These floor beams

1. New concrete toweis
2. New steel collector
3. New edge collector
4. New shear wall at floors 5 to 7
5. New shear wall at floors 6 to 7

Figure 2.* Upper floors of Building 111, showing mod-
ficaiior.s (Note: new added foundation for towers is not
shown in this view).

*Schanatics originated by Foreli/Elsesser Engineers, [3]

span between 14-inch by 24-inch RC columns which are
spaced at 10 feet on centers. The vertical load at the
exterior edges of the floor and roof slabs is carried by the
14-inch deep by 17-inch wide RC beams which were
cast-in-place with each corresponding slab. Precast
concrete spandrel beams (3'-l" deep by 10 inches wide)
arc connected to the underside of the slab edge beams by
vertical steel reinforcing dowels. Floor and roof slabs
next to the interior stairs and elevator shafts are sup-
ported by the RC walls enclosing the shafts, [3].

With respect to the original portion of Building 111,
the lateral load-carrying system is made up of: vertical
RC shear walls on the exterior ends of the south, east,
and west wings; RC walls enclosing the elevator, stair,
and duct shafts; RC walls enclosing portions of the 5-
story wing; and the transverse beam-column frames in
each wing, [2],[3J.

Roof

7th floor

6th floor

New concrete tower Existing building

Figure 3.* Elevation of new reinforced concrete to «ver
and existing building section.
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SEISMIC UPGRADE DESIGN CRITERIA

The following criteria were required by LLNL for
the development of the seismic upgrade during Title I
design phase, [4]:

• Building occupants can safely exit after
a major earthquake.

• Disruption of occupants is minimized
during the seismic retrofit construction.

• Aesthetics are maximized for the result-
ing construction.

• Total project cost is minimized.

Final structural design criteria,[3], for the seismic
upgrade of Building 111 were derived from the results of
the Pre-Title I study, [2], the LLNL Title I requirements,
[4], and UCRL-15910, J5], as it applied. These criteria
included:

• A major earthquake at LLNL is enc with a peak
ground acceleration of O.Sg,

• The combined structure (towers and building) shall
meet the non-collapse criteria with a O.Sg, 10%
damped, 1988 UBC response spectrum shape, [6].

• The existing building shall meet the
non-collapse criteria given above, but
does not have to meet all of the 1988 UBC detailing
requirements, [6].

• The new towers and their connections to the exist-
ing building shall be designed for the more stringent
of the following (includes mass of towers plus build
ing):
a. 1988 UBC equivalent static approach

(Z = 0.4g).
b. Response spectrum analysis with

non-collapse criteria given above.

• New elements including towers, foundations, collec-
tor elements, and shear walls shall be designed to
meet the 1988 UBC ,[6], requirements based upon
the UBC equivalent lateral force analysis, including
allowable stresses. For the 0.5g peak ground accel-
eration (PGA) response spectrum non-collapse
analysis, concrete elements shall be assessed on the
basis of ultimate strength values without the
strength reduction factor (<£ = 1.0). Steel elements
shall be assessed on the basis of yield strength.

• Dynamic analyses shall be used, because the build-
ing is irregular in plan and elevation. UBC equiva-
lent static load analysis shall be used for compari-
son.

• Reasonably conservative inelastic demand ratios
(IDRs) shall be used for the non-collapse assess-
ment. IDR is the ratio of the demand force to the
capacity force of each structural element.

• The effects of deflection of the tower foundation
piers on the response of the building shall be con-
sidered.

• A design force factor of 1.5 shall be used for design
of brittle-type connections.

• For combining three-directional earthquake mo-
tions, square root of the sum of the squares (SRSS)
supplemented by 1,0:0.4:0.4 (i.e.,"100-40-40 Rule")
as appropriate shall be used.

• For equivalent static forces, 1988 UBC load combi-
nations , (6), shall be used.

• For evaluating element non-collapse capacities,
based on results of the analysis in the second design
criterion mentioned above, the following load
combinations shall be used:

Demand = D+L+E, with L to be 25%
of design load

Demand = D+E

NEW STRUCTURAL ELEMENTS IN UPGRADE

Six types of structural elements make up the seismic
upgrade for Building 111: (1) concrete towers and foun-
dation, (2) interior collectors, (3) edge collectors, (4)
interior shear walls, (5) exterior shear walls, and (6)
improved concrete columns. Following is a short de-
scription of the new structural elements involved in the
seismic upgrade of Building 111 (see Figures 2 through

1. Concrete Towers and Foundation: Two RC box
towers are added to the outside face of Building 111.
One tower is located about midway along the south edge
of the east wing and the other tower is located similarly
on the east edge of the south wing. Both RC box towers
are anchored on a common 7-foot thick mat foundation.
The mat foundation in turn rests on 38 RC cast-in-
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drilled-hole (CIDH) piers which are 3-feet diameter and
range from 56 feet to 80 feet below finished grade.

The dimension for the strong direction (perpendicu-
lar to the main axis of the adjacent wing) of each RC box
tower ranges from 15 feet at the top to 30 feet at the
bottom. Aesthetic appearance and economy of material
are gained by sloping the tower (since strength demand
is less at the top of the tower). Improved view toward
the outside for some of the office occupants is accom-
plished by forming a chamfer at the tower corners that
are next to the face of the original building.

Wall thickness of the RC box towers varies from 3
feet to 4 feet. The large bending stiffness in both major
and minor axes and the high torsional rigidity of the box
configuration of the tower provide large lateral resist-
ance for the two long building wings. The chosen loca-
tions of the towers minimize the undesirable whipping
action to which the original building was vulnerable

during a large seismic s^nt. Also, the positions of the
new RC box towers reduce the lengths of the spans for
the existing roof and floor diaphragms.

2. Interior Collectors: Connection of the original
building to the RC box tower is partly accomplished by
steel channels that extend through the entire width of
the wing adjacent to the tower. At each floor, these
steel-channel collectors are located in pairs on the lower
corners of three existing RC floor beams that run trans-
verse to the long axis of the wing involved (see Figures 5
& 6). Interior collectors are placed on floors 3 to the
roof and are anchored securely to their corresponding
tower. The steel channels are bonded with injected
high-strength epoxy to the existing RC floor beams (for
the full length of the RC transverse floor beams).
Through composite action of the steel channels epoxied

Figure 4. View of new RC box tower attached to the
south wing of Building 111.

Figure 5. Example of pairs of steel-channel interior
collectors that extend the entire width of the existing
building wing and connect to the new RC box tower.
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to the RC floor beams, the result is a stronger transverse
beam. At the steel-channel end opposite the tower, a
thick steel anchor plate is welded to each channel pair as
shown in Figure 7 (to pull against the building face when
the building wing tries to move away from the tower).
The epoxy bonding of the channels to the three RC floor
beams (at each floor) helps to drag the diaphragm forces
(transverse to the long axis of the wing) into the RC box
towers.

3. Edge Collectors: The edge collectors appear like
two arms that spread out from the tower at each floor
level, along the exterior spandrel beams (in the long
direction of the wing). These particular collectors are:
made of reinforced concrete; doweled into the existing
exterior floor beams; and integral with the RC box tower
(see Figure 4). The edge collectors serve a purpose
simitar to that of the interior collectors, except that the
edge collectors help to drag the seismic shear forces (at
floors 3 to the roof) from the longitudinal axis of the
wing into the (minor axis of the) box tower.

4. Interior Shear Walls: At the fifth floor, a 12-inch
thick RC shear wall is added to help transmit the seismic
shear forces to the lateral load resisting system at the
lower floors. The new RC shear wall connects to the
existing RC structural elements by steel dowels and
epoxy.

5. Exterior Shear Walls: At the sixth and seventh
floors, new 12-inch RC exterior shear walls are connect-
ed to the existing RC structural elements by steel dowels
and epoxy. Also, a collector member is added at the roof
to transfer seismic shear forces to these new RC walls.

The combined resistance provided by the new inte-
rior and exterior RC shear walls will reduce the unde-
sirable torsional response that existed in the original
building configuration above the fifth floor. The earlier
condition was partly due to the discontinuous shear wall
on the north side of the east wing, above the fifth floor.

6. Improved Concrete Columns: Three first-floor RC
columns are strengthened by improving the lateral
confinement of the concrete core and of the main verti-
cal reinforcing steel. This is achieved by placing steel
bands around the existing RC columns. The result is
increased ductility and prevention of brittle failure and
collapse. The need for the column strengthening is due
to shear walls that were added after the 1980 Greenville
Earthquakes. Those previously added shear walls will
attract large seismic forces to the three columns which
are (as a result) receiving the new steel bands.

SUMMARY OF ANALYSES

Forell/Elsesser Engineers used four bade computer

Figure 6. View (looking down from roof) of steel rein-
forcement for RC box tower and of steel channels for
interior collector ties.
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models to make numerous analyses during the upgrade
which included: an ETA6S model, a SAP model of the
pier cap foundation, a vertical model, and a flexible
diaphragm model, [3].

For the ETABS model, all of the major new and
existing structural components are included in detail in a
three-dimensional (3-D) computer model. The major
components involved are the shear walls, beams, col-
iimns, collectors, and towers. The computer program,
ETABS, is used to perform the analyses. With these
models, seismic forces are obtained for the design and
assessment of selected structural components.

Three different ETABS models are usad to simulate
various building responses during a design earthquake.
These include a basic model, a collector model, and a
full model.

The basic ETABS model consists of all shear wall;,,
beams, and columns and two new RC box towers. The
interior collector members are not included in the basic
ETABS model, since this model tries to simulate the
seismic responses when the original building is leaning
against the new box towers. In this case, the interior

collectors would not be needed because the floor and
roof diaphragms would be acting in compression against
the towers. Also for this basic model, a fixed base is
assumed for the original building and for the new tow-
ers. Shear walls for this basic model include the open-
ings.

The ETABS collector model is essentially the basic
model with the interior collectors added to it. Because
the original building is trying to move away from the
new towers in this model, the interior collector members
are included. The interior collectors would be acting in
tension for this case.

The ETABS full model goes a step further than the
collector model by now including the pile foundations of
the original building and of the new towers. The full
model adds a dummy model below the ground to simu-
late the vertical, lateral, and rotational stiffnesses of the
pile foundations. These features help to verify that the
new tower configuration is stiff enough to resist exces-
sive movement without having to physically tie the old
and new foundations together.

For the pier cup on the new tower foundation, a 3-D

Figure 7. View of thick steel anchor plates welded to
steel channels on end opposite of tower. After welding
of plates is completed, the steel channels are pulled back
toward tower so that plates are bearing against existing
building column face.
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SAP computer model was developed. This model in-
cluded the pier foundation cap and the drilled piers.
Plate elements were used to model the pier cap, and the
drilled piers were modeled with foundation spring
elements to simulate the horizontal and vertical stiff-
nesses of the piers. This model was developed to obtain
efficiency in the design of the pier foundation cap as well
as to determine the seismic forces in the pier cap and the
drilled piers.

A vertical 3-D computer model was developed for a
portion of a typical existing building frame to simulate
the responses of typical existing beams and columns
subjected 10 the vertical component of earthquake
motion. Since ETABS does not have the ability to per-
form analyses for vertical seismic input, the SAP pro-
gram was used for analyses with the vertical 3-D model.

Another SAP mode! was developed to analyze the
flexible diaphragms. The flexible diaphragm model
included the shear walls of the existing building (exclud-
ing the beam-column frames), the interior collectors,
and the new towers. To simulate the flexibilities of these
elements in the horizontal directions, the actual dimen-
sions of the roof and floor diaphragms were used. The
purpose of this model was to determine:

• the ramifications of diaphragm flexibility on the
design of the new towers.

• the effectiveness of the tower design if formation of
plastic hinges could occur in the diaphragms; design
practice generally assumes that the horizontal roof
or floor diaphragms simply span between lateral
force-resisting elements; this implies that adjacent
to the supporting locations plastic hinges could
form.

CONSTRUCTION OF 111 SEISMIC UPGRADE

A massive foundation was required for the two new
reinforced concrete towers. Thirty-eight reinforced con-
crete piers were drilled and cast in place, with 3-ft
diameter and depths ranging from 56 feet to 80 feet
below finished grade. The pier cap was 7-ft thick and
required approximately 970 cubic yards of concrete,
which was placed in about six hours, once the rebar and
forms were properly positioned (see Figure 8), (7],[8].

Installation of the steel channels along the trans-
verse RC floor beams and the subsequent epoxy injec-
tion between the channels and the floor beams had to be
accomplished during the night shift to minimize disturb-

Figure 8. View of 7-ft thick pier cap being formed, with
steel rebar anchorage to top of cast-in-drilled-hole RC
piers.
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ance of occupants. It became necessary to widen the
coverage of window bays with plywood during installa-
tion of scaffolding, steel channels, rebar, and concrete
pours. As may be obvious, this was to prevent dropped
items from penetrating the office windows.

Figure 9. New external RC box towers with forms and
rebar in place for concrete pour at the sixth floor level.
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ABSTRACT

The structural upgrade of two existing facilities at the U.S. Department of
Energy Rocky Flats Plant site has recently been completed. The objective of
the structural upgrade was to strengthen two existing critical buildings to
enable them to withstand the design basis earthquake (DBE) forces and the
design basis wind (D6W) forces without breach of containment. These
buildings were designed and constructed in the 1960s, with minimal seismic
considerations. Building 707A is a two-story structure of precast concrete
elements with cast-in-place topping slabs, occupying approximately 27,000
feet of floor space. Building 779 consists of a two-story original structure
and several one- and two-story additions, with a total floor space of
approximately 64,000 square feet. The original two-story structure consists
of cast-in-place concrete with masonry infill shear walls. The additions are
primarily precast concrete with unreinforced masonry infill walls.

The DBE was determined as the maximum credible event with a magnitude
of 6.0 occurring approximately 16 miles from the site. The evaluation
criteria consisted of generated spectra at bedrock with a horizontal zero
period acceleration of 0.14g. Bedrock-to-ground soil amplification factors
were used along with dynamic analyses to evaluate the buildings. The
buildings were also required to withstand the DBW of 161 mph.

Because of operational issues and constraints associated with working
inside these buildings, the structural upgrades were mostly confined to
exterior work. The modifications utilized the existing roof and floor
diaphragms, and primarily consisted of large exterior concrete buttresses
and associated steel chords and collectors. A system of steel strongbacks
was also used in some locations to enable the facilities to maintain their
confinement integrity for out-of-plane forces. Connections between precast
elements of Building 707A had to be strengthened for ductility and shear
transfer.

The significance of this work is the successful implementation of a highly
complex and comprehensive design retrofit of two very critical and
important facilities, allowing for continued operation and minimal impact,
and using practical and overall cost-effective strengthening schemes.
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BUILDING 707A DESCRIPTION

Building 707A is a twa-story facility of precast
concrete construction, which is used primarily for
fabrication and assembly of critical material parts.
It is rectangular in plan with cverall dimensions
of 104 by 126 feet (see Figure 1). Hie rcof level is
20 feet above the finished first floor and grade.
The second floor is 40 feet above grade. The
structure is an addition to Building 707 and abuts
the lattsr's west side at its northwest quadrant
Building 707A dates from 1972.

The vertical-load-carrying system consists of
concrete topping slabs overlaying precast double-
tee beams at the roof and second floor, precast
concrete girders at the roof and second floor,
precast concrete columns, and precast concrete
double-tee wall panels at the east and west sides.
The foundations consist of a network of grade
beams supported by drilled piers. The first-floor
slab rests on the grade beams.

Building 707A is contained by the precast concrete
double-tee wall panels, which are located along
the entire perimeter. These panels are similar to
the roof and floor joists. They extend the full
height of the structure and are oriented with their
ribs facing outward.

The lateral-force-resisting system of the existing
structure consists of the concrete topping slab
diaphragms at the roof and second floor, and the
precast shear wall panels along the perimeter.

BUILDING 779 DESCRIPTION

Building 779 is a one- and two-story facility of
mixed construction, which is used primarily for
research and development. It is irregular in plan
with overall dimensions of 263 by 214 feet (see
Figure 2). The highest roof level is 26 feet above
the finished first floor.
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Figure 2: Building 779

The original structure is located at the southern
area of the building and includes the majority of
the two-story portion and a single-story
mechanical room at the central-eastern area. The
two-story portion is divided by a seismic joint
along line 9. The original structure dates from
1964.

The first addition, known as 779A, was designed
in 1967 and is located at the northern side of the
building. It is of single-story construction, but has
a mechanical room with a higher roof level. It has
a seismic joint running north-south through the
central portion at line 5.

The second and last major addition, known as
779B, is located at the southern side of the
building with the original portion and is two
stories tall. It was designed in 1973 and partially
fills in an area formed by a reentrant comer of the
original structure.

The vertical-load-carrying system of the original
two-story structure consists of concrete roof and
floor slabs, closely spaced concrete pan joists,
concrete beams, and concrete columns. The
original two-story portion is all of cast-in-place
construction. The columns are supported by
spread footings, and the first floor is a grade-
supported slab. The mechanical room's vertical-
load-carrying system includes a light-gage metal
deck, steel roof beams, interior steel columns, and
concrete masonry block wall along die perimeter.
The steel columns are supported by spread
footings, and the walls are founded on strip
footings.

The vertical-load-carrying system of me norm
addition, 779A, consists of precast double tee
joists overlain with a reinforced topping slab,
precast concrete girders, and precast concrete
columns. The columns are supported by spread
footings, and the first floor is a grade-supported
slab.
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Building 779 is contained by concrete masonry
unit (CMU) walls along the perimeter. At the
original portion and at the second addition, 779B,
the perimeter walls extended between concrete
spandrel beams and foundation beams. These
walls have some nominal reinforcement both
horizontally and vertically and are considered to
be structural. This includes the original exterior
wall on line B now contained by 779B, In
addition, a wall of similar construction is found at
the interior on the west side of the seismic joint on
line 9.

At the first addition, 779 A, the CMU walls at the
perimeter extend from foundation beams to the
underside of the topping slab at the building's
eaves. There is no connection to this slab, and the
walls' attachment to the precast beams at the roof
and to the columns is minimal. These walls have
only nominal horizontal reinforcement and are
considered to be architectural.

The building has numerous other interior CMU
walls. However, their reinforcing and connection
to the other main structural elements were
determined to be inadequate for the walls to be
considered part of the structural system. Since
they carry no vertical load, their retrofit was
beyond the scope of tlus project.

Along the eastern side of the building there is a
shed structure constructed of metal deck with a
concrete topping, steel beams, and steel pipe
columns. It is supported by the main building on
one side.

The lateral-force-resisting system of the existing
structures includes the concrete-slab diaphragms
at the roof and floor levels, and the CMU walls at
the perimeter and the interior.

Also included in the project scope was a vertical
plenum structure located at the southeast of the
original portion of Building 779. It serves as a
mechanical shaft for ducts, piping, and conduit,
which are located on the rooftop and upper level
of the main building and proceed downward
outside the building to below grade. From here
the lines extend under a road to Building 782. The
vertical plenum is 12 feet, 8 inches by 14 feet, 8
inches in plan, and 42 feet high from the first-floor
level. It was designed in 1972.

Above grade the vertical corridor is of reinforced
concrete masonry unit construction with
horizontal channels installed at the interior to
support platform grating as it occurs. The roof is
a reinforced concrete slab on metal deck. The
CMU walls are supported on the beJow-grade
reinforced concrete tunnel structure, which
extends to Building 782.

For lateral forces, the vertical corridor cantilevers
from the below-grade tunnel structure and relies
on bending resistance of the masonry in its
rectangular box configuration.

PERFORMANCE AND DESIGN CRITERIA

The criteria used are set forth in the document
"Design Criteria for Structural Upgrading of
Existing Plutonium Facilities, Rocky Flats Plant,
Golden, Colorado, Volume II, Revision 1, January
1986" [1]. Tliis document specified performance
and design criteria for three facilities at the Rocky
Flats Plant subjected to wind and seismic
phenomena hazards. For Buildings 779 and 707A,
both seismic and wind loadings were included in
the upgrade scope.

Loads

The natural phenomena hazard loading criteria
called for a two-level approach. The ultimate load
case was referred to as the "design basis" criteria,
and was designated "DBE" for the design basis
earthquake, and "DBW" for the design basis wind.
The working load case was referred to as the
"operating basis" criteria and was designated
"OBF." for the operating basis earthquake, and
"OBVV" for the operating basis wind.

The DBE was defined by the bedrock acceleration
response spectra shown in Figure 3. These spectra
have a bedrock horizontal zero period
acceleration of 0.14g. They are based on the
occurrence of a magnitude 6.0 seismic event
located 16 miles from the site. This would be
consistent with the largest historical local
earthquake, an event occurring in 1882 with an
epicenter postulated to be northeast of the plant.
The estimated return period for an earthquake
generating this intensity at the site is 5,000 years.
The vertical response spectra are assumed to be
two-thirds of the horizontal case.
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Bedrock-to-ground surface soil amplification
factors were then applied to the response spectra
as appropriate to the different buildings. These
vary at the Rocky Flats Plant, depending on the
thickness of the soils overlaying the daystone
bedrock materials at the sites. The soil
amplification factor used for Building 707A was
1.7, and that for Building 779 was 1.5 [2].

The OBE was defined as an equivalent static
lateral force to be applied to the structures as per
the 1985 Uniform Building Code (UBC) [5], where
the lateral base shear, V, is 0.28g. As with the
design basis case, the vertical OBE forces were
equal to two-thirds of the horizontal. The vertical
and horizontal loads were to be applied
simultaneously.

The DBW was defined for a straight wind with a
basic wind speed of 161 mph. This was based on
a wind event with a return period of 10,000 years.
The OBW was defined for a straight wind applied

to the structures, with a basic wind speed of 138
mph. This was based on a wind event with a
return period of 1,000 years. Because of their
relatively low probabilities of occurrence, tornado
event loadings were not included in the project.

Wind loads for these two criteria levels, as they
were applied to the structures as a whole and to
the individual elements, were determined in
accordance with Rocky Flats Plant Standard SC-
105 [3]. The wind portion of the standard as it
applies to this project is essentially Chapter 7 of
ANSI A58.M982 [4].

The natural phenomena loads were combined
with gravity (dead and live) loads as per the 1985
UBC. It was assumed that an appreciable
snowfall would not occur at the same time as a
significant wind or seismic load, therefore load
combinations including snow were not evaluated.
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The performance criteria used were relatively
simple, as they attempted to address the ultimate
design basis events and their effect on the
facilities under consideration. The structures
were to be upgraded as required to withstand the
DBE or DBW in combination with gravity loads
without structural failure or loss of confinement.
Any other damage to the interior or other non-
envelope portions was permissible as long as
there was no breach of the building envelope to
the outside atmosphere.

The capacities of elements of the various
structural systems were determined using
allowable stresses in accordance with: AC1318-83
for reinforced concrete; the AISC Specification for
the Design, Fabrication, and Erection of Structural
Steel for Buildings, 1978, for structural steel; and
the 1985 UBC for masonry and other materials.

For the OBE case, elements were designed to
satisfy detailing requirements as per the 1985 UBC
for a structure located in Seismic Zone 4.

Design and Analysis

EQE used a three-phase approach in applying the
load combinations to the structures in the design
and analysis of the facilities. Step 1 called for an
analysis of the existing structures, using the
design basis (DBE and DBW) loads. If portions of
the structure failed to meet the performance
criteria, men Step 2 called for a retrofit design to
be performed with the operating basis (OBE and
OBW) loads. The new scheme could include
either strengthening of existing elements, new
elements designed to supplement the existing
lateral system, or both.

The retrofitted structures were then analyzed with
the design basis (DBE and DBW) load
combinations in Step 3. If the structures still
failed to meet the performance criteria, then
another iteration of design work had to be
performed such that the final scheme satisfied the
performance criteria.

EXISTING BUILDING ANALYSIS

Many deficiencies were found in the lateral-force-
resisting systems of Buildings 779 and 707A. This

is not unexpected, since the structures were
assumed to be designed for no more than UBC
Zone 1 seismic criteria (O.Q25g-Q.O33g prior to the
1976 edition) and from 80- to 110-mph wind
criteria. In addition, current practice has more
demanding detailing standards. A discussion of
the major deficiencies is given below for each
building.

Many of the deficiencies found relate to the use of
precast concrete elements in the structural
systems. To effectively use these elements in the
lateral-force-resisting system of a facility in a high
seismic or wind zone requires that extra effort be
made in the detailing of inter-element
connections. Proper load transfer capacity at
these connections is critical. Many of the
problems found in the behavior of tilt-up concrete
structures in recent California earthquakes were
due to deficiencies at the connections with the
precast panels. Because of the less-stringent
criteria that the subject buildings were designed
to, such deficiencies were not unexpected.

It was determined that for the overall structural
systems of the two buildings, die seismic criteria
governed, while for the local exterior elements
such as the CMU walls, the wind criteria were
more critical. This follows, since the buildings as
a whole are relatively heavy for their size but the
exterior walls are relatively lightweight for their
local area. Seismic forces typically increase along
with mass, while wind forces increase with
exposed areas. Therefore, with the wall elements,
the seismic load cases governed for in-plane
forces, and the wind load cases governed for the
out-of-plane forces.

For both buildings, the damping ratio used with
the DBE criteria response spectra was 0.07.

Building 707A

The following structural elements in the existing
lateral-force-resisting system were found to be
inadequate to resist the design basis loads:

1. The shear connections between the
perimeter precast double-tee wall panels,
which together act as shear walls.

2. The shear connections between the
perimeter precast double-tee wall panels
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and the roof and second-floor
diaphragms.

3. The shear connections between the
perimeter precast double-tee wall panels
and the foundation grade beams.

4. The diaphragm chords at the roof and
second floor. No true chords existed, and
the existing slab steel was inadequate as a
chord.

Building 779

The following deficiencies in the existing lateral-
force-resisting system were found after analysis
with the design basis loads:

Two-story Portion

1. The CM U walls were overstressed for in-
plane shear forces.

2. The shear connection at the base of the
shear walls was inadequate to transfer
loads to the foundations.

3. The CMU walls were overstressed for
out-of-plane forces.

4. The steel roof girders of the mechanical
room were inadequately anchored to the
CMU walls.

Original Mechanical Room

5. There was no structural restraint of the
mechanical room diaphragm at the south
side.

779A Addition

6. The connections between the perimeter
CMU walls and the roof diaphragms,
girders, and columns were found to be of
architectural quality with minimal shear
transfer capacity.

7. Assuming shear transfer to the CMU
walls exists, the walls were found to be
overstressed for in-plane shear forces.

8. The CMU walls were oversttessed for
out-of-plane forces.

Vertical Plenum

9. The CMU walls of the structure were
inadequate at the base to resist the in-
plane loads.

10. The CMU walls lacked adequate strength
to resist out-of-plane loads.

RETROFIT DESIGN

The purpose of the structural upgrade designs for
Buildings 707A and 779 was to implement new or
revised structural systems that contained
elements capable of adequately resisting the
prescribed loads without breach of the exterior
shells of the structures. Of primary importance to
the design was the inclusion of new elements and
detailed connections, which would form
competent load paths through the existing
structures to the supporting foundations.

Retrofits of both buildings were designed to
minimize the amount of interference and labor
required at the interiors of the facilities. This was
accomplished primarily with the use of exterior
concrete buttresses supported on drilled pier
foundations. Other main structural elements
were attached from the exterior where feasible.
Only a few primary load transfer connections
were located completely within the interior space
of the buildings.

Retrofit schemes typically utilized existing roof
and floor diaphragms and foundations without
modification. New foundations were added with
the buttresses, but no new roof or floor slab
upgrades were required at the interiors.

Building 707A

The structural upgrade for Building 707A
consisted primarily of four new exterior concrete
buttresses at die north side; new cast-in-place
concrete infill between the double-tee wall panels
at the north and south walls; and appropriate new
connections between the diaphragms, walls, and
foundations. The building was analyzed with the
computer program ETABS.
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The buttresses were oriented in a north-south
direction and were aligned with interior column
lines so that new collector attachments could be
made to the existing girders. The two inboard
buttresses stop at the second-floor level, and the
two outboard buttresses extend to the roof level.
These elements primarily resist north-south
lateral forces.

The wall panels at the north and south sides
together with the concrete infill are designed to
resist the east-west seismic forces. In preparation
for pouring the infill concrete, holes were drilled
in the stems of the double-tees to allow passage of
reinforcing bars, which serve to connect the
existing panels and infill concrete for wall shear
forces.

For wall out-of-plane forces, the panels
themselves have the capacity to span between
diaphragms. The retrofit scheme strengthened
the connection of the panels to the diaphragms.
At the north and south walls continuous steel
angles were placed at the floor, adjacent to the
walls. Adhesive anchors were used to connect the
angles to the roof/floor topping slabs and double-
tee joist flanges. Other bolts were extended
through the angles and flanges of the wall panels,
and were anchored in the new concrete infill.
This made a continuous connection between the
walls and the diaphragm for both in-plane shear
and out-of-plane tension forces.

At the east and west walls the double-tee joist
stems were positively connected to the walls for
out-of-plane tension by built-up holddown
devices. This served to strengthen the existing
out-of-plane connections and create a more
ductile system.

Seismic forces were collected into the buttresses at
the north by utilizing the existing girders as
collector members. Large straps were passed
through the panels at the north side to connect the
buttresses to the girders at that wall. In addition,
the interior connections between the girders were
enhanced at each girder-to-girder connection
across the building.

Building 779

Two-story Portion. This portion of the building
consists of two seismically separate structures

with the division created at the construction joint
at line 9. The retrofit scheme included new
buttresses located around the structures, the
existing CMU shear walls, and the infill of many
window openings in the existing exterior walls,
With the assistance of the ETABS computer
program, new buttress elements were added to
the existing lateral system, which would attract
load from the CMU walls, thereby reducing their
stress state to an allowable level. The new
buttresses were connected to the building
spandrel beams with drilled-in dowels, concrete
adhesive anchors, and in one case, a collector
plate attached with adhesive anchors along the
exterior of a roof spandrel. The buttresses
adopted various shapes in order to conform to the
geometric constraints of the site, such as fire truck
access at driveways, and for efficiency of function.

The out-of-plane overstress problems were
handled with a system of horizontal strongbacks.
The primary CMU wall reinforcement consisted
of vertical deformed rebar within grouted cells. A
single line of steel wide-flange strongback beams
were attached to the walls with through-bolts at
approximately rnidheight between the spandrels
at each of the floor levels. The out-of-plane span
of the walls was then reduced by half, with
subsequently lower wall bending stresses. The
strongbacks spanned between existing concrete
columns.

Original Mechanical Room. The retrofit for mis
portion of the building attempted to strengthen its
lateral system so that adequate load paths would
be provided in order to meet the project
performance objectives. The upgrade scheme
required was minimal, as the structure was
relatively lightweight. It consisted primarily of
strengthening the roof girder seat connections at
the wall on the north side of the room, and
creating a mechanism for shear transfer of the
diaphragm at the south side. At the south side,
the roof deck stops short of the two-story
portion's north wall, due to mechanical
interferences that extend higher than the
mechanical room's main roof. The structure is
contained here by transite paneling. This
paneling was removed and new steel decking was
attached so that a shear transfer could be made
from the mechanical room roof to the CMU walls
of the two-story portion of the building.
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779A- This building addition was
h

g
retrofitted so that it comprises three effectively
seismically separate structures. The north-south
construction joint along the line 5 reentrant comer
separates the eastern structure from the remaining
portion. The high-roof mechanical room at the
southern third has its roof diaphragm separated
from that of the lower third to the north along line
H. A CMU wall contains the portion between the
diaphragms, but has little shear capacity.
Therefore, the southern third is effectively a
separate structure from the portion to the north.
The precast columns along line H support the roof
structures at both levels. The design of the
upgrade scheme treated each portion
independently, but relative drifts of the two
portions along line H were checked so that the
columns would not become distressed.

The low overall capacities of the existing shear
walls were ignored for 779A, and new buttresses
were designed to take all of the lateral loads.
Because of the unknown drift capacity of the
marginal precast member connections, it was
decided that concrete buttresses would be used to
reduce lateral deflections.

With each building portion seismically
independent and adjacent to another portion or to
the original structure, only one or two exterior
sides were available at each structure for buttress
attachment. Also, a geometric restriction was
made for all work on the western side, where the
proximity to the adjacent Building 777 and the fire
lane between them allowed only a 6-foot
maximum encroachment into the driveway. This
limited the placement and size of the buttresses so
that some torsion was unavoidable. This was
particularly true at the high-roof portion where
only the western side was exterior and available
for construction.

Loads were collected into the new buttresses from
the roof diaphragms with a system of continuous
plates attached to the roof topping slabs. These
plates also functioned as diaphragm chords. With
the configuration used, the existing diaphragm
shear capacity was considered adequate.

Gut-of-plane support for the walls was provided
by a combination of the new buttresses and new
vertical strongbacks. The only existing CMU wall
reinforcement consisted of horizontal wire-gage

ladder or truss-type reinforcement laid between
courses. It was determined that the walls could
span horizontally without distress if support were
provided at the columns and midway between the
columns. This was accomplished with either the
buttresses or with strongbacks. The steel wide-
flange strongbacks spanned between the roof
slabs and the existing building foundations.

An exception to this out-of-plane support
condition occurred at the east side of the building.
Here, mechanical and electrical equipment,
piping, and conduit would have interfered with a
strongback system. Instead of contending with
removal and replacement of these items, the shed
adjacent to the wall was strengthened so that it
could withstand the criteria loads and provide
containment for the building. The existing siding
was removed and replaced by steel decking with
appropriate attachments, and the exposed wall
above the shed roof line was strengthened. The
existing roof diaphragm then spanned between
the new buttresses at lines P and H.

There was concern that the wall on line H
between the high-roof portion and the lower
portion to the north was vulnerable, with
differential deflections occurring at the two
diaphragm levels. It was found to be infeasible to
strengthen die wall, so the masonry block was
contained with a steel deck covering that spanned
between the roof slabs of the high and low
portions.

Vertical Plenum Tower

The vertical plenum tower was upgraded for
overall lateral loads with two pairs of steel pipe
struts attached to the tower at approximately the
upper third point. One pair connects to the
western side of the tower and is supported off a
buttress foundation for the original building. The
other pair connects to the southern side and is
supported by an isolated pier foundation.

The struts attach to the tower at a horizontal ring
of steel wide-flange strongbacks, which also
strengthen the walls for out-of-plane forces.
Another ring of strongbacks is located at the
lower third point of the tower.
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SITE CONDITIONS AND CONSTRUCTION 5. International Conference of Building
Officials, "Uniform Building Code," 1985

Building and site conditions significantly
controlled the retrofit design, the security, safety,
and ongoing operational requirements of the
buildings presented significant concerns for cost
and schedule as well as constructibility. To
minimize impact, the design focused on exterior
retrofit construction. The exterior design was also
significantly constrained by adjacent existing
structures and utilities, and the need to maintain
emergency response access as well as access by
construction equipment. Design controls and
construction sequencing made the project
efficient

Several unique construction methodologies were
developed to support the project. Most notable
was the method required to facilitate concrete
placement against existing building walls.
Construction plans required placement of
concrete shear walls and buttresses against the
existing double-tee wall panels of Building 707A
and against the tightly reinforced masonry walls
of Building 779. The construction plan for
Building 707A utilized the existing wall as the
form, and controlled pressure from placement by
restricting lift heights. For Building 779 the
existing wall was protected by sheet steel forms
placed against the wall, with pressure loads
transferred out to the exterior forms. These
construction methods allowed the efficient and
safe execution of the construction plans.
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ABSTRACT

Building 776/777 is a large two-story structure used in the processing and
decontamination of radioactively contaminated materials, tools, and
equipment. Originally constructed in the 1950s, the building has been
expanded several times and, following a major fire, was provided with a
second structural roof to enclose the building envelope.

Overall building dimensions are approximately 300 by 600 feet. It uses
steel-frame construction with partially restrained joints for transverse
moment resistance and diagonal braces for longitudinal stability. The
second floor is a formed slab on steel framing, and the roof is a metal deck
system. Exterior enclosures include poorly reinforced concrete-block
masonry and cement-asbestos siding. Rigid concrete elements, forming
vaults for materials with high radiation hazard, are present in some areas.
The building was previously identified as having low resistance to both
seismic and high-wind/tornado loads.

A structural seismic upgrade was designed for the building, according to
the provisions of U.S. Department of Energy criteria document UCRL-15910,
for high-hazard facilities. This design is intended to prevent substantial
breach of the building envelope. The design supplements the lateral
capacity of the existing semirigid steel frames with a series of steel buttress
frames and exterior drag elements. This feature minimizes the extent of
construction wimin secure and hazardous areas of the building but induces
significant thermal stresses. Unique aspects of the design include provision
for thermal relief as well as development of strengthening and anchorage of
masonry walls mat can accommodate large expected inelastic building
drifts.

This design illustrates the Department of Energy's newiy adopted criteria, as
applied to existing structures. It also indicates methods that may be used
for strengthening hazardous and sensitive structures without significant
work within the building envelope.
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INTRODUCTION

Building 7/6/77? is a large two-story structure
used in the processing and decontamination of
radioactively contaminated materials, tools, and
equipment. Originally constructed in the 1950s,
the building has been expanded several times.
According to the criteria of Department of Energy
UCRL-15910 [1], Building 776/777 falls under the
"high hazard" facility use category. As such, the
upgrade design used a dynamic analysis with
appropriate inelastic action factors.

DESCRIPTION OF THE STRUCTURE

Overall building dimensions are about 300 by
600 feet. The structure, shown in isometric view
in Figure 1, may be divided into two primary
areas; Building 776 is a two-story area, and
Building 777 is a single-story area. There is no
sharp dividing line between the two areas.
Differentiation as to where the boundary lies is

based on area function, and has remained fluid
over the life of the facility.

Building 776/777 is of steel-frame construction,
with some poorly reinforced infill masonry
exterior walls and interior partitions. The second
floor consists of a reinforced concrete slab
supported by steel framing. The second-floor
heights of some additions made to the structure
do not match the height of the original building.
Following a major fire, the building was provided
with a second structural roof to enclose the
building envelope, located about 6 feet above the
original roof structure.

The old roof structure consists of metal deck
with insulating concrete fill supported by steel
framing. The new roof structure consists of bare
metal decking, with built-up roofing, supported
by steel framing. Columns are supported by
spread footings. The construction of the exterior
walls varies. The original structure and most of

Fip"re 1: Exterior Structural Upgrade, Building 776/777, Rocky Flats Plant
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the early addition areas are clad in cement-
asbestos (transite) siding attached to a steel girt
system. Later additions used non-load-bearing
concrete unit masonry (block) walls, reinforced
concrete walls, and corrugated steel siding.

Building 776/777 was previously identified as
having low resistance to both seismic and high-
wind /tornado loads. In the transverse direction,
the existing lateral-force-resisting system consists
of moment-resisting frames with partially
restrained (semirigid) joints at the second and old
(low) roof levels, and rigid moment connections at
the new (high) roof levels. Tension bracing
provides stability in the longitudinal direction.

Strength and Weakness of the Existing Structure

The transverse lateral system of the main
portion of the building between lines A and L has
an acceptable level of strength due to its moment-
resisting frames, but is very flexible as determined
by previous studies [2,3]. The studies showed
story drifts to be excessive, especially given the
brittle nature of the siding materials. In a design
basis event (DBE) earthquake, breaching is to be
expected because of damage to the siding. The
difference in second-floor heights between the
original structure and some additions results in
mid-height bending of some columns in the
transverse moment frames. This effect
significantly overstresses these columns.

The longitudinal lateral system has very
limited capacity compared to die seismic loadings
specified in the design criteria. In addition, the
lateral capacity has been reduced by the removal
of a number of ths original bracing members.

The concrete masonry perimeter walls typically
have no reinforcement; others have nominal, light
ladder-type wire reinforcing. Attachment of the
walls to the structural frame is also nominal,
consisting of sheet metal or rod anchors
embedded between multiple courses.

The masonry walls have been found to possess
inadequate capacity to resist out-of-plane loads
resulting either from earthquake or strong-
wind/tornado effects. Despite their limited
structural capacities, these walls do provide
significant rigidity and would initially attempt to
resist a substantial portion of inertial or piessure-

induced lateral loads. Since (lie walls also have
low in-plane capacities, such action was judged
likely to result in extensive damage to both the
walls and attached diaphragms, with the potential
for substantial breach of the building envelope.

Further breach of the building envelope was
judged feasible as a result of drift-induced failure
of the attachments for cement-asbestos siding
panels in some portions of the building. Similar
failures have bi en observed in past earthquakes
including the 1984 Coalinga, California,
Earthquake.

SEISMIC UPGRADE DESIGN

A number of studies have been performed to
determine the most effective method of
strengthening Building 776/777 for seismic loads.
Previous strengthening proposals focused on
traditional design approaches. A Title II design
completed by EQE in 1988 proposed the
installation of new steel bracing and concrete
walls at locations throughout the interior of ths
structure. In that design, selected semirigid
moment connections were strengthened with the
addition of stiffener plates, and floor and roof
members acting as collectors were also
strengthened. Additional bracing was proposed
along select perimeter building locations, and
portions of the existing roof diaphragm were to be
strengthened using rod-type X-bracing. Finally,
steel strongbacks were proposed to reinforce the
existing exterior masonry walls.

This proposed work would have had a
substantial effect on the mechanical, electrical,
and architectural systems within the building.
The work would have required relocation of
piping, ducts, and interior partitions. Further,
extensive construction work within secure areas
of the building and in locations with high levels of
radiation hazard would have been required.
Finally, it was judged that the proposed
reinforcement of die existing semirigid moment
connections would have been extremely difficult
to accomplish.

With the publication of the draft of UCRL-
15910, Design and Evaluation Guidelines for
Department of Energy Facilities Subjected to Natural
Phenomena Hazards in 1989, the opportunity was
taken to reevaluate the seismic upgrade design, in
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light of the latest Department of Energy
guidelines. At the same time, design options were
explored that would reduce construction costs by
minimising the level of interferenc e with ongoing
operations and reducing the extent of construction
within secure and hazardous areas of the
building.

Comparison of Design Criteria in Accordance
with UCRL-15910and Previous Department of
Energy Design Criteria

The Title II seismic upgrade design completed
by EQE in 1988 was based upon criteria prepared
by the Facilities Engineering staff at the Rocky
Flats plant in 1985 [4], The design requirements
outlined a two-part approach for the upgrade
design and analysis. Initially, an equivalent static
analysis was performed, in accordance with the
static lateral-force procedure of ihe 1985 Uniform
Building Code (UBC) [5], using a »Importance
Factor 1^2,0, and a minimum base shear of 0.28g.
A vertical force equal to two-thirds of the
horizontal seismic load was applied
simultaneously- Load combinations were those
required in the 1985 UBC, and either working
stress or strength design (using appropriate load
factors) was permitted for element design.

The second part of the procedure required a
dynamic analysis that realistically models the
physical properties of the building structural
elements. The purpose of this analysis was to
verify that the critical structural elements and
systems were capable of withstanding the DBE
without sustaining structural failure or loss of
confinement.

The guidelines set forth in UCRL-15910
represent a substantial refinement of die seismic
design process. The design approach outlined in
UCRL-15910 is also a two-step process. It starts
with a static analysis of the structure, in
accordance with the 1988 UBC [6], using an
Importance Factor 1=2.0. The peak ground
acceleration, Z, is taken consistent with hazard
exceedance probabilities of ZxlO"4. For Building
776/777, the value for Z used in the design was
0.21g.

The second portion of the revised seismic
design procedure is an elastic dynamic analysis,
limited inelastic behavior is permitted, provided

that the structure is appropriately detailed or
there are redundant load paths. Structural
member capacities are evaluated using UPC
ultimate or yield values, with strength reduction
factors, <)>, equal to unity. Story drift is limited to
0.010, unless it can be demonstrated that the
performance of bom the structural and
nonstructural elements will be acceptable at
higher drift levels.

The UCRL-15910 criteria permit existing
structures that provide 80% of the specified
strength to be accepted. Building 776/777
satisfied this limit in the transverse but not the
longitudinal direction. Consideration was given
to upgrading the transverse system only. This
was eventually rejected due to the large drifts
expected.

Table 1 compares the original static design
criteria with that developed using UCRL-15910.
The adoption of the new criteria resulted in a
substantial reduction in the static lateral-force
levels, due to consideration of the somewhat
reduced spectral demands on flexible structures
and the use of a structural quality factor, Rw.

Table 1
Static Base Shears

Static Design Force
Origin*! Upgrad*

Longitudinal Direction

Transverse Direction

1986
Criteria

0.28g

0.28g

UCRL-
15910

0.14g

0.11g

EXTERIOR UPGRADE SCHEME

While the reduction of die static lateral base
shears specified by UCRL-15910 would translate
into substantial construction savings by itself, it
was obvious that substantial additional cost
savings could be realized by minimizing
construction work performed inside of the
building, especially in hot and secure areas.

A new seismic strengthening scheme was
proposed, in which the bulk of the work would be
done outside die building envelope. Such an
approach would limit the impact of the seismic
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strengthening on architectural, mechanical, and
electrical systems. Further, there would be a
direct cost savings associated with work
performed outside the building, which is
relatively free from the many health physics
restraints. Work outside the building could also
be competitively bid on a fixed-fee basis. Work
performed within the building is typically
ySV^ilpd on a cost-plus-fixed-fee basis, using
the limited available pool of secure contractor
personnel. Finally, the likelihood of encountering
unexpected conditions that might result in
additional work and expense would be
minimized.

EQE completed a second Title H design in
January 1990, using these criteria. This upgrade
design both strengthens the existing structure and
limits the lateral seismic drifts. Most of the work
is accomplished from the exterior of the building,
and intrusions through the outer shell are limited.
Although the design is intended to address only

seismic concerns, as opposed to high-
wind/tornado deficiencies, it includes specific
provisions that will accommodate future
strengthening for these effects.

Exterior Moment Frames

In order to minimize the amount of work
performed within the building, as much of the
new lateral-force-resisting system as possible was
located outside the building envelope. The
primary load-carrying systems for this exterior
upgrade are groups of ductile steel moment-
resisting frames, which buttress Building 776/77/.
New moment-resisting frames are added along
the west side of the building, along the central
east side, along the south side, and along the
northeast side (Figure 2). These frames are tied
into the existing structure at the upper roof, from
above, with systems of roof collectors comprising
steel wide-flange stub columns over existing
columns and tube steel collectors, which drag

1
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i

\

|

Ft^wrf 2:

mm
Exterior Structural Upgrade, Building 776/777, Rocky Flats Pkiit
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load back t.; the new frames. The new frames on
the west side of the building are also tied into the
structure at the second-floor level. Inside the
structure, at the second level, existing beam-
column connections are locally reinforced in the
western portion of the building in order to
enhance collector action.

Ductile steel moment-resisting frames were
selected for the buttress system for a number of
reasons, including ease of construction, access to
*he perimeter of the building, as well as high
ductility and reliable performance in the inelastic
range. In addition, the relative flexibility of the
steel moment frames was used to an advantage.
Tlits relatively flexible lateral-force-resisting
system has a lower expected response in the DBE
than do more rigid systems, with a concurrent
reduction in seismic demands on existing
elements of the building. In the transverse
direction the new buttress frames work in
conjunction with the existing semirigid steel
frames, providing drift control, additional lateral
capacity', and higher overall ductility, while taking
advantage of the appreciable strength of the
existing frames. In the east-west direction, new
exterior moment frames are designed to resist all
of the seismic forces. The steel buttresses are
supported by drilled-in-place reinforced concrete
piers extending into bedrock.

Because of access requirements and other
interferences around the perimeter of the
structure, it was not possible to locate the frames
in optimum locations. The southeast comer of the
building posed especially difficult problems. The
rooftop collector system was designed to mitigate
the effects of the less-than-oprimum buttress
placement in this area.

Lateral-force Collector System

A system of lateral-force collectors was
designed to deliver lateral loads to the buttress
frames. The design of this system presented
several challenges. A 100° temperature change on
the longest of the collectors (over 330 feet) would
result in a change of length of over 2.5 inches. To
accommodate the thermal movement of the
collectors as well as movement of the roof
structure at expansion joints, a system of
hydraulic thermal snubbers was specified. These
snubbers resist short-duration loads (such as

experienced during strong ground motion), while
allowing for slow thermal movements of the
collector system and roof structure.

Analytical Model

The structure was modeled using SAP90, a
three-dimensional elastic structural analysis
program. The model was configured to capture
the overall behavior of the structure. Virtually
every framing member that contributes to die
lateral resistance of the building was included in
the model.

Because the existing transverse semirigid
connected moment frames provide substantial
strength and rigidity, it was necessary to include
them in the analytical model. However, the
behavior of this connection type is highly
nonlinear, and a considerable amount of beam
rotation at the connection is associated with the
development of beam end moments (Figure 3).
Based upon work done by Youssef-Agha et al. [7],
a bilinear moment-rotation relationship was
developed for each semirigid joint. Ushig
substructuring techniques, reduced stiffnesses for
moment-frame beams were developed, which
account for the joint moment-rotation
relationships. The secant modulus of the joint
moment-rotation curve at the expected
displacement levels was used as the joint stiffness.
This approach is valid, providing that the
connection remains elastic under the imposed
loads.
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An elastic response spectrum analysis was
performed. Dynamic base shears and story drifts
are summarized in Table 2. A review of the
output data indicates that the assumption that the
semirigid joints remain elastic is valid. In
addition, the predicted demands are only slightly
in excess of the static case used in initial design,
confirming the limited inelastic demand on the
structure.

Table 2
Dynamic Base Shears and Story Drifts

Exterior Option
Sesporoe Spectrum

Analysis

Longitudinal Direction

Transverse Direction

B«*
Shear

0.2Gg

0.15g

Story Drift
Ratio

0.008

0.007

While the results of the dynamic analysis
indicate that the story drifts of the strengthened
structure are within the recommended drift ratio
limit of 0.010, the brittle nature of the existing
building envelope required modification to
tolerate the expected lateral displacements.

EXTERIOR CLADDING UPGRADE

The masonry walls around much of the
building perimeter presented a peculiar challenge.
Of inadequate strength to resist out-of-plane loads
for either wind or earthquake, they required
bracing back to the building. However, since the
walls are substantially more rigid than the flexible
steel building frame, precautions were required to
ensure that substantial in-plane lateral forces
would not be transferred to the walls.

The final design solution incorporated a system
of vertical steel girts or strongbacks and
horizontal steel track beams. The vertical girts
were mounted directly to the exterior face of the
masonry walls using screen rube-type adhesive

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

481



anchors. The tops and bottoms of the girts were
confined with a series of horizontal track beams,
which were attached directly to the building
columns. The girts derive vertical support from
the walls while providing out-of-plane stiffening.
The horizontal track beams prevent out-of-plane
movement of the girts while allowing relative
movement between the frame and wall. To
complete the system (shown schematically in
Figure 4), existing nominal attachments between
the wall and structural framing were cut.

An important feature of this design is that out-
of-plane loads are controlled by wind rather than
seismic effects. The system was designed to
withstand the full high-wind loading; however,
alternate girts, not required for seismic resistance,
were omitted as part of the current contract.
These omitted girts can easily be added to the
system as part of a later high-wind upgrade.

The cement-asbestos siding on portions of the
exterior wall was found to be adequate for seismic

inertial loads but not for the expected drifts.
Observation of damage to this material in past
earthquakes indicates that under high imposed
drifts, the brittle panel edges tend to break at
fasteners, allowing the panels to shear off the
structure. Existing attachment of the siding was
modified using oversized holes and rubber
bushings to accommodate the expected drift
without failure of the panels.

SUMMARY

The exterior upgrade design meets all of the
UCRL-15910 seismic criteria for high-hazard
structures. It does this with minimal intrusion
into secure and potentially hazardous working
spaces contained within the building. The
capacities of existing lateral-load-resisting
elements continue to be used, while supplemental
systems are provided to control demands on these
elements.

Steel columns behind

Brackets oft columns
through pocket in wall

Track beams,
independent of wall

Masonry wall

Strongbacks, supported by wall,
guided by track beams

Wall Reinforcement Detail
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Several aspects of this design may be
applicable to other structures. The semirigid
moment-resistant connections of the original
frame are common to many steel structures.
These connections were found to have substantial
capacity and ductility, but to be quite flexible. If
supplemental elements are provided to reduce the
resulting building drifts, these existing
connections can be relied upon to resist
substantial portions of the total lateral demand on
the structure.

It is possible to develop bracing details for
brittle nonstructural walls of existing buildings
that can accommodate the drifts inherent in
flexible structures. The sliding system of vertical
girls and horizontal track beams appears to be an
effective way of accomplishing this.

Industrial structures can be economically
braced from outside the building shell, with
minimal impact to ongoing operations. However,
provision must be made for thermal effects on
long collector elements that are exposed to
ambient conditions. The hydraulic devices of the
proposed design can be an effective method of
handling this problem.
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ABSTRACT

An exhaust stack building of a nuclear reactor facility with complex
structural configuration has been analyzed and evaluated and retrofitted for
seismic forces. The building was built in the 1950's and had not been
designed to resist seismic forces. A rigorous analysis and evaluation
program was implemented to minimize costly retrofits required to upgrade
the building to resist high seismic forces.

Seismic evaluations were performed for the building in its as-is
configuration, and as modified for several upgrade schemes. Soil-structure*
interaction, basemat flexibility and the influence of the nearby reactor
building were considered in rigorous seismic analyses. These analyses and
evaluations enabled limited upgrades to qualify the stack building for the
seismic forces.

Some of the major conclusions of this study are: (1) a phased approach of
seismic analyses, utilizing simplified models to evaluate practicable upgrade
schemes, and, then incorporating the most suitable scheme in a rigorous
model to obtain design forces for upgrades, is an efficient and cost-effective
approach for seismic qualification of nuclear facilities to higher seismic
criteria; and, (2) finalizing the upgrade of a major nuclear facility is an
iterative process, which continues throughout the construction of the
upgrades.

INTRODUCTION The exhaust stack building, shown in
schematic form in Figure 1 consists of an exhaust

A concrete exhaust stack building of a DOE stack, a fan building, a supporting structure, and
nuclear facility with a complex structural equipment rooms. Most of these structures are
configuration has been analyzed, evaluated and supported on a common 7-ft thick basemat
upgraded for seismic forces. This work and results embedded 14.S ft below ground surface. Figures
are discussed in more detail, below. 2 and 3 show plans and sections of the building.
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The 72 ft x 48 ft x 40 ft high fan building, and
the exhaust stack, which is 14S ft toll, and has a
tapered cross section, are located above the support
structure at elevation 55 ft.

North-south (N/S) girders, together with slabs
and several east-west (E/W) beams, carry the
stack, the fan building, and other equipment loads
to 5-ft-thick reinforced concrete walls along
column lines 10, AL and AR. These walls are
supported at elev. 2S.92 ft by eight massive
columns, as shown in Figures 2 and 3. These
columns, walls and 4.83 ft by 12.25 ft crane
support girders at elev. 31 ft, form moment
resisting frames along column lines AL and AR.
There are also two 2-ft-th k walls along column
line AR, as shown in Figures 2 and 3.

The stack building basemat is in close
proximity (about 15 ft) to the massive reactor
building to its west side. The stack building has a
shallower embedment (14.5 ft) than the reactor
building (52 ft).

SOIL PROPERTIES

The geology of the site consists of a sandy soil
deposit about 1,050-ft-thick over basement rock.
The surficial geology (upper 200 ft) is composed
of sand, sandy clay and gravel. The soil
properties for the site show that the top 150 ft of
soil has variations in shear wave velocity, varying
from 925 fps to 1155 fps.

SEISMIC INPUT

The Design Basis Earthquake (DBE) spectrum
for this study has been defined by USNRC
Regulatory Guide 1.60 horizontal and vertical
spectrum shapes anchored at a zero period
acceleration (ZPA) of 0.20g. A set of 3-
component acceleration time histories, compatible
with the 1% damped DBE spectra, was developed
per USNRC Standard Review Plan criteria [1].
Figure 4 presents the E/W acceleration time history
and comparison of its response spectrum with DBE
spectrum.

The building basemat is founded on deep
layers of alluvium over bedrock. Because of the
shallow embedment of the building, significant
reductions in free field motions at the basemat
elevation are not expected. However, SSI effects
are expected to have a significant effect on the
dynamic characteristics (frequencies and overall
damping) of the building. Furthermore, responses
of the stack building will be influenced by the
adjacent, more deeply embedded, reactor building.
This phenomenon is known as structure-soil-
structure interaction (SSSI).

ANALYSIS/EVALUATION PHASES

Preliminary calculations indicated that the
building was likely to be overstressed in its as-is
condition if subjected to the specified seismic
inputs. As a result, a three phase study was
conducted for the analysis/evaluation of the
building, as described below:

Phase I

This preliminary phase included a detailed
review of the structural drawings, development of
input acceleration time histories, preliminary
seismic evaluation of the building in its as-is
condition and evaluating several potential upgrades
in light of this evaluation.

A detailed dynamic structural model of the
building, along with a limited treatment of SSI
effects, was used to perform a series of parametric
studies to identify deficiencies in the seismic
capability of the building, and to evaluate various
upgrade schemes.

Phase n

This phase included a rigorous evaluation of
the stack building, modified to incorporate the
upgrade scheme found in Phase I to be the most
practicable.

In this phase, a rigorous SSSI approach was
employed to perform a comprehensive dynamic
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analysis. Thin analysis was used to evaluate the
structural force resisting members of the building,
to identify further upgrades, in addition to those
identified in Phase I.

Phase III

In this phase, additional upgrades
recommended in Phase II were designed and
incorporated into the SSSI model. Analyses and
evaluations were then performed to qualify the
building structural elements.

This phase also included continuous
monitoring of progress of upgrades construction,
and resolving problems mat were encountered
during the construction phase.

PHASE I ANALYSIS/EVALUATION

Building Dynamic Model Including SSI Effects

A 3-dimensional finite element model of the
stack building was developed. All elements were
modeled along their centerline. Plate elements
were used to model walls and floor slabs, and
beam elements were used to model the stack,
beams, girders and columns. Stiffness degradation
due to cracking of concrete was considered in
vertical load carrying members (i.e., columns and
walls). The building model consisted of 386
nodes, and had 1.979 dynamic degrees of freedom.
The mass of the building was input by specifying
the mass density of each element Large
equipment masses were input at specific nodes.

SSI effects were addressed in this phase
through frequency dependent lumped soil
impedance functions at the center of mass of a
rigid basemat of equivalent size. This
methodology assumes that the soil is a
homogeneous elastic layer over an elastic half
space. This solution does not address SSSI effects,
and basemat flexibility effects. Soil impedance
functions used in this analysis are those
incorporated in the computer program AEC/LASSI
[21.

Gravity and Dynamic Load Analyses

The three-dimensional structural model of the
building was also used for fixed base, gravity load
analysis. The SSI model described above was
used to calculate seismic responses of the building.
Free-field time-histories were applied at the base
of the impedance functions, and the solution was
carried out in the frequency domain. Seismic
forces were calculated in all the structural elements
for use in the evaluation.

The stack building, in its as-is configuration,
is asymmetrical in the E/W direction because the
2-ft-walls between columns AR-8 and AR-10 add
significant stiffness to this frame as compared to
the frame on line AL, which does not have such
walls. This causes torsion in the building in
response to E/W motions. The stiffness in the N/S
direction is also not symmetric because the center
of stiffness of the N/S walls of the equipment
rooms is off-center. The location of the fan
building, with its substantial mass, contributes to
mass eccentricity in the N/S direction. This causes
torsion in the building in response to N/S motions.

Evaluation of the As-Is Configuration of the
Building

The resulting gravity and seismic member
forces were combined and used to evaluate critical
members of the seismic force resisting system of
the building. Member capacities were based on
ACI 349-85 (3J. Code non-compliances were
identified, and the principal one was that splice
lengths at the bottom of the main columns were
significantly shorter than those required by the
ACI 349-85 code.

The results of the evaluation showed that: (1)
Columns AL-10, AL-9 and AL-8 were overstressed
due to combined biaxial moments and axial forces;
(2) In-plane shear stresses were higher than code
allowable in the walls along column line AR, the
N/S equipment room wall close to column line 9
and both the N/S and E/W walls of the equipment
room. Since these deficiencies were of such
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significant impact on the qualification of the
structure, other structural elements were not further
evaluated. The remaining effort in this phase was
concentrated on establishing efficient upgrade
schemes.

Seismic Upgrade Schemes

Torsion in the building, high in-plane shear
forces in the walls and insufficient shear and
flexural capacity of the columns were the principal
problems in the qualification of the building.
Several upgrading concepts to remedy these
deficiencies were evaluated. These included
adding shear walls of various thicknesses in
different bays of the building, adding steel braces
in various bays of the building, adding buttresses
outside the building and combinations of the
above.

The schemes were evaluated for cost
effectiveness, impact on operations of the plant,
construction schedule and level of difficulty of
implementation. It was concluded that buttresses
could not be used because that concept required
pile foundations for the buttresses, and there was
high likelihood of hitting buried pipes and/or
conduits around the building. Steel braces between
the ccTumns were also eliminated because of the
large number of bolts required to develop the
brace/column joints.

Various shear wall schemes, shown in Figure
5, were considered. Scheme three was the most
favorable from a stress reduction point of view.
However, it was eliminated due to operational
constraints. Therefore, it was concluded that the
most efficient upgrade scheme was to add three 5-
ft-thick walls between columns AL-9 and AL-10,
columns AL-10 and AR-10 and columns AR-10
and AR-9, (Figure 5, Scheme 1). These walls
were to tie into the existing 5-ft walls at elev.
2S.92 ft at the top, into the basemat at the bottom
and into the main columns along the sides.

PHASE II AND III: RIGOROUS ANALYSES
AND EVALUATION

Phases II and in, as described above, consisted
of an iterative process, whereby detailed analyses
were used to evaluate the building with specific
upgrade schemes; identify remaining deficiencies;
modify the upgrade scheme accordingly; and
repeat the analysis and evaluation process.

The proximity of the stack building to the
massive reactor building suggests that the
responses of the stack building v ill be influenced
by the reactor building through soil coupling,
especially in the E/W and vertical directions. This
makes it necessary to develop a structure-soil-
structure interaction (SSSI) model of the two
buildings to calculate proper seismic responses for
the stack building. Furthermore, the flexibility of
the basemat will also influence the seismic
response of the stack building. These parameters
of the dynamic response, which were neglected in
the Phase I analyses and evaluation, were included
in the rigorous analyses and evaluations of the
building in Phases II and HI.

This rigorous analysis of Phases II and in (see
Ref. 4) utilized a SSSI model, which included a
detailed finite element representation of the stack
building, a finite element model of the reactor
building basemat and structure and a model of the
soil consisting of semi-infinite horizontal linear
elastic layers over a semi-infinite half space. The
full SSSI model consisted of 1,581 nodal points,
1548 structural finite elements, 4812 structural
degrees of freedom and 3,015 frequency dependent
soil impedances. This model is presented
schematically in Figure 6 and is described in more
detail below.

The 3-dimensional finite element model
(Figure 7) of the building, developed in Phase I,
was used in the subsequent analyses with the
addition of the upgrade schemes. In addition, the
basemat was modeled with 8-node 3-dimensional
brick elements. The soil above the basemat was
also modeled with brick elements. The embedded
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walls of the reactor building and the 10 ft basemat,
were modeled as shown in Figure 6 by 8-node 3-
dimensional brick elements. The superstructure
was modeled by a lumped mass model.

The soil below grade was modeled as a series
of elastic horizontal semi-infinite layers over a
semi-infinite elastic half-space. The soil data
available at the site was used to calculate strain-
compatible (high-strain) best-estimate soil
properties. Best-estimate dynamic soil properties
were also used as the bases for developing upper
and lower bound soil properties to address effects
of uncertainty in soil properties.

Discussion of Results

Gravity and seismic member forces were
calculated for all members of the stack building.
Time-histories were generated for seismic
responses for the three components of ground
motion. Codirectional responses were then
combined algebraically.

Fixed-base dynamic properties were calculated
to better understand the dynamic behavior of the
structure during seismic motions. It must be noted
that the actual seismic responses of the structure
were determined by the combined SSSI modes.
However, the fixed-base frequencies give useful
insight about the structural behavior. Table 1
shows a comparison of the main frequencies and
participation factors in the three orthogonal
directions of motion for the as-is model and the
upgraded Phase II model. This table shows that
the fundamental frequency of the stack, which is
very flexible, remains the same for the two models
(0.81 and 0.84 Hz. in E/W and N/S directions) as
there were no upgrades for the stack itself.
Significant differences, as expected, were noticed
for the fundamental horizontal modes due to the
introduction of the three 5-ft shear walls. The
fundamental N/S mode changes from 2.81 Hz. to
3.95 Hz. while the fundamental E/W mode
changes from 3.89 Hz. to 6.01 Hz. Furthermore,
the as-is horizontal modes show significant
coupling between the E/W and N/S directions,

which was primarily eliminated in the upgraded
building through the introduction of the new shear
walls.

The stack building's structural elements were
evaluated to ACI-349 minimum requirements.
Gravity and seismic loads were combined
unfactored. Seismic forces were assumed to be
either positive or negative when combined with
gravity loads.

Evaluations of the building in Phases II and HI
concluded that, besides adding three 5-ft-walls to
the east end of the building, it is also necessary to
strengthen the crane girders at columns AL-9, AL-
8, and AR-8, and add a tension tie to column line
8 above the equipment room east wall.

The crane girders needed to be strengthened
because the bottom rebars were discontinued over
the columns. The upgrade scheme developed for
strengthening these girders (Figure 8), required
drilling holes across the columns; threading two
rows of #14 bars through these holes; tying the
bars to the girders with #7 dowels and encasing
the added steel in a 21 in. concrete drop panel.

The tension tie along column line 8 is
necessary to transfer N/S story shears to the Fan
Room wall when the building is moving to the
south. Details of the tension tie are shown in
Figure 9.

Construction of the upgrades was a very
challanging effort, because the upgrades were
massive and relatively extensive. Hilti threaded
bars were used throughout those upgrades. The
most difficult problem was the ability to drill large
holes into the existing members to add the new
steel reinforcements, without cutting existing
rebars. This was resolved by a procedure,
whereby drills were fitted with controls to stop
within 1/4 in. of encountering a rebar.
Furthermore, every rebar that had been knicked by
the drill was identified on the drawings by the
construction crew. The structural elements
affected were then evaluated analytically to
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determine that they still had the capacity to resist
the applied loads.

CONCLUSIONS

The principal conclusions of this study are that
the stack building, in its as-is configuration, does
not meet the project criteria for the postulated
seismic motions, but that it will meet the criteria
provided that some of its structural elements are
strengthened, and three new shear walls are added.
More specifically, the conclusions of this study
are:

(1) A phased approach of analysis and
evaluation, which utilizes simplified models to
identify major upgrades and then incorporates
these in a rigorous model to obtain design forces
for upgrades, is an efficient and cost-effective
approach for seismic evaluation and upgrading of
nuclear facilities to higher seismic criteria.

(2) The as-is configuration of the stack
building's dynamic properties show significant
coupling between horizontal modes. The resultant
torsion in the main columns caused overstress
condition. These coupling modes are eliminated
when three 5-ft-thick walls are added between
columns AL-9, AL-10, AR-10 and AR-9.

(3) Soil structure interaction between the stack
building and the surrounding soil has a significant
impact on the dynamic responses of the structure.
Also, the nearby reactor building has a significant
influence on the vertical motions of the stack
building basemat, introducing appreciable rocking
motions.

(4) Upgrade of major structures is an iterative
process, whereby the building with the conceptual
upgrades need to be analyzed and evaluated to
identify additional upgrades. Furthermore, changes
to the upgrade design, and other factors during
construction, require that a final analysis cycle be
undertaken at the end of the construction process.
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Table 1. Significant Frequencies and Modal
Participation Factors for As-is and Upgraded
Building Models

Freq.
(Hz.)

0.81
0.84

2.81
3.89

3.95
6.01
9.31
10.50

Modal Participation Factors

As-is Building
Phase I

X-Dir Y-Dir

4.4 0.0
0.0 4.3

10.5 22.0
23.2 9.6

23.6 2.4
0.0 2.7

Z-Dir

0.1
0.0

0.4
1.0

4.0
11.5

X-Dir = E/W
Y-Dir = N/S
Z-Dir = Vertical

Upgraded Building
Phase II

X-Dir

4.2
0.0

2.4

6.4

Y-Dir Z-Dir

0.0 0.1
4.2 0.0

24.0 0.2

2.1 15.8
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FIGURE 3 CONCEPTUAL CRANE GIRDER UPGRADE SCHEME

FIGURE 9 COtfCEPTUAL TENSION T I E UPGRADE SCHEME
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SEISMIC ANALYSIS OF THE ICPP HIGH LEVEL
LIQUID WASTE TANKS AND VAULTS

E. D. Uldrich, Ph.D., P.E.
Westinghouse Idaho Nuclear Company, Inc.

Box 4000
Idaho Falls, ID 83403

Lincoln E. Malik, Ph.D., P.E.
Advanced Engineering Consultants, Inc.

180 Montgomery Street, Ste 8S0
San Francisco, CA 94104

ABSTRACT

Two buried, closely spaced, reinforced concrete vaults founded on base
rock were evaluated for gravity and safe shutdown earthquake loads.
These vaults enclose steel tanks used to store high level radioactive liquid
waste.

Detailed 3-dimensional finite element models were used for state-of-the-art
structure-soil-structure interaction (SSSI) analyses. Three soil dynamic
property profiles were used to address soil variability. Vault accelerations
are not significantly affected by the variability of soil dynamic properties.
Lower bound soil properties yield maximum member forces and moments.
Demands on the side closer to the other vault due to horizontal motions
are lower due to SSSI effects.

Combined gravity and seismic demand on the vault force resisting system
was calculated. The vaults were qualified, using member capacities based
on current design codes.

INTRODUCTION

Vaults WM-180 and WM-181 are pan of the
Tank Farm at the Idaho Chemical Processing
Plant (ICPP), Idaho National Engineering
Laboratory (INEL). These underground
reinforced concrete vaults enclose steel tanks used
to store high level radioactive liquid waste.

The INEL is at the northern edge of the Snake
River Plain adjacent to the southern foothills of
the Lemhi and Lost River Mountain Ranges, and
lies largely in the Eastern Snake River Tectonic

Subprovince. The area is characterized by
Tertiary to Quaternary volcanic basalts and
alluvial sediments, which were laid down
primarily by the Big and Little Lost Rivers and
Birch Creek. Wind blown deposits are also
widespread. Subsoils at the site generally consist
of thin surface layers of fill and natural sand, silt
and clay overlaying a thick layer of relatively
dense sandy gravel. The site soils are generally
dry, except for some locations where a thin
perched layer of water appears at the top of the
basalt.
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The vault structure, shown in Figures 1 and 2,
is founded 52.5 ft below ground level on
competent rock, and has a minimum of 7 ft of
soil cover on top of the roof slab. The base mat
has an octagonal shape 30.2S ft on a side, is 3 ft
thick and heavily reinforced. Above the base mat
is a 3-dimensional space frame, consisting of
eight massive columns, a 2.33 ft by 4.33 ft ring
beam and haunched three segmented 2.5 ft by 4.5
ft roof beams. A secondary grid of four beams
spans between the space frame beams in the flat
section of the roof, forming a 4.67 ft square
opening. Eight 21 in. thick wall panels span
horizontally between the columns, and vertically
between the ring beam and base slab. A 15 in.
slab covers the roof girders, forming a cold joint
with them. Construction photographs show that
the site was excavated to base rock. The vaults
were then cast-in-place, and backfilled to level
ground.

The fact that these tanks are buried below
ground and are in close proximity to each other
(14 ft separation between vaults) requires that the
seismic analyses include soil-structure-interaction
(SSI) effects, as well as structure-soil-structure-
interaction (SSSI) effects. The seismic analyses
described herein included development of
acceleration time histories consistent with the safe
shutdown earthquake (SSE) design response
spectra, development of detailed models of the
vaults and soil for gravity and seismic load
analyses and detailed evaluation of vault member
capacities.

SEISMIC MOTIONS

SSE motions for this project were defined at
a rock outcrop as a 1% damped USNRC
Regulatory Guide 1.60 [1] horizontal spectrum
shape, anchored at a zero period acceleration
(ZPA) of 0.24g for horizontal motions and 0.16g
for vertical motions. Three sets of 20 second
duration acceleration time histories were
developed for the three orthogonal directions of

rock outcrop motions. Project criteria required
that acceleration time histories be matched to the
SSE design spectra in accordance with
requirements of USNRC Standard Review Plans
[2].

Modifications to the horizontal rock outcrop
motions at the rock/soil interface, and at the soil
surface due to the effects of the alluvial
overburden were calculated as follows:

1. The base rock, including the rock outcrop,
was modeled as semi-infinite elastic half-
space. The soil above the base rock was
modeled as a series of semi-infinite elastic
layers.

2. Best estimate dynamic soil properties were
taken from geophysical tests at the site.
Upper and lower bound soil properties were
used to include effects of variability in the
soils.

3. Variation of shear modulus and soil
damping with shear strain used in this model
are those proposed by Seed et. al. in [3] for
gravelly soil. Basalt properties were not
varied.

4. Wave propagation theory, assuming
vertically propagating shear waves, was used
to deconvolute the horizontal motions from
the rock outcrop down to the base rock/soil
interface and back up to the soil surface in the
free field.

Figure 3 shows Free Field E/W response
spectra at the rock outcrop, at the base rock/soil
interface and at the soil surface, for lower bound
soil properties. Comparison of the rock outcrop
and rock/soil interface spectra shows that the
ZPA for both is the same, but that the rock/soil
interface has lower spectral amplitudes in some
frequency zones. Comparison of the soil surface
spectrum with the other two shows significant
amplifications in the ZPA, and in the spectral
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amplitudes in the frequency range above 1 hz.
Variations in the ZPA and spectral amplitudes
between the three spectra, and the frequency
range at which the variabilities occur, are
primarily a function of the frequency content of
the rock outcrop motions, relative stiffnesses of
the rock and soil, and the depth of the soil
column.

Available literature on the subject, and AEC
experience in previous projects, lead us to
conclude that, there will be little reductions of
rock outcrop vertical spectral amplitudes when
deconvoluted to the base rock/soil interface.
Hence, rock outcrop vertical motions, without
reductions, were conservatively assumed to be the
motions at the base rock/soil interface.

DESCRIPTION OF VAULT STRUCTURAL
SYSTEM

The force-resisting system of the two vaults,
shown in Figures 1 and 2, consists primarily of a
reinforced concrete space frame; and walls and
roof slabs that are constructed so as to resist the
loads in conjunction with the space frame.

The space frame consists of four planar
frames (two in each orthogonal direction), which
are tied together by a ring beam at the top of
columns, and the base mat at the bottom. Each
planar frame has two massive irregular shaped
columns, shown in Figure 1, which have a gross
area of approximately 3,000 sq in. and are fixed
at the bottom to the base mat.

The two columns of each planar frame are
connected by a roof girder consisting of three
segments, as shown in Figure 2. The roof slab is
poured over these girders, forming a cold joint
between them. The bottom girder reinforcement
is anchored in the column/girder joint by end
hooks. The top girder reinforcement is not
hooked at its ends, and extends into the joint as
a straight bar for about 60 in. This is less than
the 119 in. development length required by AC1

349-90 [4] for these bars. From this, it may be
assumed that there is a moment connection at the
column/girder joint for moments producing
tension in the bottom reinforcement, and a simple
connection for moments producing tension in the
top reinforcement. However, this assumption
neglects the potential effect of the roof slab on
the behavior of the girders.

The soil above the roof introduces significant
friction between the roof slab and the girders. If
the friction force across the cold joint, and
mechanical anchorage at the column/girder joint,
are sufficient to transfer the resultant shear flow,
then the slab and girders will act as a composite
prismatic section (plane sections remaining
plane). The top slab reinforcement, which is
hooked into the column-girder joint, becomes the
top reinforcement of the composite section, and
the composite element can then be considered to
have a full moment connection to the column

The top of the columns of the four frames are
tied together with a ring beam that has
reinforcing to resist bending about both neutral
axes and transverse reinforcement to resist
torsion.

The 21 in. thick walls span horizontally
between the columns, and vertically between the
base mat and ring beam. These walls have
reinforcing in both directions, and at both faces,
except at the middle of the wall, where the outer
face horizontal reinforcement is discontinued.

Gravity loads consisting of the self weight of
the vault, and weight of the soil, are carried by
the roof girders to the columns in 3-D frame
action. A portion of this weight will be trans-
ferred to the walls. The ring beam is a
significant element for carrying gravity loads,
because it will resist the horizontal component of
the thrust force from the sloping roof girders and
slabs.
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Lateral soil pressures will act on the sloping
roof and side walls of the vault. The lateral soil
pressure on the walls will be carried in two-way
action to the columns, ring beam and base mat.
It should be noted that the direction of the lateral
soil pressures on the top of the columns and ring
beam is in an opposite direction to forces from
the soil cover and roof weight.

Response of the vault to horizontal seismic
motions, which consist of vertically propagating
shear waves, will be determined by shear
displacements imposed on the vaults due to
displacement compatibility with the surrounding
soil.

Global response of the vault, which has a low
aspect ratio (squatty configuration), to these shear
displacements will be principally in-plane shear in
the two walls parallel to the direction of motion,
a tension/compression couple in the two walls
orthogonal to the direction of motion and flexure
in the roof girders and slabs. Localized response
will be primarily out-of-plane moments in the
walls orthogonal to the direction of ground
motion.

Response of the vaults to vertical seismic
motions will be as described for the gravity loads.

The vaults, as
symmetrical about
symmetry is very
responses of the
because it allows
gravity and seismic
of half of one vault

shown in Figure 4, are
two horizontal axes. This
significant for calculating

vaults to seismic motions,
a complete solution of the
loads problems from models
and surrounding soil.

DYNAMIC MODELS

A 3-dimensional finite element model, using
the ADINA computer code [5], was developed for
this project. All force-resisting elements of the
vaults were discretely modeled, and the mass of
the structure was represented by mass density of

the elements. Symmetry conditions were used to
model only half of the vault. Nodes at the base
of the vault walls and columns were fixed in the
gravity load model.

Roof slabs and walls were modeled along
their centerline. Beams, girders and columns
were modeled along the centroids of their gross
sections. Joints between structural elements were
modeled with rigid links to the face of the
elements to represent these joints as being rigid.

The static model of half the vault structure,
consists of 1274 nodes, 1976 static degrees of
freedom, 64 beam elements, 106 plate elements
and 338 rigid-link elements.

A 3-dimensional finite element model, using
the Advanced Engineering Consultants, Inc.
(AEC) version of the SASSI computer code [6],
was developed for this project. Symmetry
conditions were used to model only half of one of
the vault structures and the soil bounded by the
lines of symmetry, as shown in Figure 4.
Boundary conditions at nodes along the lines of
symmetry for the seismic loads are symmetric for
vertical seismic motions, and along lines of
symmetry parallel to horizontal components of
motion. Anti-symmetric boundary conditions are
used along lines of symmetry orthogonal to
horizontal ground motion.

The model of the vault structure is the same
as that described for static loads, with the
addition of twenty six 3-dimensional
isoparametric (8 node solid) elements to model
the base mat These elements are 3 ft thick, and
have concrete stiffness properties.

The soil is represented in the dynamic model
by a combination of 3-dimensional finite elements
and semi-infinite layers. The full depth of the
soil trapped between the two vaults, shown in
Figure 4, and the soil above the roof of the vault,
is modeled with 3-dimensional isoparametric (8
node solid) elements. The rest of the soil
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interfacing the vault structure, also shown in
Figure 4, is modeled with horizontal semi-infinite
elastic layers. Soil best estimate, upper bound
and lower bound dynamic properties were used in
these models. These properties were taken from
free field wave propagation analyses, and are
consistent with dynamic seismic strains in the
soil. The base rock is represented in the dynamic
model as a semi-infinite elastic half space.

GRAVITY AND DYNAMIC ANALYSES

Gravity loads on the vault consist of the self
weight of the vault, weight of the soil cover
above the roof and lateral soil pressure. Self
weight of the vault was calculated in the ADINA
analyses internally from the material density of
the elements. Weight of the soil cover on die
roof was included as concentrated nodal forces
based on contributory area over each roof node.

Lateral soil pressures were defined as at rest
soil pressures, with a lateral force coefficient Ko

of 0.5. These pressure loads were applied to the
ADINA model as nodal forces calculated on a
contributory area basis. It should be noted that
the lateral soil pressure applied to the vault is
somewhat conservative. In actuality, the
haunched roof will induce arching action in the
soil such that the soil cover will develop a lateral
thrust force on the rest of the soil at the bottom
of the roof elevation, which will tend to push the
soil away from the walls (i.e. relieve some of the
lateral soil pressure from the walls).

Dynamic analyses of the vault for the three
orthogonal directions of seismic motions were
performed using the AEC/SASSI computer code,
with best estimate, upper bound and lower bound
soil properties. Horizontal components of
motions were assumed to consist of vertically
propagating S waves, and vertical motions as
vertically propagating P waves.

The AEC/SASSI code solves the dynamic
problem in the frequency domain and does not
calculate frequencies and mode shapes as such.
However, the ADINA structural model was used
to calculate fixed base vault natural frequencies.
Based on this, the vault was found to be
relatively stiff with horizontal fundamental
frequency of 16.6 Hz, and vertical fundamental
frequency of 17.5 Hz. A second (non-symmetric)
vertical mode has a frequency of 22.2 Hz. The
frequency analysis also shows that there is
practically no coupling between the modes in the
three orthogonal spatial directions, which is to be
expected in a symmetrical structure. The coupled
soil-structure frequencies are expected to be
significantly lower than the frequencies for the
vault structure alone because of participation from
the surrounding soil.

The AEC/SASSI model used in the analysis
allows for SSI and SSSI effects, since the soil,
rock and both vaults (WM-180 and WM-181) are
explicitly included in the model.

Table 1 gives a comparison of vault forces
and moments fcr upper and lower bound soil
profiles and E/W motions. These results show
that responses from lower bound soil profile are
consistently higher, which is a pattern that
parallels results of other parametric studies
performed for the project. Figure 5 gives
maximum acceleration responses in the vault
structure to the upper and lower bound soil
profiles and E/W seismic motions. The
acceleration responses for the two soil profiles
have very little variation, which is also consistent
with results of the parametric studies.

Maximum free field accelerations for N/S and
E/W motions were not very sensitive to the soil
profile, with maximum variations of about 18%.
However, forces and moments in the vault
structure show significant variability with changes
in soil properties, with maximum responses
controlled by the lower bound soil profile. These
results are consistent with the free field wave
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propagation analysis. Soil strains in the free
field, which will determine shear stresses and
relative shear displacements in the soil, were
found to be a maximum for the lower bound soil
profile.

Results of Table 1, and Figure 5 also show the
effects on horizontal seismic response due to
proximity of vaults WM-180 and WM-181 to
each other (SSSI effects). In general,
accelerations are not significantly influenced by
SSSI effects. Maximum accelerations on the east
and west walls are very close to each other.
SSSI effects are more significant on maximum
forces and moments, especially for the lower
bound soil profile case. Results given in Table 1
show that for the case of lower bound soil profile
and E/W motions, seismic shear on the east wall
is as much as 28% higher than that at the same
elevation on the west wall. Demand due to
horizontal components of ground motion are less
than half of demand due to static lateral soil
pressures.

Maximum vertical acceleration response of the
vault to vertical motions show that there is little
amplification of vertical motions in the walls, but
there are more significant amplifications in the
roof of the vault. The results also show that the
responses are essentially symmetric, which leads
to the conclusion that SSSI effects are negligible
for response to vertical motions.

STRUCTURAL EVALUATION

Vault structural members were evaluated for
structural integrity in response to gravity and SSE
loads by calculating member demand/capacity
ratios (D/C). The project acceptance criteria
required that all force resisting members have a
D/C of 1.0 or less.

Maximum seismic demand on a member was
determined by square-root-sum-of-the-squares
(SRSS) combination of maxima, or by the more

rigorous approach of algebraic summation of
response time-histories of codirectional responses
to the three orthogonal components of ground
motion. SRSS combinations are an industry
standard in seismic analyses of nuclear structures.
Algebraic summations of time-history responses
fro;; elastic analyses are considered acceptable
for nuclear structures when the input motions in
the three orthogonal spatial directions are weakly
correlated.

Capacities of members were calculated in
accordance with ultimate strength requirements of
ACI349-90 [4]. Allowable stresses were reduced
proportionately for code non-compliance cases, as
in the case of splice lengths shorter than those
required by ACI 349-90. Friction and mechanical
interlock between the roof slab and girders was
found to be sufficient to transfer shear flow
between them. Therefore, the girders and section
of slab the width of the girders were considered
a prismatic member.

All vault members were found to have
sufficient capacity to resist maximum total
demands (i.e. D/C are equal to or less than 1.0).

CONCLUSIONS

The vault analyses led to the following
conclusions:

1. Wave propagation analyses show that free
field seismic motions at the base rock/soil
interface have lower spectral accelerations,
especially at the fundamental frequencies of
the soil column above, and that the soil layer
significantly amplifies rock outcrop peak and
spectral accelerations.

2. Maximum vault accelerations are lower
than free field soil accelerations at comparable
elevations. These accelerations are not
significantly affected by the range of soil
profiles considered.
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3. SSSI effects have very little influence on
the maximum accelerations, and on force and
moment responses to vertical ground motions.

4. Lower bound soil profile gives maximum
member forces and moments. SSSI effects
have some influence on the moments and
forces due to horizontal ground motions, with
the side closer to the other vault having lower
seismic demands.

5. AH vault structural elements were qualified
in accordance with project acceptance criteria
that demand/capacity ratios for gravity
(including lateral soil pressure) plus SSE loads
be less than 1.0. The maximum D/C in the
vault structure is 0.94.
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ANALYSIS OF EMBEDDED WASTE STORAGE TANKS
SUBJECTED TO SEISMIC LOADING
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ABSTRACT

At the Savannah River Site. High Activity Wastes are stored in carbon steel
tanks that are within reinforced concrete vaults. These soil-embedded
tank/vault structures are approximately 80 ft. in diameter and 40 ft. deep.

The tanks were studied to determine the essentials of governing variables, to
reduce the problem to the least number of governing cases to optimize analysis
effort without introducing excessive conservatism. The problem reduced to
a limited number of cases of soil-structure inieraction and fluid (tank
contents)-structure interaction problems.

It was theorized that substantially reduced input would be realized from soil
structure interaction (SSI) but that it was also possible that tank-to-tank
proximity would result in (re)amplification of the input. To determine the
governing seismic input motion, the three dimensional SSI code, SASSI, was
used.

Significant among the issues relative to waste tanks is the determination of
fluid response and tank behavior as a function of tank contents viscosity. Tank
seismic analyses and studies have been based on low viscosity fluids (water)
and the behavior is quite well understood. Typical wastes (salts, sludge), which
are highly viscous, have not been the subject of studies to understand the
effect of viscosity on seismic response. The computer code DYNA3D was
used to study how viscosity alters .ank wall pressure distribution and tank base
shear and overturning moments. A parallel hand calculation was performed
using standard procedures.

Conclusions based on this study provide insight into the quantification of the
reduction of seismic inputs for soil structure interaction for a "soft" soil site.

INTRODUCTION

Two chemical separation facilities are in use at
the Savannah River Site (SRS) to separate and
purify the products of SRS reactor operations. The
radioactive effluent from these separation facilities
is contained in buried tanks, under a controlled
environment, for future reprocessing and
subsequent disposal by glassification or concrete

entombment. There are 51 such tanks at SRS of
which 24 will be abandoned. The remaining 27 are
an integral part of the long range waste
management program at SRS. A detailed
evaluation of these 27 tanks is therefore essential
for future waste processing operations. This paper
discusses the issues identified and methods utilized
in the structural qualification of these waste
storage tanks.
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WASTE TANK DESIGN

The tank considered in this report is double
layered. The external shell of the tank is a
cylindrical vault of concrete with a full-height steel
liner that terminates at the joint of the roof and
the cylinder wall. Inside this vault is the steel
primary tank that holds the waste. The primary
tank is somewhat smaller than the vault, thus
creating an annular space between the tank and the
vault. Thus for waste to reach outside the
confinement boundary three layers of material
need to be penetrated. The concrete vault has an
outer radius of 47 ft. 6 in. and a height of
approximately 42 ft. The wall of the vault is 2 ft. 6
in. thick, and the base of the roof is about S ft.
thick. The roof of the lank is supported by a
concrete column, with a radius of 3 ft., encased by
a steel liner with a small annular space between
the primary tank and the liner. The top of the
primary tank is connected to the concrete roof by
conical sleeves encased 5/8-in. Nelson studs which
are tack-welded to the primary steel tank. The
cross-sectional view of a typical tank is shown in
Figure 1. The primary tank contains the waste in a
semi-fluid state. The external shell or vault
contains this primary tank by a closed concrete
structure. The entire tank-vault system is confined
by the soil placed around it.

Tanks such as the one described above exist in
varying geometrical configurations in two tank farm
areas. The configurational variations result from
the physical layout (i.e.. arrangement in closely
spaced clusters vs. isolated tanks) and from the
varying levels of fluid in each tank. Figure 2 and
Figure 3 illustrate the layout of the tanks in the
two areas of interest. The various approximate fill
heights in the tanks range from completely full to
less than a quarter full, with the contents varying in
consistency from supernatant fluid to sludge.

In addition, even though in both areas the
tanks appear to be buried, the construction
sequence of the tanks was significantly different.
In one area the tank was built in an excavated pit,
and after tank consiructi. i, the area was backfilled;
while in another area, the tank was constructed
on-grade, and the backfill was placed around it
resulting in a soil covered structure.

SIGNIFICANT ISSUES

Significant among the issues relative to waste
tanks is the determination of fluid response and

tank behavior as a function of the tank content's
viscosity. Historically [6,7], tank seismic analyses
and studies have been based on low viscosity fluids
(water), and their behavior is quite well
understood. Typical wastes (salt-sludge), which are
highly viscous, have not been studied to understand
the effect of viscosity on seismic response. A
parametric study, using tank geometry as a constant
while varying the viscosity, was therefore
considered for analysis.

Another issue of interest was the
determination of the location of input excitation for
the soil structure interaction (SSI) analysis of the
tank. Since the design basis earthquake was
defined at the free field it was decided that a SSI
run be made with the input motion at the free
field, and a comparison of the responses at the
surface and at the bottom of the tank be made to
select the location of the input motion.

METHODOLOGY

Such a large problem size necessitated that all
possible tank configurations be studied to
determine the essential or governing variables, to
reduce the problem to the least number of
governing cases to optimize analysis effort without
introducing excessive conservatism. The ensuing
study reduced the problem size to the analysis of
two cases; to investigate the effect of the soil
structure interaction (SSI) and fluid structure
interaction (FSI). The cases considered in the
analysis are shown in Figures 4a and 4b.

Since the problem required the solution to
both the SSI and FSI conditions, a suitable code
was sought. The computer code DYNA3D [1] was
found to possess all the necessary material models
required for such a combined analysis. The soil
model in DYNA3D used the cap model. Since
determining the properties for this model required
extensive testing and the unavailability of such data
in the existing soil and geophysical testing reports
for SRS, the use of DYNA3D for studying SSI
effects was discarded. The entire problem was
subsequently decoupled to address the two issues
separately. The 3-D SSI code SASSI [2] was issued
for the SSI analysis. The primary tank and its
contents were analyzed for FSI effects using
DYNA3D, since it contained an adequate model
for the fluid element.

BENCHMARKING

As with the use of every new code, DYNA3D
was benchmarked with known analytical methods.
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This involved the comparison of the DYNA3D
results with those of hand-calculated solutions for
a tank with water subjected to base excitation, first
with rigid walls and second with flexible walls. The
results of this comparison indicated that DYNA3D
results did not compare favorably with the hand
calculations. Hence, the FS1 effects were
subsequently analyzed using hand solutions.

ANALYSIS APPROACH

The qualification for the waste tanks was
addressed by a three-phase approach. In the first
phase, SSI effects were computed using SASSI with
a model of the concrete vault, which accounts for
the mass of the primary tank and its contents. No
hydrodynamic loading was considered in this phase
of the analysis. In the second phase the primary
tank and contents were analyzed for FSI effects
using hand solutions. The individual component
capacities based on code allowables were compared
to the stress analysis results to determine its
structural adequacy in the third phase.

SSI ANALYSIS

The soil properties used in the current analysis
were extracted from the soils report [3] prepared
for the earlier analysis on the tanks. For the
current analysis, the best estimates of the soil
properties were taken as the weighted average of
the soils exploration program data. The upper and
lower bound estimates are taken as 2.0 times and
0.5 times the best estimate values respectively.

As a first stage for the SSI analysis, iterations
on the soil properties were conducted using the
program SHAKE (4J. This analysis takes care of
all primary' nonlinear effects, and yields a
horizontally layered site profile with properties that
are compatible with the levels of strain in the free
field. The two cases considered for the SSI analysis
were: (1) the single tank, and (2) two tanks in close
proximity; the objective was to determine the
imertank effect, if any, on the response. In the
same study, the response at the tank base was
compared to the response at the free field to
determine the governing motion at the base for
input to the FSI model. In both cases the
responses were enveloped by the Nureg 1.60
spectra at the surface. The results of this analysis
are shown in Figures 5a and 5b. These results
indicate that, for either case, the use of the free
field motion for input to the FSI model should be

enveloping, and the effect of tank to tank
interaction is not significant. The SSI model was
subsequently modified by attaching a lumped mass
10 the vault with springs. The stiffness of the
springs depending on the frequency of the tank
and contents determined from the FSI analysis. In
the final analysis, the vault was modeled using shell
elements as the moments and shears arising from
the dynamic soil pressure would be taken directly
from the SASSI output.

HYDRODYNAMIC ANALYSIS

The intent of the hydrodynamic analysis was to
study the tank-contents dynamic behavior during a
seismic event. This analysis was divided into two
cases. The first case was performed for a tank with
contents having a specific gravity of 1.8. This value
of specific gravity is the maximum value above
which the contents cease to exhibit fluid behavior.
The second analysis case was performed for
contents with a specific gravity of 2.2. This is the
maximum attainable specific gravity value known
for the tank contents. For each of the two cases,
the hydrodynamic forces and pressures were
combined with the hydrostatic loading to obtain
liner stresses and reaction forces between the steel
liner and the concrete vault.

The first analysis case evaluates the
tank-contents dynamic behavior using the flexible
tank fluid-structure interaction procedure
developed by Veletsos and others [8,9,10]. This
procedure consists of the following sequence of
steps:

(1) Obtain coupled fluid-structure (horizontal
and vertical) and fluid-only (slosh) resonant
frequencies.

(2) Generate the impulsive (part of the fluid
mass that behaves as if rigidly attached to the
tank) pressure distribution along the tank
wall and the locations and values for the
equivalent forces due to horizontal seismic
excitation using 3% damped design spectra
pseudoacceleration values.

(3) Generate the convective (part of the fluid
that vibrates independent of the tank)
pressure distribution along the tank wall and
the locations and values for the equivalent
forces due to horizontal seismic excitation
using 0.5% damped design spectra
pscudoacceleration values.
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(4) Generate the vertical seismic pressure
distribution (similar to hydrostatic
calculation) using the 3% damped design
spectra pseudoacceleration values.

(5) Combine hydrostatic and hydrodynamic
pressures and forces obtained in steps 2,3,
and 4.

(6) Obtain liner stresses and compare to
allowables.

In addition to the above procedure, the
reaction forces at the tank top and base were
calculated. This step was performed to evaluate
the adequacy of the tank anchorage. This
anchorage check along with the above procedure
was performed for varying fluid heights with the
intent of identifying a maximum tank fill-height
below which all liner components would meet
seismic design requirements (i.e. ASME VIII for
the liner and AISC-N690 for the anchorage).

Figure 6A shows the pressure distribution
obtained by combining the hydrodynamic and
hydrostatic values for the tank full of 1.8 specific
gravity fluid. This portion of the analysis included
the convective components for conservatism, but,
as evidenced by the figure, the convective parts are
negligible when compared to the other pressure
components. Figure 6B compares actual liner
thickness to that required for hoop stress to stay
below the ASME VIII yield value of 38 KSI based
on the calculated pressure distribution. Both
figures were generated using Regulatory Guide
1.60 design spectra pseudoacceleration values for
the appropriate level of damping. The final
analysis will use pseudoacceleration values
obtained from spectra generated by a
soil-structure-interaction analysis of the
vault-liner-fluid system.

The second analysis case evaluates the dynamic
behavior of the tank with 2.2 specific gravity
contents lumped onto the structure. The analysis
procedure performed closely parallels that used
above with a few minor differences/exclusions.
Since the contents no longer exhibit fluid behavior,
resonant frequencies for the tank with lumped
contents only are calculated. The equations for
these frequency calculations differ from those used
above to obtain fluid-structure frequencies,
generally, resulting in a higher fundamental mode.
Also, there is no convective response for the

non-fluid contents, which results in entirely
impulsive hydrodynamic effects. The final
difference between the two procedures is the use
of 5% damped design spectra pseudoacceleration
values for the horizontal impulsive and vertical
seismic excitations. This higher damping value is
the minimum value reserved for cases where the
tank contents have high viscosities. Again, this
second analysis case was performed for various
fluid heights.

At present, the analytical procedures for the
two tank-contents dynamic analysis cases are well
defined. Preliminary data has been obtained using
Regulatory Guide 1.60 as the design spectra. The
final results will use in-structure spectra obtained
from the bounding case soil-structure interaction
analysis. Conclusions about the seismic adequacy
of the tank and its anchorage will be drawn from
those final results.

CONCRETE STRESS ANALYSIS

The concrete vault was analyzed for static
loading caused by lateral earth pressure using the
Finite Element code GEMINI [5]. The results of
this analysis were subsequently combined with the
stress results from the SASSI output to determine
the most critical section. The most critical section
was found to be the junction of the wall and the
base slab. As a parallel, the stress analysis at the
same section was also conducted by hand
calculations using the Mononobe-Okabe relation to
determine the dynamic earth pressure, while the
static lateral earth pressure was determined using
varying end conditions (free cantilever to
continuous spans). The hand calculations were
compared to the computer results. The resulting
stresses from the computer analysis would be then
compared with the concrete section capacities
based on the ACI allowable. The comparison
would determine if the stress in the vault was
within acceptable limits.

CONCLUSION

As this analysis is on going, no final results
have been presented, but from the parametric
studies made to-date, the following conclusions can
be drawn. For "soft" soil sites, a definite reduction
in the in structure response can be anticipated and
imertank effects are very small. The effect of
viscosity on the FSI is not yet completely
understood but it appears that some bounds could
be placed on its behavior as the study progresses.
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FIGURE 1 A Cross - Sectional view of the Tank
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Figure 2 Tank Farm Layout
F-Area

\n

Figure 3 Tank Farm Layout
H-Area
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Control Motion Free Field

SASSI
Output

Figure 4A Case! SSI Analysis with Single Tank

Control Motion 15 ft.

Free Field

SASSI
Output

Figure 4B Case 2 SSI Analysis with Two Tanks
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FIG 5A COMPARISION OF INSTRUCTURE SPECTRA AT

-40 FT. FOR SINGLE & TWO TANKS
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NONLINEAR ANALYSIS TECHNIQUES FOR
USB IN THE ASSESSMENT OF HIGH-LEVEL WASTE TANK STRUCTURES

Carleton J. Moore*
Albert D. Dyrnessb

Larry J. Julyk'
George L. Fox*

ABSTRACT

Reinforced concrete in combination with a
steel liner has had a wide application to
structures containing hazardous material. The
buried double-shell waste storage tanks at the
U.S. Department of Energy's Hanford Site use this
construction method. The generation and potential
ignition of combustible gases within the primary
tank is postulated to develop beyond-design-basis
internal pressure and possible impact loading.
The scope of this paper includes the illustration
of analysis techniques for the assessment of these
beyond-design-basis loadings. The analysis
techniques include the coupling of the gas
dynamics with the structural response, the
treatment of reinforced concrete in regimes of
inelastic behavior, and the treatment of geometric
nonlinearities. The techniques and software tools
presented provide a powerful nonlinear analysis
capability for storage tanks.

INTRODUCTION

Reinforced concrete in
combination with a steel liner
has had wide application to
structures containing hazardous
material. Radioactive chemical
wastes are stored on an interim
basis in buried double-shell
tanks of similar construction at
the U.S. Department of Energy's
Hanford Site. The generation of

flammable levels of hydrogen gas
has been observed in one of the
1,000,000-gal (3,785,000-L)
double-shell tanks. An analysis
of this tank for a postulated
ignition source to investigate the
resulting beyond-design-basis
pressure loading and possible
missile generated impacts was
conducted. The use of nonlinear
analysis methods were required to
adequately assess the structural

•Westinghouse Hanford Company, P.O. Box 1970,
Richland, Washington 99352.

bADVENT Engineering Services, Inc., 3 Crow Canyon Court,
Suite 100, San Ramon, California 94583-1624.
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integrity of the tank subjected
to extreme loading. The
general-purpose finite element
program ABAQUS [1] was the
chosen analysis tool owing to
its versatility in modeling
nonlinear problems.

Nonlinearities need to be
addressed because of the
geometric construction of the
tank and the inelastic material
response to the extreme dynamic
pressure loading due to a
postulated ignition of flammable
gases. The tank geometry of the
1,000,000-gal (3,785,000-L)
double-shell tank is shown in
Figure 1. The tank stands about
50 ft (15.2 m) tall with an
outer diameter of 88 ft (26.8 m)
and a soil overburden of about
6.5 ft (1.98 m) at the dome
apex. The reinforced concrete
dome is integrally connected to
the 3/8-in. (9.5-mm) steel plate
(ASTM A516 Grade 65), which form
the elliptical head of the
primary tank. The primary tank
continues down with varying
thicknesses as a free-standing
vertical wall and closes to form
the bottom floor of the primary
tank. The secondary tank starts
at the tangent point of the
primary tank with the steel-
lined reinforced concrete haunch
and extends down along the
concrete wall. The secondary
steel liner is attached to the
concrete wall by a 2-ft (0.6-ro)
square pattern of welded anchor
studs and separates from the
concrete wall at the floor level
where it rests but is not
integrally connected to the
reinforced concrete floor
basemat. The concrete wall and
basemat are not structurally
connected thereby allowing for
lift-off separation during rapid
pressurization. To allow for
lift-off in the finite element

model, the introduction of
interface elements as shown in
Figure 2 was required. Nonlinear
stiffness effects were accounted
for by the use of large
displacement theory, and the
potential for sliding friction
associated with the side
soil/structure interaction was
also modeled.

6 tt-6 In. to
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1 PrimMy Tank TanotM Unt
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Top of Liquid
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— RKOn-Oln. <
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Fluid steel Tank
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VlKOUSZOIWWlttl
Suspended Sollda

31ft-
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Figure 1. Tank Geometry

LaMialSolt
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ywWi Vtfttc
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Spring FoundMton

Figure 2. Modeling of the
Foundation and Bottom Corner
Region
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Both the steel liner and
rebar plasticity were modeled
with an isotropic hardening
constitutive model internal to
ABAQUS. The rebar is modeled at
specific geometric locations
within the structure. A
smeared-crack reinforced
concrete constitutive model
determines an element stiffness
matrix that accounts for the
reinforcement on an integration
point basis. The concrete
constitutive model addresses
pre- and post-crack tension,
compressive strain hardening and
crushing. The commercially
available sroeared-crack model,
UMAT90 [2], was implemented
through a user-defined material
subroutine capability available
within ABAQUS. Through the use
of other user-defined
subroutines allowed by the
ABAQUS code, DLOAD and UEL were
specifically developed for this
effort to allow the hydrogen
burn model pressure loads to be
directly coupled to the
structural response.

GEOMETRIC AND BOUNDARY
NONLINEARITIES

Many of the classical and finite
element structural analysis
methods implicitly assume that
both displacements and strains
developed in the structure are
small. This assumption means
that the geometry of the
elements remains basically
unchanged during the loading
process and that first order,
infinitesimal, linear strain
approximations can be used. In
extreme load applications, such
linear assumptions frequently
fail even though actual strains
may be small [3]. If an
accurate determination of the
response of a tank subjected to
beyond-design-basis pressure

loading is to be made, geometric
and material nonlinearities must
be considered. The waste tank
primary steel liner model must
incorporate the stiffness
associated with the membrane
stresses to properly predict the
liner response. This change in
structural stiffness as a result
of the loading condition is
accounted for through large
displacement analysis.

Geometric nonlinear dynamic
transient analysis also provides a
check on potential structural
instability phenomena such as
classical bifurcation buckling and
snap-through buckling. A critical
point may be reached where load-
carrying capacity decreases with
continuing deformation. Large
deflection theory addresses the
problem of potential structural
instability.

However, because the model is
axisymmetric, only axisymmetric
buckling phenomena are addressed.
The tank in this study is of a
unique construction consisting of
a primary and secondary steel
liner with an exterior steel
reinforced concrete wall resting
on a reinforced concrete basemat
(Figures 1 and 2). The outer
concrete wall is not connected to
the foundation with steel
reinforcement. The deflected
shape plot of the tank under
extreme static pressure is shown
in Figure 3. Note that the steel
liner bottom tries to assume a
hemispherical shape with very
little associated liner strain.
Large deflection theory is
necessary for the proper
prediction of this phenomena.
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Conciett Dtfotmtd Ship* (Tnn Seal*)

Figure 3. Displaced Shape for
Static Internal Gage Pressure of
60 lbf/in2 without side Soil
Friction.

Another important
consideration is the effect of
side soil friction, shown in
Figure 4 as a function of static
internal pressure. Results are
depicted with and without
friction. Note the dramatic
increase in lift-off without
friction. Also note that the
strain in the dome region is
greater with side soil friction.
In the case without friction,
the strain energy is absorbed
over a greater volume of
material than is the case with
friction.

3.0 NONLINEAR MATERIAL BEHAVIOR

The response of tank
structures subjected to extreme
loads can force the structural
material behavior well into the
inelastic regime. The internal
pressure loading causes the tank
to respond as a tension
structure, where the steel liner

and concrete reinforcement share
the hoop and meridional stresses.
There was a clear need to apply a
reinforced concrete constitutive
model that could remain stable in
this regime of significant tensile
strain. ABAQUS has an internal
reinforced concrete constitutive
model developed for relatively
monotonic loading, that requires
user input of key parameters. The
commercially available UMAT90 [2]
subroutine sets all other
parameters internally to
characterize the concrete
behavior.
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The shape of the concrete
tensile stress-strain diagram is
well known, but there is a wide
disparity in the literature on the
control points. Use of the
compressive tangent modulus until
the fracture stress (f ) is
reached, as shown in Figure 5, is
accepted practice. The fracture
stress normally ranges from 5 to
10 percent of the compressive
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strength (fe). Beyond the
fracture strain (e,), the
corresponding stress
monotonically reduces to zero
over a finite strain (ef). This
is known as tension stiffening,
which physically represents the
transfer of load from the
concrete to the rebar over a
finite strain. Tension
stiffening is characterized by a
dimensionless quotient ct equal
to ef/et that ranges in the
literature [4,5] from 2 to 20.
A value of 2 corresponds to
plain concrete and a value of 20
to heavily reinforced concrete.
A similar effect for
transferring shear loads is
known as shear retention. Shear
retention is characterized by
the shear retention factor (SRF)
defined as the ratio of the
strain at which the shear
modulus is reduced to zero at
the fracture strain.

Tensile Strain

Figure 5. Concrete Tension
Stress-Strain Behavior.

The implementation of this
nonlinear tensile behavior for
reinforced concrete can lead to
numerical instabilities [6,7,8].
The instabilities are manifest
in a number of ways. Alternate
(unstable) equilibrium states
can be introduced as a result of
tension stiffening [8].
Parallel cracks that occur

within an element with little or
no shear retention can lead to
small pivots, thereby causing
numerical instabilities [7].
Residual forces caused by crack
initiation can be on the same
order as the applied loads, making
it difficult for the solution
procedure to attain equilibrium
convergence. A balance between
stability and accuracy of the
reinforced concrete material
characterization is required. A
number of parametric static
pressurization cases were
performed to investigate the
effects of the key parameters of
the constitutive model on the
structural response. Eight cases
were evaluated: five using the
ABAQUS constitutive model, two
using UMAT90, and one that
excluded the concrete completely.

Table 1 contains the
parameters that were varied. The
strain at a global discontinuity
was plotted for each case as a
function of static gage pressure
in Figure 6. The steel-only case
provided a well-behaved solution
with a tensile strain exceeding 6
percent at an internal gauge
pressure of 60 lbf/in2. From
these results it is clear that tha
reinforced concrete significantly
increases the stiffness of the
structure until significant
cracking has been achieved.
Beyond a gauge pressure of about
40 lbf/inf, the stiffness for
cases with concrete explicitly
modeled is close to the stiffness
observed. The UMAT90 and the
ABAQUS models gave similar
results, providing independent
verification of the reinforced
concrete constitutive models. The
variation in tension stiffening
and shear retention for the range
investigated did not significantly
affect the solution accuracy.
However, numerical stability was
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affected by low values of
tension stiffening and shear
retention. To avoid numerical
instabilities caused by the
rapid change in stiffness
associated with concrete
cracking, the second linear
relation of the Cope [5] bi-
linear curve was extended to
represent the entire post-
fracture stress-strain diagram
as illustrated in Figure 7.
Because UMAT90 was more suited
for cyclic behavior and used
material damping on an
integration point basis, it was
chosen for the dynamic analyses.

Case
NO.

1

2

3

4

5

6

7

8

Aerony

in

abqst

imt

umtnt

abq

abqlts

abqnsr

abqlsr

abqnsr

NA

0.1000

0.0100

0.0722

0.0500

0.0722

0.0722

0.0722

a

NA

2

2

10

10

10

10

10

SRF

NA

«0.0*

40.0*

•

•

0.0

1.1

11.0

Primary liner Mtridonal Mtmbran*
Strain at lh« Domt 3/8-ln. to 1/2-ln.
Thickness Transition

• (Using Nominal Stress-Strain
Curves for Sttel Uners and
Rebar)

ABQST
(Steel

Liner Only
No Soil

Loading)

10 20 30 40 SO

Static Gage Pressure (Ibf/ln1)

Figure 6. Concrete Material
Model Comparison of Eight Cases

Bilinear

'Case (5]

f = Ratio of the uniaxial tensile,to the uniaxiat
coqpressive strength (f./f ).

a = Ratio of the fracture strain to the tensile
strain at zero stress (et/e,).

SRF = Shear retention factor, ratio of the strain
at which the shear modulus is reduced to
zero to the fracture strain.

•SRF is calculated at the strain that reduces the shear
notfulus to 1 percent of the uncracked value.

Table 1. Concrete Parameters
Used in Comparative
Study

Cases [4,6,7,8]

2 4 6 8 10 12 14 16

Tensile Strain/Fraclura Strain

Figure 7. Tensile Behavior

DYNAMIC PRESSURE AMD IMPACT
LOADING WITH STRUCTURAL

INTERACTION

The surface of the tank waste
is covered with a crust that has
been known to slowly rise over a
period of 6 to 16 weeks, vent gas,
and drop back approximately to its
original level. The postulated
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hydrogen burn loads the
structure via an internal
pressure. The internal pressure
is calculated based on a
thermodynamic quasi-equilibrium
state. The ideal gas law is
applied at each time step.
Therefore, a scheme was
developed to calculate the
volume change interactively as a
function of time and use this
instantaneous volume to
determine the equilibrium
pressure. This interaction is
done for the gas within the
primary tank liner, as well as
for the air within the secondary
tank liner annulus cavity.

The thermodynamic
equilibrium calculations are
performed in a user-defined
distributed load subroutine
(DLOAD) that applies the
pressure to all of the elements.
The volume is calculated in a
user-defined UEL element
subroutine [1], The user-
defined element is a dummy
element. It is defined with all
of the nodes in the primary
liner and the secondary tank
liner nodes bounding the annulus
cavity. The UEL subroutine can
communicate the nodal
displacements calculated from
ABAQUS as required to calculate
the volume changes. A Fortran
common block in both the UEL and
DLOAD subroutines allows
communication of the time-
dependent volumes.

The pressure calculations
performed in the user DLOAD
subroutine are performed one
time step behind the structural
solution to avoid additional
solution iterations. The time
steps in the dynamic analyses
are quite small, on the order of
0.0001 s. Therefore, the error

is well within the accuracy of the
analysis goals.

HYDROGEN DONE BURN
CHARACTERIZATION

The gas dynamics of the dome
burn case were modeled as follows.
A hydrogen and N20 gas mixture was
assumed to exist in the waste.
The hydrogen gas mix is assumed to
vent into the dome area and mix
with an oxygen and nitrogen
mixture. Ignition is assumed with
an axisymmetric flame propagation.
The pressures behind and in front
of the flame front are assumed to
be the same. The burn gases are
assumed to form a bubble of gas at
a uniform pressure and
temperature. This simplified
thermodynamic gas burn model does
not consider wave or shock
propagation.

EnTqrv
The hydrogen gas release has

the potential of burning with N2O
below the crust or with both N2O
and oxygen in the tank dome,
although a burn below the crust is
considered highly unlikely. The
energy release for both reactions
is as follows.

The burning of hydrogen with
N2O is represented by the
following stoichiometric equation:

H2 + N2O~ H20 * N2. (1)

For hydrogen-oxygen mixtures,
combustion is represented by

(2)

The heat of combustion is computed
by adding heats of formation.

Thermodynamic Burn Model
This model uses thermodynamic

relationships to calculate
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pressure and temperatures from
the heat of combustion for
hydrogen and N20 mixtures. The
following thermodynamic burn
model was employed for the burn
above the crust, as well as
below the crust. The equations
follow directly from the first
law of thermodynamics for a
closed system as shown in
Equation 3.

dU = dQ - dw (3)

T = A. - V
V

(5)

where (•) signifies a derivative
with respect to time. The gas law
may be used to obtain a
relationship for pressure rate
change, that is

P = P T
T

(6)

where

U =
Q =

W =

System internal energy
Summation of heat terms

= heat of combustion
Summation of work terms

The specific heats must be
calculated as a function of
temperature. Correlations have
been used for temperature-
dependence over the temperature
range 32 °F to 6,400 °F [9].

The system work energy is
rewritten as

dU = PdV = PV— =m(h-u)— (4)

where

h = Specific enthalpy
(per mole)

u = Specific internal
energy (per mole)

V = System volume
P = Pressure.

Combining Equation 4 with
Equation 3 and solving for the
rate of temperature change for
an ideal gas produces

Equation 5 and the system
work done by the change in volume
complete the thermodynamic
equations necessary to define the
system. However, the two rate
terms of Equation 5 must be
obtained from system responses.
For example, the volume expansion
term is dependent on crust and
wall motion. The heat term is
based on a burning model that uses
a constant velocity flame front
moving from the center of the tank
to the vessel wall. The heat
input rate is then proportional to
the velocity and flame front
circumference. Hence, the burn
time is an input parameter.

The nonlinear dynamic
response of the structure is
captured in Figures 8 and 9 where
the phasing between the loading
(pressure) and response (volume
change) are illustrated. In fact,
when pressure loading is plott&d
against change in volume, the time
parameter drops out as shown in
Figure 10. The area under the
pressure-versus-volume plot is a
measure of the strain energy and
kinetic energy absorbed by the
structure and provides a means to
develop equivalent static
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pressures for dynamic loading.
It also reduces a multi-degree
of freedom model to an intuitive
single degree of freedom.

Primary Containment

Secondary Containment

2.5

Figure 8. Best-Estimate Volume
Change History for the l-s,
4,200 ft3 Burn Above Crust with
Side Wall Friction.

Primary
Containment

Secondary
Containment

1.0 1.5 2.0
Tim* (s)

2.5 3.0

Figure 9. Best-Estimate
Pressure Loading History for the
l-s, 4,200 ft3 Burn Above Crust
with Side Wall Friction

Axisymmetric UEL Volume
calculation

The axisynunetric volumes of
the primary tank liner,
secondary tank liner, and the
volume under the moving crust
were calculated by a user-
defined element subroutine.
ABAQUS has the capability to
input an element subroutine
called UEL. The user-defined
UEL subroutine was programmed in

Fortran to calculate the
axisymmetric volume of the
element, but the subroutine does
not add any structural stiffness
to the system.

10

10 in., H2 60%
Dome Bum Gas Mod*)
Sid* Wall Closed

0 2,000 4,000 6,000 8,000
Primary Liner Volum* Chang* (ft9)

Figure 10. Pressure - Volume
Diagram for Dynamic l-s, 10 ms and
Static Cases, without Side Soil
Friction.

The ABAQUS UEL subroutine has
array variables that include the
original geometry of the element
nodes and the current estimated
nodal displacements, velocities,
and accelerations. The original
geometry and the displacements in
the radial and vertical directions
are used to calculate the
axisymmetric volume enclosed by
the element nodes. The
axisymmetric volume between two
nodes is assumed to be a slice of
a cone, and the slices are added
proceeding from bottom to top
(Figure 11). The relation for the
volume of a slice of cone is as
follows [10].
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Figure 11. Volume of a Cone
Slice.

V =l * {r'fr) + (r'/r)2](7)

The volume history
calculations provide insight to
the structural behavior.
Figure 8 shows the volume
history of both the primary and
secondary containment for a l-s,
4,200 ft3 (119 m3) burn above the
crust.

IMPACT LOAD CHARACTERIZATION
The investigation of the

transient response of the tank
to a postulated ignition
included an ignition of a 50
percent hydrogen and 50 percent
N2O gas mix under the crust that
represents the most energetic
ignition. A burn under the
crust would accelerate the crust
upward until it impacts the
dome.

ABAOUS Crust Impacting Model
The structural

characteristics of the crust
were originally modeled with
axisymmetric solid elements.
The solid elements forming the
crust are not connected and are
assumed to be frictionless
nested rings. The finite
element mesh of the crust
matches the distribution of
nodes in the dome of the tank
primary liner. The crust nodes

were constrained to allow only
vertical translation. The crust
elements are loaded on the top and
bottom faces by gas pressures
developed in a special user-
defined DLOAD subroutine. Gap
elements are defined between the
crust and the dome to model
impacting. No gas leakage is
assumed between volumes, i.e.,
above and below the crust. In
addition the trapped air above the
crust is compressed because no
venting of gas out of the tank is
assumed.

The ABAQUS simulation of the
impacting event with the crust
explicitly modeled is numerically
intensive. ABAQUS required very
small time steps to achieve
convergence. The crust was
modeled as an elastic/perfectly
plastic material. The elastic
modulus was set at the value used
for concrete, and the yield stress
was set at 100 lbf/in2 to simulate
the crust.

The model has three gas
volumes that respond to the
structural deflections and load
the surrounding elements. The
first gas volume is the burning
gas assumed to be under the crust;
the second is trapped air between
the secondary and primary liners.
The third gas volume is the air
trapped in the dome above the
rising crust. The first gas
volume employs the simplified
thermodynamic gas model as
previously discussed. The latter
two obey the adiabatic gas
relations for air. Volume
calculations made under the crust
incorporate the rising of the
crust as it responds to pressure.
These calculations have logic to
sense the height of the crust.
Figure 12 shows the volume history
of the primary and secondary tank
liners. Note that spikes
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associated with crust impact
loads are evident. Figure 13
shows the time progression of
the crust elements impacting the
dome at 1.5 s for a l-s,
4,200 ft3 (119 m3) below-crust
burn.

1,200

1,000

600

L 600

10in.,Hj> 50%
Bum Under the Crust

ABAOUS Impact
Sidt Wall Closed

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4
Tim* (s) »,mtM

Figure 12. Comparative Volume
Change History for l-s,
4,200 ft3 Burn Below Crust
without Side Soil Friction.

Simplified ABAODS Crust
Impacting Model

It is considered more
probable that the crust would
break up on initial impact with
the dome at the outer edge of
the crust. This crust breakup
would allow the pressure to
equalize and the gas below and
above the crust to mix. Hence,
the subsequent burn would behave
more like a burn in the dome
with the associated
pressurization but with impacts
from the crust.

Tank Detormed Shape (True Scale)

Figure 13. Cascading Impacts on
Tank Dome at 0.3, 0.6 and 0.8s
for l-s, 4,200 ft3 Burn Below
Crust with Impacting Crust.

The simplified ABAQUS crust-
impacting model employed the burn
in the dome gas model with impacts
defined by pressure sine pulses.
Sine pressure impulses were
defined in a special-purpose user-
defined DLOAD subroutine. The
initial contact time and initial
velocity of the crust when the
crust first contacts the other
edge of the dome was obtained from
previous results from both the
ABAQUS model and with a simplified
thermomechanical model developed
on a personal computer.

Momentum was assumed to be
transferred with no elastic
rebound. The shape of the
pressure pulse was assumed to be
sinusoidal with a duration of one-
half the period.

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

526



Hence,

(8)

where

F = Peak load
Impulse duration

The resulting pressure sine
impulse is given by

Pit) =
2 At 4 s <9>

where

A = Area of shell
element
impacted

P(t) = Pressure as a
function of
time.

The above assumes that the crust
material experiences a plastic
impact and the resulting load
acts perpendicular to the dome
element area being impacted.

CONCLUSIONS

Demonstrations of nonlinear
techniques have been illustrated
that are useful in assessing the
integrity of tank structures.
The effect of large displacement
theory in problems involving
lift-off, stress-stiffening, or
structural instability should
not be neglected. The capacity
of the tank was substantially
increased by the application of
large displacement theory. The

effect of side soil friction
significantly altered the
structural response. The
inclusion of side soil friction
for buried tanks will not always
be conservative. The tank will
experience greater uplift for the
frictionless model, but the hoop
stresses will be significantly
increased for the model with
friction. It was also
demonstrated that the structural
response of reinforced concrete is
highly nonlinear and can be
modeled with a high degree of
precision by invoking commercially
available subroutines linkable to
ABAQUS. An alternate calculation
of the concrete treatment can be
easily accomplished by using the
ABAQUS internal constitutive model
in a parallel analysis. Other
user-defined subroutines
accessible in ABAQUS allow the
direct coupling of dynamic impact
and pressure loading with the
structural response. This feature
is especially important when the
driving force is pressure
developed from a chemical reaction
and advantage can be taken from
significant changes in the control
volume. Utilizing the change in
volume allows very complex
nonlinear dynamic problems to be
simplified to a single variable
that can be readily understood.
The combination of the nonlinear
techniques employed in the
analysis of the buried double-
shell waste tank provide
formidable tools for assessing the
integrity of structures subject to
extreme loads.
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ABSTRACT

Seismic analyses and structural evaluations were performed for a cooling
water reservoir of a nuclear reactor facility. Soil structure interaction and
hydrodynamic effects were addressed in the seismic analyses.

Seismic dynamic analyses of full three-dimensional models of the facility
was cost-prohibitive because the reservoir was a very large structure. A
combination of two-dimensional dynamic models and three-dimensional
static models, representing different areas of the reservoir structures were
developed and analyzed to obtain seismic forces and moments, and
accelerations at various locations.

The results indicated that both hydrodynamic and soil-structure interaction
effects are significant contributors to the seismic responses of the water-
retaining walls of the facility.

INTRODUCTION in combination with three-dimensional static
models of selected portions of the facility.

This paper describes the analysis approach
developed for seismic modification of a large DESCRIPTION OF THE FACILITY
cooling water reservoir (CWR) facility which
services a nuclear reactor complex. The analyses The CWR facility consists of a reservoir basin,
required consideration of fluid-structure Pump Well, Pump House and Process Effluent
interaction (FSI) and soil-structure interaction Sump. Water from the reservoir basin is
(SSI) effects. Use of a detailed three-dimensional distributed to the reactor building for cooling
model of the entire facility was not possible due purposes through pumps located in the Pump
to its large dimensions and the cost limitations of House. The effluent cooling water from the
the computer codes in simulating the FSI and SSI reactor building is collected in the Sump,
phenomena. Hence, modeling and analysis
techniques were utilized to obtain entire CWR The reservoir basin is an embedded reinforced
responses from two-dimensional dynamic models concrete structure, 248 ft by 798 ft in plan

(Figure 1). It is 19.25 ft deep and consists of
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tapered perimeter retaining walls, 2 ft at the
bottom to 1 ft at the top, and similar interior
walls, as shown in Figure 2. The floor slab
thickness varies from 12 in. to 27 in.
Construction joints partition the slab into
approximate squares, as shown in Figure 1.

The Pump Well is a 274 ft by 29 ft tunnel like
reinforced concrete structure located at the
western central portion of the CWR. Openings
and gates in the Pump Well walls regulate flow
of water from the CWR basin into the Well. The
Pump Well varies in height from approximately
19 ft to 25 ft and is full of water during normal
operations.

The Pump House is located at the west side of
the Pump Well and consists of the Pump and
Switch Gear Rooms. The Pump Room is a
partially-embedded reinforced concrete structure,
44 ft wide by 212.5 ft long, and, covered by a
light steel truss roof. The Switch Gear Room is
18.5 ft wide and 136 ft long, and is enclosed by
reinforced concrete walls and a roof slab.

The Process Effluent Sump (PES) is an
embedded box-type reinforced concrete structure,
30 ft x 34 ft in plan, and 29 ft deep, as shown in
Figure 3. The exterior walls and base slab of the
sump are 18 inches thick. A 10.5 in. thick
concrete slab, monolithic to the walls, covers
about half of the roof area. Removable precast
concrete slabs and steel grating cover the rest.
The top of the roof is about six inches above the
finished ground level. Depth of water in the
sump varies between 13 ft to 16 ft above the
basemat.

SEISMIC INPUT

The Design Basis Earthquake (DBE) spectrum
for this study has been defined by USNRC
Regulatory Guide 1.60 horizontal spectrum shape
anchored at a Zero Period Acceleration (ZPA) of
0.20g. The vertical spectrum is defined as 2/3 of
the horizontal spectrum throughout the frequency

range of interest. A set of 3-component time
histories, compatible with the 7% damped DBE
spectra, was developed per USNRC criteria [1]
for seismic analysis.

SOIL PROPERTIES

The geology of the CWR site consists of a
sandy soil deposit about 1,050 ft thick over
basement rock. The shear wave velocity,
measured from various downhole measurements
at the site, varies between 1000 to 1500 fps for
the top 120 ft of soil. This data was utilized to
obtain the best estimate, upper and lower bound
shear wave velocity profiles for analyses. The
upper and lower bound shear wave velocities
were so chosen that their corresponding low-
strain shear modulus values were 2.0 and 0.5
times the best-estimate low-strain shear modulus.

SEISMIC RESPONSE BEHAVIOR OF CWR

The two phenomena, which are expected to
contribute significantly to the seismic response of
the embedded water-retaining CWR, are SSI and
FSI effects. These are discussed in more detail
below.

SSI Effects

SSI effects generally consist of: reductions in
ground motion with depth (deconvolution effects);
interaction between the perimeter walls of the
structures and the surrounding soils; and
interaction between the basemat and the soil
below, including flexibility effects and radiation
damping.

Deconvolution effects. Free-field seismic
motion at depth reduces when compared to the
motion at the ground surface due to seismic wave
passage effects. However, these effects are
generally significant for deep embedments (40 ft
to 60 ft), and are not anticipated to be significant
for shallow embedment (about 13 ft) of CWR
basin. The PES structure has deeper embedment
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(about 29 ft) and is expected to show more
deconvolution effects.

Effects of interaction between the perimeter
walls and the surrounding soil. These effects are
primarily dependent on the relative stiffness of
the perimeter walls and the surrounding soils.
They are significant for the CWR and PES
structural responses because these walls are not
very stiff compared to the soil.

Effects of interaction between the basemat and
the soil below. These are primarily a function of
the flexibility of the underlaying soil and
radiation damping, both of which are frequency
dependent parameters. Radiation damping
reduces the seismic responses.

FS1 Effects

The water in CWR basin and PES will impose
hydrostatic forces on the walls. It will also
impose added hydrodynamic forces on these walls
during seismic shaking. These forces, which
may be significant, can be described as water
inertia! forces (impulsive loads), and water
sloshing (convective loads). The impulsive loads
are the more significant of the two, because they
have the same frequency as the walls containing
the water in each pool. The sloshing modes are
generally of much longer period than those, of
reinforced concrete structures such as the CWR
structures.

ANALYSIS APPROACH

Computer code SuperFLUSH was used to
model and analyze the CWR and PES structures,
considering the above SSI and FS1 phenomena.

SuperFLUSH [2] is a finite element computer
program for rigorous SSI analyses of structures.
It solves the equations of motion in the frequency
domain. The nonlinear behavior of soil is
considered by an equivalent linear approach
utilizing an iterative method. The program

considers two-dimensional models of the soil-
structure system. Soil damping effects from the
third dimension can be approximately accounted
for in the SSI solution. It has quadrilateral fluid
elements to simulate the impulsive part of the
hydrodynamic effects on structures.

Since the CWR basin is a very large structure,
a full three-dimensional dynamic model for SSI
and FSI analyses would be cost prohibitive. So
a combination of two dimensional dynamic
models together with three-dimensional static
models were used to obtain the seismic responses
of the CWR structures. This approach is
described below for the PES structure.

PES Analysis Models

A full three-dimensional static model was
developed for the PES. The walls and the slabs
were modeled with 4-node plate elements. The
roof beams and interior pilasters were modeled by
beam elements. Openings in the walls and the
roof were explicitly modeled. The flexibility of
soil below the foundation was modeled by
attaching vertical and horizontal soil springs at
the nodes of the basemat. Figure 4 presents the
model schematically.

Two dynamic models of the PES were
developed. These are models 5 and 7 which are
along Sections 5-5 and 7-7 of Figure 3. Model 5,
shown schematically in Figure 5, is a two-
dimensional (1 ft wide) model which represents
a north-south section through the PES. The north
and south exterior walls, the roof and basemat
were represented by beam elements. The water
in the PES was modeled by fluid elements. The
soil, to a depth of 151 ft below ground surface,
was modeled by soil finite elements. The soil
beyond the vertical boundaries were modeled
with energy transmitting boundary elements while
soil below the bottom boundary were modeled
with compliant boundary elements.
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The three-dimensional static model of the PES
was first used to obtain the forces and moments
in PES walls due to gravity load, at-rest soil
pressure and hydrostatic pressure. The walls
were then subjected to uniform pressure load and
displacements in the walls were obtained from a
static analysis. Then, the stiffness of the walls of
the 2-D dynamic model was modified to match
the corresponding displacements of the 3-D
model under the same loading. Figure 6 presents
the displacement matching in the walls. SSI
calculations were performed with the modified 2-
D models and the maximum seismic
displacements, forces and moments in the walls
were obtained. The forces and moments were,
however, for a 1 ft wide vertical strip of the wall.
To obtain the forces and moments at the four
sides of the wall due to two-way action, the
following approach was utilized.

The maximum displacements and rotations for
a wall, obtained from the SSI analysis, have been
applied to corresponding nodes of the 3-D static
model. The displacements at other nodes of the
wall are specified using the displacement patterns
shown in Figure 7. Each of the displacement
curves represent the displacements at different
nodes at the same elevation of the wall due to
uniform pressure load. The thick vertical line
corresponds to the location of the SSI 2-D model.
Displacements were similarly prescribed for the
other walls and a static analysis was performed to
obtain 2-way wall forces and moments.

A study was made to determine whether the
above approach produced consistent forces and
moments in the walls for evaluation purposes.
This study compared the forces and moments
obtained from imposing seismic displacements on
the 3-D model to those obtained by imposing
seismic water and soil pressure loads. The forces
from the two analyses compare well, validating
the approach.

CWR Basin Analysis Models

Two 2-D dynamic SSI and a 3-D static model
of the Pump Well portion of the CWR basin were
developed to obtain the demand forces for
structural evaluation. The two dynamic models
represent Section 1Y and 3 in Figure 1.

Model 1Y, shown schematically in Figure 8,
represents a 1-ft. wide E/W section through the
west and east exterior walls and the inlet/drain
chamber. The reinforced concrete, basemat and
the walls were modeled with beam elements.
The water in the basin and the surrounding soil
were similarly modeled as for model 5.

Model 1Y is used to obtain responses of the
exterior water-retaining walls of the basin and
Model 3 is used to obtain responses in the Pump
Well and Pump House area. Model 1Y is
described below. Detailed description of Model
3 is given in Reference [3J.

The exterior walls are long walls
(approximately 270 ft long by 19 ft high) and act
as vertical cantilevers off the basemat in resisting
lateral seismic loads. Since these walls behave as
one way slabs, the model will capture its seismic
responses directly and it is not necessary to use a
3-D static model to obtain the responses.

SSI ANALYSES

The SuperFLUSH models were analyzed for
the seismic input acceleration time histories
specified at the free-field ground surface. Since
each model was two-dimensional, only the
vertical and the corresponding horizontal
acceleration time histories were applied.
Analyses were performed for the best estimate,
upper bound and lower bound soil cases.
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SEISMIC RESPONSES

Free-Field Responses

Free-field analyses were made before the SSI
analyses. The site soil deposit without die
structures (free-field) was represented by a series
of infinite horizontal layers and responses at
various soil depths were calculated using the
specified ground surface input time histories.

Figure 9(a) presents the variation of peak
ground acceleration in the top 60 ft of the soil.
It shows that the acceleration profile for the three
soil cases are almost the same for the top 30 ft of
soil. Figure 9(o) presents the soil shear strains
with depth. The lower bound soil profile
produces the maximum shear strains in the free-
field.

Effect of Soil Propenv Variations on the Demand
Forces

Soil property variations were considered by
varying the low-strain best estimate shear
modulus values by 2.0 and 0.5. respectively, to
obtain the upper bound and lower bound cases.
As per current state-of-the-art, no other soil
parameter was varied. The median sand curves
[4] for shear modulus degradation and damping
increment with increased shear strain were used.

The seismic demand forces in the PES were
influenced by the soil profiles considered. Figure
10 presents the seismic bending moments, relative
horizontal displacements and nodal accelerations
for the PES exterior wall for the three soil cases.
The maximum bending moments at the bottom of
the wall is controlled by the lower bound soil
case. Similarly, the lower bound soil case
provides the maximum relative horizontal
displacements. However, maximum wall
accelerations are governed by the upper bound
soil case.

The lower bound case governs the moments
because the response at the base of the wall is
determined by the relative displacement of the
wall. As th" water inside the PES presses against
the exterior wdl, the side soil provides restraint
to the displacement of the wall. The lower bound
soil, being the softest, provides the least
resistance and most displacement, producing the
largest moment.

Hvdrodvnamic Pressure on CWR Walls

The fluid elements provide water pressure on
the walls due to water inertial forces during the
seismic event. The maximum water pressure on
exterior water-retaining wall of the CWR basin is
plotted in Figure 11 for the lower bound soil
case. The pressure values are plotted at the
center of each fluid element and linear
interpolation is used in-between. The closed-
form solution of water pressure on a rigid wall of
an infinite reservoir, as expressed by Westergaard
[5] is also plotted in Figure 11. The match is
good, which is expected, as the exterior wall,
being supported by soil against water pressure, is
fairly rigid and CWR basin, being 250 ft. wide,
approximates a large reservoir.

Sloshing Forces

The sloshing frequencies calculated for the
CWR basin. Pump Well and PES are 0.066 Hz.,
0.29 Hz., and 0.33 Hz., respectively. These
frequencies, as anticipated, are significantly lower
than the fundamental modes of the structures.
The basin exterior walls move together with the
surrounding soil and show motion amplifications
above 5 Hz. The Pump Well lateral frequency is
about 5 Hz. The PES wall frequencies are about
3 Hz. Since sloshing frequencies are order of
magnitude lower than these structure frequencies,
it is possible to add sloshing forces as equivalent
static forces to the seismic dynamic forces
obtained from SSI analyses.
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The sloshing forces do not add significantly to
the total demand of the CWR structures. The
sloshing bending moment at the bottom of the
CWR basin exterior wall waj> calculated and
found to be 10% of the hydrostatic moment at
that location.

STRUCTURAL EVALUATIONS

The CWR and PES structures have been
evaluated per ACI 349-85 [6], minimum
requirements. The demand/capacity (D/C) ratios
for moments and shears at all critical sections are
found to be less than 1.0 satisfying the
acceptance criteria. The moment capacities are
calculated using the ultimate strength
relationships. For those 'vails and basemat which
from the water retaining boundaries, the D/C
ratios were also reviewed against yield moments
corresponding to the first yield of steel
reinforcement. This approach was considered to
limit the cracking in these elements during the
DBE event and thus reduce die likelihood of
developing significant leaks.

CONCLUSIONS

The principal conclusions of this study are as
follows:

1. A combination of 2-D dynamic SSI/FSI
models together with 3-D static models may be
utilized to obtain seismic responses of water-
retaining embedded structures.

2. SSI and hydrodynamic effects are the principal
contributors to the seismic responses of the CWR
and PES. In particular, the out-of-plane response
of the water-retaining perimeter walls are
governed by the water dynamic pressure and the
resistance provided by the surrounding soil.

3. The water pressures on CWR exteior walls
compare well with those computed by
Westergaard's solution for a rigid wall retaining
water of an infinite reservoir. This is because the

exterior walls are supported by soil, thus making
them somewhat rigid against water pressure and
the basin dimensions are large compared to the
height of the wall.

4. The sloshing forces do not add significantly to
the total demand moments of the CWR water-
retaining exterior walls. The sloshing frequencies
of the CWR basin are order of magnitude lower
than the fundamental modes of the CWR walls.
This enables the sloshing forces to be added to
the total demand as equivalent static forces.
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FUEL STORAGE BASIN SEISMIC ANALYSIS
8. X. Kanjilal
B. V. wink«l

W«stinghous« Hanford Company
P.O. BOX 1970

Richland, Washington 99352

Abstract

The 105-KE and 1C5-KW Fuel Storage Basins were
constructed more than 35 years ago as repositories for
irradiated fuel from the K East and K West Reactors.
Currently, the basins contain irradiated fuel from the
N Reactor. To continue to use the basins as desired,
seismic adequacy in accordance with current U.S.
Department of Energy facility requirements roust be
demonstrated.

The 105-KE and 105-KW Basins are reinforced
concrete, belowground reservoirs with a 16-ft water
depth. The entire water retention boundary, which
currently includes a portion of the adjacent reactor
buildings, must be qualified for the Hanford Site
design basis earthquake. The reactor building
interface joints are sealed against leakage with rubber
water stops. Demonstration of the seismic adequacy of
these interface joints was initially identified as a
key issue in the seismic qualification effort. The
complexities of resolving the water stop joint issues
resulted in the decision to modify the basins and
physically isolate these joints from the water
retention boundary.

In addition to normal structural limits, the issue
of water leakage through seismicly induced cracks was
also investigated. This issue, coupled with the
relatively complex geometry of the basins, dictated a
need for three-dimensional modeling. A three-
dimensional soil/structure interaction model was
developed with the SASSI computer code [1]. The
development of three-dimensional models of the
interfacing structures using the ANFYS [2] code was
also found to be necessary.

introduction older facilities, some of which
have long-term missions.

The Hanford Site is located including the 105-KE and 105-KW
near Richland, Washington, and is Basins, which are the facilities
operated for the U.S. Department addressed in this paper,
of Energy (DOE) by Westinghouse
Hanford Company. Within the The 105-KE and 105-KW basins
Hanford Site complex are several are currently under evaluation
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for extended use as storage
basins for irradiated fuel from
the N Reactor. Extended use
requires that the basins meet
current DOE requirements, as
specified in DOE Order 6430.1A
[3] and UCRL-15910 [4], The
Hanford Site implementation of
these DOE facility requirements
is documented in SDC-4.1 [5].

Facility Description

The 105-KE and 105-KW
complexes are twin reactor
facilities that were constructed
and put into service more than 35
years ago. Both facilities have
nearly identical basins designed
for the underwater storage of
irradiated fuel. Initially,
these basins were used to store
irradiated fuel from the K
Reactors before removal for fuel
processing. Currently, the
basins contain irradiated fuel
front the N Reactor.

The storage basins are
underground reinforced concrete
structures filled with water to a
depth of 16 ft. The water
retention boundary interfaces
with the reactor buildings
through unreinforced joints
sealed with rubber waterstops.
Because of the complexity of
qualifying these interface
joints, it was decided to modify
the water retention boundary by
isolating these joints with
concrete fill. The modified
basins must meet the current
requirements for DOE high hazard
facilities.

The basically rectangular
basins are 125 ft long, 67 ft
wide, 21 ft deep, and are located
north of the reactor buildings.
The basin floors are 2 ft thick,
and the walls typically are
tapered with a top thickness of
18 inches and a bottom thickness

of 27 in. Each basin is enclosed
by a one-story steel"framed
building. The irradiated fuel is
stored in canisters on the bottom
of the basins in storage racks.
The water in the basins provide
radiation shielding and decay
heat removal. System filters and
ion exchange systems maintain
water clarity and remove
radionuclides. The primary
seismic-related safety issue for
the basins is loss of the basin
water resulting from earthquake
damage to the concrete water
retention boundary.

Seismic Criteria

The primary document
specifying the seismic criteria
details for the K Basins is UCRL-
15919 (Kennedy 1990). The
American Society of Civil
Engineers (ASCE) Standard 4-86
[6] and ASCE Manual No. 58 [7]
were also used as supplemental
criteria documents.

In addition to normal
operating conditions, the K
Basins, as "high hazard*'
facilities, must be qualified for
the design basis earthquake (DBE)
for non-reactor safety class 1
structures. The Hanford Site DBE
for high hazard facilities is
defined in a Hanford Site-
specific design document [5] that
was written to conform to UCRL-
15910 [4]. The Hanford Site DBE
for high hazard facilities is
defined in the form of a broad-
band design spectra with a zero-
point acceleration (ZPA) of 0.2
g, as shown in Figure 1. The
steel-frame superstructure over
the basins is classed as a low
hazard facility, but must be
shown adequate for the high
hazard DBE because of three-over-
one (3/1) concerns. That is, an
adequate safety margin against
collapse must be demonstrated for
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Figure 1. Hanford Site Design
Basis Earthquake Response
Spectra.

the superstructure for the 0.2 g
DBE event.

Analysis Approach

The initial focus of the
analysis was the evaluation of
the construction joints between
the reactor building and the
basins. The intent was to
perform a nonlineax' time history
of these joints with sufficient
adjacent structure to ensure an
accurate joint response. When
the joint qualification was
abandoned, the focus switched to
the modified water retention
boundary, which no longer
includes the construction joints
or reactor structures. The basin
superstructures are also of
concern because of (3/1) issues.
The reactor structures remain as
secondary contributors because of
the structural and soil coupling.

Because the fuel storage
basins are fully embedded in
soil, the soil/structure
interaction (SSI) concerns are of
primary importance. The critical
seismic concerns are the peak

dynamic moments in the walls,
which were found to be sensitive
to the interaction with the
adjacent soil. Three-dimensional
structural concerns also dictated
a need for a three-dimensional
SSI capability. Following an
evaluation of the available SSI
tools, the SASSI computer code
[1] appeared to be the best
option.

The SASSI computer code was
not available on the Hanford Site
Cray1 computer at the onset of
the basin evaluation. After a
review of the remote access
options, it was decided to obtain
a copy of the SASSI source code
from the University of
California, Berkeley. A set of
standard SASSI validation
problems was obtained from the
Savannah River DOE Site along
with the validation
documentation. A SASSI
validation on the Hanford Site
Cray was then performed.

The SASSI code was used as
the primary tool to establish the
seismic response of the concrete
basins. Detailed structural
models of the basins,
superstructure, and adjacent
reactor building were also
developed using the ANSYS code
[2] to evaluate structural
coupling concerns and to
demonstrate seismic adequacy of
the superstructure. Two-
dimensional FLUSH [8] models were
also developed to evaluate the
effect of the adjacent massive
reactor building on the basin
seismic response. One of the
FLUSH analyses was duplicated on
the SASSI code as a SASSI/user
verification.

1 Cray is a trademark of Cray
Research Inc., Minneapolis,
Minnesota
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The basin superstructure is
a relatively complex steel
structure that includes a
monorail support system and a
personnel floor grating over the
basin suspended from the roof
structure above the basin. A
detailed ANSYS model of the
superstructure was created.
Structural coupling with the
adjacent reactor building and
basin substructure was included
with the use of ANSYS super
elements. A fixed-base response
spectra analysis of the
superstructure was performed.
The foundation response spectrum
for the superstructure analysis
was developed with the FLUSH
computer code. The FLUSH model
included the relatively massive
adjacent reactor building and
contents.

Model Descriptions

Only the 105-KW Basin was
modeled because the facilities
are structurally identical except
some of the 105-KE Basin walls
are thicker than the 105-KW Basin
walls. The three-dimensional
SASSI model developed for the

Figure 2 SASSI Excavated Soil
Elements.

Figure 3 SASSI Structural
Elements.

basin analysis is shown in
Figures 2 and 3. Note that a
model of the excavated soil is
also required for a SASSI model.
The model consists of 274 plate
elements and 24 brick elements.
The excavated soil was modeled
with 252 brick elements. There
were a total of 469 "interaction"
nodes, the number of nodes
essentially controlling the SASSI
model running time. The vertical
node spacing in the basin walls
is less than one-fifth of the
minimum wave length in the
adjacent soil as recommended for
SASSI models. The horizontal
node spacing near corners also
conforms to this criterion.
However, away from the corners,
somewhat larger spacing is used
to keep the soil interaction
nodes to a minimum. This
increase in the horizontal node
spacing was suggested by
Professor Lysmer, the SASSI code
principal developer, in a SASSI
user's training course. Two-
dimensional models, using both
SASSI and FLUSH, were also
developed to allow for the
performance of relatively
inexpensive sensitivity studies.
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The fuel storage basins have
four auxiliary pits on the east
and west ends. The effect of
these pits in the seismic
response of the basins was
evaluated by modeling only the
largest pit in the SASSI SSI
model. The effect of the one-
story superstructure was
considered by including the
superstructure deadweight
reactions as masses at the top of
the basin. This assumption is
conservative because a large
portion of the superstructure
weight is in the roof. The
majority of the horizontal roof
accelerations will be transferee!
to the adjacent buildings through
the roof attachment locations,
rather than at the basin
interface.

Detailed structural models
of the basin, the reactor
building, and superstructure were
developed with the ANSYS computer
code [2], as shown in Figures 4
through 6.
These models were developed to
evaluate the non-seismic stresses
in the basin and to develop the
seismic and static response of
the superstructure. For the

basin superstructure evaluation,
the ANSYS models were combined
into a single, fully coupled
model.

Analysis Discussion

The combined member loads in
the concrete basin were
determined by means of both the
SASSI and ANSYS models of the
basin. The dynamic seismic
demand was obtained from the
SASSI model, and the ANSYS model
provided the static response
(deadweight, water, and soil

Figure 5 Reactor Building Model.

Figure 4 ANSYS Model of the Basin Figure 6 Basin Superstructure
Substructure. Model.
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pressure). To minimize the
computer running time, most of
the parametric and sensitivity
studies were performed with the
two-dimensional SSI models.
Parametric studies included such
parameters as soil stiffness,
wall/soil separation,
hydrodynamic effects, and
superstructure mass effects.

The capacities of the
reinforced concrete walls and
floors considered the potential
for concrete degradation from
temperature, water chemistry, and
irradiation effects.
Justification for conservatively
using the 28-day design strength
of 3,000 lbf/in2 was based upon a
series of concrete cores taken
from other older concrete
facilities at the Hanford site
constructed of similar concrete.

The basin superstructure was
evaluated as a high hazard
facility because of concern for
potential damage to the basin and
submerged fuels. Structural
coupling of the structures
adjacent to the superstructure
complicated the superstructure
modeling. As previously
mentioned, coupling with the
reactor building and basin
substructure was considered with
a fully coupled model. The
dynamic degrees of freedom for
the coupled model were kept to a
minimum by creating reduced
degree-of-freedom super elements
for the reactor building and
basin substructure.

Analysis Results

A demand/capacity evaluation
was made for the basin and
superstructure. A summary for
the basin is provided in Table 1.
The locations associated with
each category number are shown in

Figure 7. Note that the capacity
exceeds the demand at all
locations except for the local

Figura 7 Critical Stress
locations

moments at wall intersections
(corners). These moments are not
collapse related because the
wall-to-base cantilever capacity
is sufficient to carry the
seismic demand without corner
support. However, local damage
at the upper levels of the wall
intersections may occur,
indicating a potential for some
leakage and a reduction in the
level of shielding water.
Conservative estimates of the
potential water-level drop
indicated that safe water levels
could be maintained.

Some local overstresses were
also indicated in the
superstructure evaluation.
However, modifications to the
superstructure are relatively
easy to perform because the
superstructure is accessible and
there are no contamination
concerns. Suspended floor panel
banging was also predicted, which
must be resolved.
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Table 3. Seismic Demand/Capacity Summary for the 105-KW Basin.

CATEGORY

1. Exterior Wall
Base Moment

2. Exterior Wall
Base Shear

3. Interior Wall
Base Moment

4. Interior Wall
Base Shear

5. Wall In-Plane
Shear

6. Floor Moment

7. Floor Shear

8. Wall Intersection
Corner Moment

CRITICAL
LOCATION

Bottom Center of
North Wall

Bottom Center of
North Wall

South End of East
Interior Wall

South End of East
Interior Wall

East Wall Segment
at N.E. Corner

10 ft from North
Wall

North Wall
Intersection

Top of S.W. and
N.W. Wall
Intersections

DEMAND

65.4 ft-
k/ft

6.9 k/ft

63.0 ft-
k/ft

4.8 k/ft

20.8 k/ft

19 ft-k/ft

9.3 k/ft

25 ft-k/ft

CAPACITY

139.0 ft-
k/ft

27.3 k/ft

167.0 ft-
k/ft

23.8 k/ft

27.3 k/ft

26.4 ft-
k/ft

22.5 k/ft

13.6 ft-
k/ft

Analysis Conclusions

A number of conclusions were
drawn that are related to the use
of the SASSI computer code
applied to a seismic analysis of
a fully embedded high hazard
facility. A relatively complex
three-dimensional analysis using
the SASSI code was found to be
very challenging. Although
conceptually straight forward,
the file handling and other
details made the SASSI analyses
somewhat tedious and prone to
user error. A new SASSI user
should start with a relatively
simple application. Our
duplication of a problem
previously solved on FLUSH proved
to be a good introduction to
SASSI.

One of the difficulties in
SSI analyses comes in the proper
use of the SSI results as input
into the detailed structural
analysis (two-step process).
Because of the variety of
structural elements in the SASSI
library, the difficulties of this
transition can be avoided by
performing the SSI and structural
analysis in one step. Time
constraints and the late entry of
the SASSI code into the analysis
process prevented our doing this
for the basin analysis. That is,
the basin superstructure was not
incorporated into the SASSI
model. A coupled
basin/superstructure model would
have been a more straight forward
analysis approach. The limited
postprocessing capabilities in
SASSI are a drawback, however, in
a one-step solution process.
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The computer running time of
a SASSI model varies as the cube
of the number of soil interaction
nodes. The basin model, with 469
interaction nodes, required more
than 3 hours of central
processing unit time on a Cray
X-MP computer. Therefore, there
is high incentive to minimize the
number of interaction nodes. For
a large, deeply embedded
structure, a SASSI analysis may
require some simplifying
assumptions to be feasible. For
example, a reduced embedment may
be assumed if the conservatism of
the assumption is justified.

The results of the
structural evaluation of the
concrete basin yielded the
following conclusions. (1) The
maximum moments in the basin
walls were found to be sensitive
to the soil stiffness. Softer
soil yielded the highest moments
in the outside walls, while the
interior wall moments increased
with soil stiffness. (2) The
outside wall moments were higher
for the case of soil separation
over the top half of the walls
than for the case of full soil
contact. In contrast, the
interior wall moments were
highest for the case of full soil
contact. The assumption of full
soil contact also proved to be
most conservative for the wall-
to-wall intersection moments.
(3) The critical wall
intersection moments were
sensitive to the moments
resulting from the static soil
pressures. Thus, the assumptions
used in predicting static soil
pressures can be critical in
qualifying embedded walls. (4)
Two-dimensional SSI analyses of
the basins were found to be
adequate for developing the
cantilever moments at the wall-
to-floor intersections. However,
a three-dimensional SSI analysis

was necessary to accurately
predict the moments occurring at
the wall-to-wall intersections.
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ABSTRACT

A seismic scoping evaluation of buried vaults enclosing high level liquid
waste storage tanks at the Idaho Chemical Processing Plant has been
performed. The objective of this evaluation was to scope out which of
the vaults could be demonstrated to be seismicaUy adequate against the
Safe Shutdown Earthquake (SSE). Using approximate analytical
methods, earthquake experience data, and engineering judgement, this
study determined that one vault configuration would be expected to meet
ICPP seismic design criteria, one would not be considered seismically
adequate against the SSE, and one could be shown to be seismically
adequate against the SSE using nonlinear analysis.

BACKGROUND

Eleven high level liquid waste (HLLW)
storage trnks are housed within eight buried
vaults at Lie Idaho Chemical Processing Plat.t
(ICPP). These vaults were built between 1951
and 1963, and were thus designed well before the
development of current ICPP seismic design
criteria. The seismic design criteria utilized in
their design, if any, is unknown.

The HLLW tanks pose a significant concern
at the ICPP, due to the highly radioactive nature
of their contents, and the ability of these contents
to disperse into the environment should tank
integrity be lost. A loss of tank contents can
probably occur only if the vault collapses onto
and ruptures a tank. However, this could not be
ensured, given the uncertainty in the original
seismic design criteria and lack of existing
analyses to current criteria.

To investigate the vault seismic adequacy,
Westinghouse Idaho Nuclear Company
(WINCO) adopted a two-phased approach. The
first phase consisted of a preliminary, scoping
study to determine which of the vaults could be
expected to be seismicaUy adequate against the
Safe Shutdown Earthquake (SSE). The second
phase consisted of detailed analyses of any vaults
thus identified to provide the final
documentation for their seismic adequacy.

WINCO's two-phased approach is highly
cost-effective. The first phase is conducted with
limited funding commitments. The second phase
focuses resources on vaults for which detailed
analyses are expected to have a successful
outcome (i.e., be shown seismicaUy adequate
against the SSE). Funding is not wasted on
vaults for which detailed analysis are likely to be
unsuccessful.
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EQE conducted the first phase, seismic
scoping evaluation, for WINCO. The technical
approach, results, and conclusions from that
stud)' are described in this paper.

VAULT CONFIGURATIONS

The vaults are buUt of three distinctly
different configurations and construction
methods. They are described below, in order of
oldest to newest.

Octagonal Vaults

The vaults enclosing Tanks WM-180 and
181 (Figures 1 and 2) are constructed completely
of cast-in-place reinforced concrete. They are
octagonal in plan. The l'-3" thick haunched roof
slab is supported by main girders spanning in
both plan directions. Perimeter beams at the top

Figure 1: Octagonal Vault, Plan View
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Figure 2: Octagonal Vault, Cross-Section
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of the walls horizontally restrain the roof system.
The roof girders are supported by rectangular
columns. The walls are 3'-9" thick and are cast
integral with the column. The vault and enclosed
tank is supported by a mat foundation on
bedrock. The depth of soil overburden above the
roof varies from about eight at the corner of the
haunch to 18 feet at the top of the haunch.

Pillar and Panel Vaults

The vaults enclosing Tanks WM-182 to 186
are octagonal in plan, and are composed
primarily of precast concrete ("pillar and panel")
construction (Figures 3 and 4). The vaults for
Tanks WM-185 and 186 were constructed slightly
later than those for Tanks WM-182 to 184, with
minor differences in structural details. The
concrete mat foundation bears on bedrock. A
total of 16 precast columns ("pillars") are

Figure 3: Pillar and Panel Vault, Plan View
60'-6"

Figure 4: Pillar and Panel Vault, Cross-Section
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distributed around the vault perimeter. Six inch
thick precast wall panels are clipped to the
columns. Precast perimeter beams interconnect
the column tops. Precast roof beams span across
the width of the vault and are supported by the
columns or perimeter beams. Concrete roof
panels span between ledges of the roof beams.
About ten feet of soil overburden lies above the
roof.

Square Vault

Tanks WM-187 to 190 are placed in a two-
by-two layout in plan, and are enclosed by a
single, approximately square vault which
combines cast-in-place and precast concrete
construction (Figures 5 3nd 6). The mat
foundation bears on bedrock. The exterior and
interior waUs, which are typically 3'-6" thick, are
cast integral with the mat. These walls separate

Figure 5: Square Vault, Plan View
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rigure 6: Square Vault. Cross-Section

the vault into four cells, each cell containing a
single tank. Precast roof beams span between
the walls. Six inch thick precast roof panels span
between ledges of the roof beams. About nine to
ten feet of soil overburden is above the roof.

TECHNICAL APPROACH

The technical approach for this evaluation
consisted of a combination of engineering
analysis, review of data on the past performance
of similar structures in actual earthquakes
("earthquake experience data"), and engineering
judgement.

Engineering Analyses

Engineering analyses were performed to
obtain and compare applied loads and allowable
capacities. Because this was a scoping
evaluation, the analyses were based on simplified
methods that approximate the dynamic response
in terms of equivalent static loads and
displacements.

The vaults were evaluated for combined
dead load, static earth pressure, and seismic load.
Dynamic response of the vault and surrounding
soil due to seismic ground motion is a complex
phenomenon better analyzed by state-of-the-art
computer methods. For this scoping evaluation,
seismic responses of the vaults were estimated
using approximate closed-form solutions that
account for soil-structure interaction effects on
earth-retaining or buried structures. Two
different approximte methods were considered:
One in which dynamic earth pressures were
applied on the vaults, and one in which lateral
seismic displacements were imposed.

ASCE Standard 4-86 [1] recommends two
possible solutions to determine the dynamic
earth pressure acting on earth-retaining walls or
structures founded below grade. The elastic
solution is applicable if lateral displacements are
insufficient to mobilize the full active limit state
in the adjacent soil. If structure displacements
are sufficient, the active solution is applicable.
ASCE 4-86 provides figures and equations to
determine dynamic earth pressures
corresponding to these solutions.

If the soil is elastic, an upper bound on the
displacements experienced by the structure are
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the soil displacements in the free-field. For given
free-field soil displacements and structure
stiffness, structure loads can be determined. This
is conservative for stiff structures, since the
structure provides local restraint and reduces
local soil displacements below free-field levels.

Both of these approximate methods require
knowledge of the seismic accelerations or strains
in the soil surrounding the structure. These data
were obtained from the results of site
amplification analyses previously generated by
EQE using Program SHAKE. These analyses
account for the amplification of bedrock seismic
motion through the soil layer that encloses the
vaults.

Seismic loads acting on the vaults were
typically determined by both of the approximate
methods above. Structure internal forces due to
the imposed earth pressures or displacements
were obtained by finite element analysis or
closed-form solution. Seismic inertial loads
associated with the structure itself and soil
supported by the roof were included.

Vault structural capacities were based on
two possible acceptance criteria: Conservative
design and alternative acceptance criteria. The
conservative design criteria are essentially
equivalent to ICPP seismic design criteria
applicable at the time of this study. Structural
members are limited to elastic behavior, with
allowable capacities based on current ACI and
AISC design codes.

The vaults were first evaluated against the
conservative design criteria. Any structural
members not satisfying these criteria were then
evaluated against the alternative acceptance
criteria. These criteria are still conservative, but
also account for more realistic behavior of
structures under seismic events. Guidance on
the development of the alternative criteria were
obtained from UCRL-15910 [2] (in draft form at
the time of this study), EPRINP-6041 [3], and
NUREG/CR-4482 [4]. These guidelines permit
limited nonlinear behavior of ductile structures.

A loss of tank contents can probably occur
only if the vault collapses onto and ruptures the
tank. This suggests that structure deformations
in excess yield are acceptable, so long as they do
not approach levels at which severe structural

damage or collapse might occur. This
consideration was reflected in the alternative
acceptance criteria developed for this study.

In the engineering analyses, applied loads
and allowable capacities were determined for the
most heavily loaded structural members. These
members were identified using engineering
judgement and experience. The results were
expressed in terms of the margin of safety,
defined as the ratio of the allowable capacity to
the applied load. A value greater than 1.0
signifies that the member satisfies the acceptance
criteria.

Earthquake Experience Data

A brief survey of earthquake experience
data on underground structures similar to the
vaults was performed to determine how such
structures have performed and to identify any
particular seismic vulnerabilities. This survey
included, in decreasing order of relevance,
shallow buried structures, partially embedded
low-rise structures with basement walls, concrete
flood control channels, and retaining walls.
Structures identical to the vaults were not
identified in this survey.

Various examples of seismic damage to
small electrical vaults, flood control channels,
retaining walls, and bridge abutments have been
reported. Perhaps the most notable example of
earthquake-induced damage is the Jensen
Filtration Plant finished water reservoir, which
suffered severe damage during the 1971 San
Fernando earthquake. This structure was about
500 feet square in plan, and constructed of top
and bottom slabs, exterior walls, and interior
columns. Soil overburden over the roof varied
from about one to six feet. The inertia of this
soil may have contributed to the damage
sustained.

Engineering Judgement

Engineering judgement was an integral part
of the evaluation. Although quantitative
engineering analyses were performed, the use of
approximate methods introduces uncertainty into
the results obtained. Engineering judgement is
used as a supplement to account for factors that
could not be directly included in the analyses,
such as sources of conservatism or
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uneonservatism, behavior that could not be
directly modeled, extrapolation of earthquake
experience data on structures of somewhat
different construction or configuration, etc.

EVALUATION RESULTS

Evaluation results for the vaults varied with
each different configuration. These results are
briefly summarized here.

Octagonal Vaults

Structural members selected for evaluation
included the roof slab, columns, girders,
perimeter beams, and wall panels. Loads acting
on these members were determined using a small
finite element structural model.

Against the dynamic earth pressures
obtained from the elastic solution, margins of
safety of 1.2 or greater were obtained for all
structural elements, with the exception of in-
plane shear on the walls for which a value of 0.8
was estimated. Although this value is less than 1,
it was judged that a more detailed analysis would
result in a reduction of various conservatisms
implicit in the evaluation.

Because this vault is relatively stiff,
imposition of the free-field soil displacements is
very conservative. High elastic stresses were
obtained. However, even though significant
damage would be expected at the maximum
ductility demand, structural collapse would be
considered unlikely.

Accounting for conservatisms in the
approximate analyses, it was concluded that this
vault should be capable of withstanding the SSE.
Higher confidence in this vault's seismic capacity
also results from its relatively heavy and rugged
cast-in-place concrete construction.

Pillar and Panel Vaults

As noted above, the vaults enclosing Tanks
W1..-182 to 184 were constructed slightly
different from those enclosing Tanks WM-185
and 186. Separate evaluations were performed
for these vaults, with comparable results
obtained. Structural members that were
evaluated include the columns, column

connections, roof beam connections, and wall
panels.

An evaluation was first performed for at-
rest earth pressure only, without any seismic
loads. Margins of safety on the order of 1 or
slightly greater were obtained for various
structural members. Although collapse under in-
situ loading is considered unlikely, these results
suggest that the vaults were not ruggedly
designed, and that relatively little remaining
structural capacity is available to resist seismic
loads.

For this vault configuration, which is
relatively flexible, upper bound seismic loads are
obtained by application of elastic dynamic earth
pressures, while lower bound loads are obtained
from imposition of the free-field soil
displacements. Using the elastic dynamic earth
pressures, margins of safety significantly less than
1 were obtained for several structural members.
Application of free-field seismic displacements in
conjunction with bounding assumptions on
connection flexibility obtained relatively low
seismic loads. Margins of safety of 1 or less were
still obtained, due primarily to the at-rest earth
pressures.

Confidence that this vault configuration is
seismicaUy adequate against the SSE does not
exist. Because of high stresses due to static earth
pressures, little additional structural capacity is
available to resist seismic loads. Precast concrete
structures abovegrade are generally considered
to be more vulnerable to seismic-induced
damage, since they may lack adequate
connection detailing and redundancy to permit
ductile nonlinear behavior. This concern exists
for this vault configuration.

Square Vault

Evaluation of this vault configuration
focussed on out-of-plane capacity of the exterior
walls and connections for the roof system.
Elastic loads were found to be greater than
allowable capacities for the exterior walls, thus
signifying that they do not satisfy the
conservative design criteria. However, these
walls, which are of cast-in-place construction, are
lightly reinforced and should have substantial
ductility in the out-of-plane direction. Consistent
with the alternative acceptance criteria, which
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permit limited nonlinear deformations of ductile
structures, further analysis was performed using
yield line theory. Application of the alternative
acceptance criteria indicates that these walls
could be demonstrated to be seismically
adequate against the SSE without collapse onto
the tanks.

As indicated by earthquake experience data,
the roof system must be capable of withstanding
seismic inertial loads associated with the soil
overburden. End connections between the
precast concrete roof beams and their supporting
walls were evaluated for these loads. Because
the roof beams are only lightly anchored to the
walls, the evaluation determined that these
connections are unlikely to satisfy the ICPP
seismic design criteria. However, even if the roof
system loses its anchorage, failure does not
actually occur until the roof system slides a
sufficient distance to collapse onto the tanks.
Approximate sliding analysis indicated that
nonlinear analysis could be performed to verify
that the roof system does not collapse.

Based on the evaluation, it was determined
unlikely that this vault configuration would
probably not satisfy the ICPP seismic design
criteria. However, if desired, nonlinear analysis
could be performed to demonstrate that the vault
would not collapse onto the tanks.

CONCLUSIONS

Based on this evaluation, the octagonal
vaults are expected to meet the ICPP seismic
design criteria against the SSE. WINCO
subsequently commissioned a detailed seismic
analysis of this configuration, and has confirmed
this expectation. Consequently, these tanks do
not require near-term replacement due to
seismic safety issues.

The square vault is not expected to meet
ICPP seismic design criteria. However, this
scoping evaluation determined that it may
possible to demonstrate that these vaults will not
fail and collapse onto the tanks through the use
of alternative acceptance criteria and nonlinear
analysis.

Confidence that the pillar and panel vaults
will meet the ICPP seismic design criteria (or
alternately be shown to be seism ically adequate

against the SSE) does not exist. This
configuration has significant vulnerabilities, and
further analysis is concluded to be unwarranted.

WINCO's approach to evaluation of vault
seismic adequacy efficiently uses available
funding resources at two different levels:
Funding for more detailed analysis, and funding
for new construction to replace the existing
tanks.

The scoping evaluation described herein
first identifies the likely outcome of more
detailed analysis at minimal cost. More detailed,
and thus more costly, seismic analysis need only
be performed for cases likely to have a successful
conclusion.

These analyses lead to efficient use of
funding for new construction to replace these
older vintage HLLW tanks. Replacement of
tanks whose vaults are seismically inadequate
can move forward. Tanks whose vaults are
seismically adequate need not be replaced in the
near-term due solely to seismic safety issues.
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OVERVIEW OF SEISKIC PANEL ACTIVITIES

Kamal K. Bandyopadhyay
Brookhaven National Laboratory

ABSTRACT

In January 1991, DOE-EM appointed a Seismic Panel
to develop seismic criteria that can be used for
evaluation of underground storage tanks containing
high level radioactive wastes. The Panel expects
to issue the first draft of the criteria report in
January 1992. This paper provides an overview of
the Panel's activities and briefly discusses the
criteria.

INTRODUCTION

A large number of high level
waste (HLW) storage tanks and bins
exist at various DOE facilities.
These tanks and bins are mostly
underground structures and contain
large quantities of radionuclides.
In the process of evaluation of
these structures, it was recog-
nized that the seismic assessment
criteria used at different sites
are not necessarily consistent
mostly due to the absence of
definitive guidelines. Although
there are some general guidelines
for seismic evaluation of DOE
facilities, specific criteria are
needed for the underground tanks.
In addition, design and
construction of new tanks are
currently being considered in
several tank farms.

As a result, in January 1991,
DOE-EK appointed a Seismic Panel
to develop a consistent set of
seismic criteria. This paper
provides an overview of the

Panel's activities, including brief
discussions on the Panel charter,
tank farms, criteria development
procedures, fundamental research
work undertaken for the criteria
development and status of the
criteria report.

CHARTER OF SEISMIC PANEL

The Seismic Panel has been
chartered with the following task:

To develop a consistent set
of criteria and guidelines in
defining the seismic input
motion, analysis techniques
and design procedures that
can be used for seismic
evaluation of the existing
HLW tanks as well as for
design of new tanks at
various DOE facilities.

The Panel will prepare a report
documenting the above criteria. It
is expected that, with minor modi-
fications, the same criteria can

* This work was performed under the auspices of the U.S. Department
of Energy.
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also be used for tanks containing
low level radioactive wastes.

TANK FARMS

The HLW tank farms are
located at Hanford (Washington),
Savannah River (South Carolina),
1NEL (Idaho) and West Valley (New
York), Typically these are under-
ground vertical steel tanks
encased in reinforced concrete
vaults, built in the 1940's
through the 1980's. The steel
tanks are unanchored flat-bottom,
have cylindrical walls with
diameters of 50-80 feet and
heights of 30-35 feet, and are
covered with either flat or dome-
shaped caps. There is an annular
space of width 2-3 feet between
the steel tank and the concrete
vault walls. The concrete vaults
are either cylindrical,
rectangular or octagonal with
concrete base mats and matching
domes or flat slabs on top.
Typically, the vaults are lined
with steel plates both at the base
and the wall. Some earlier
designs do not include steel
tanks; thus the concrete vault
with the steel liner acts as a
tank and contains the waste.
These earlier tanks were typically
not stress-relieved, resulting in
cracking and subsequent leakage.
There is overburden soil of depth
3-13 feet above the tanks. The
content of the tanks is typically
liquid containing solid particles
that have precipitated at the
bottom in some tanks, forming
thick sludge. Semisolid crusts
have also formed in some tanks.
Drainable liquid has been pumped
out from a number of leaking tanks
leaving behind cake-type salts.

In addition to the liquid
wastes stored in tanks, one DOE
site contains calcined high level

granular wastes stored in bin sets.
A bin set contains a cluster of
long cylindrical steel bins
enclosed in a fully or partially
underground reinforced concrete
vault.

SEISMIC EVALUATION

The tanks were designed
according to the seismic design
criteria available in national
standards at the time of con-
struction. Some representative
tanks were analyzed more rigor-
ously. The seismic design and
analysis criteria included in plant
specifications were not necessarily
consistent among the tank farms.
In summary, in the absence of any
specific guidelines available in
the DOE complex, the underground
storage tanks and bins were
designed and evaluated with seismic
criteria that are not necessarily
consistent and, in some cases, may
not be acceptable according to
current standards. Due to design
deficiencies, aging of tanks,
changes in acceptable criteria or
various combinations of these
factors, some tanks may even be
overstressed.

As a result, DOE-EM has under-
taken the development of a set of
seismic criteria for underground
tanks and bins with the help of the
Seismic Panel. These criteria
should be defensible in the current
regulatory environment and at the
same time realistic - i.e., not
excessively conservative since
excessive conservatism resulting
from ignorance may result in
unnecessary expensive field modi-
fications. The seismic criteria
will be used for the following
purposes:

1. To evaluate integrity of the
existing tanks.
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2. To design new tanks.

3. To determine the service
lives of tanks (by use of
additional information, as
required, e.g., materials
aging data).

4. To estimate reliability or
risks due to earthquake in
operating the tanks.

CRITERIA DEVELOPMENT

The criteria are being
developed by the Seismic Panel
following a general approach,
identifying and subsequently
resolving a number of specific
technical issues. This general
approach and the issues are
described in this section. In
addition, the status of the
seismic criteria development and
preparation of the criteria report
are discussed.

General Approach and Philosophy

The definition of a design
basis earthquake and assessment of
an underground tank due to this
earthquake motion require many
considerations, some of which are
similar to or even the same as
those used for assessment of other
structures such as high hazard
buildings. Therefore, the
principal philosophy in developing
tha seismic design and evaluation
criteria is to make maximum use of
the existing guidelines. DOE
order 6430.1A [1] provides a set
of general design criteria for the
DOE facilities. UCRL-15910 [2]
provides specific guidelines for
design and evaluation of DOE
facilities due to earthquake and
other natural phenomena such as
wind and flood. The graded
approach adopted in UCRL-15910 is

also used for developing guide-
lines for the tanks. Other
analysis methods, design details
and acceptance criteria delineated
in the UCRL document are used to
the extent they are applicable to
the underground tanks. UCRL-15910
is intended for general DOE
facilities and not specifically
prepared for the tanks. Therefore,
the next step in the criteria
development is to address the
special features of the under-
ground tank and bin structures and
identify the technical issues that
are not addressed by the existing
guidelines. The final step in the
criteria development is to address
the technical issues that have been
identified to be unique to the
underground tanks and combine their
resolutions with the existing
guidelines.

Tachnical Issu»s and Roolutions

Most of the technical issues
that have been considered for
development of the seismic guide-
lines are due to unique structural
and dynamic features of the under-
ground tanks. Although seismic
evaluation techniques for above-
ground tanks have greatly advanced
since the mid-1970's, those for
underground tanks are relatively
scarce. In addition, the contents
of the tanks are not necessarily
uniform and not completely in the
liquid state; hence, the available
fluid-tank interaction methods in
dynamic analysis are not directly
applicable to the HLW storage
tanks. Furthermore, in certain
tanks, crust formation may not
allow sloshing as assumed in
classical hydrodynamic load
calculation methods. There are
diversities of the tank designs in
the DOE tank farms. For example,
some tanks are free-standing, some
are partially connected to the
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encasing concrete vaults and some
use the concrete vaults as a
partial confinement barrier.
These special design features and
operation characteristics of the
waste storage tanks are not
addressed by the existing guide-
lines and require special
considerations including funda-
mental research in certain areas.
In addition, knowledge concerning
the input ground motion and the
analytical techniques, especially
for tanks, has advanced since the
latest publication of the
applicable guidelines> Therefore,
these general issues related to
standard seismic evaluation of
structures have also been
considered for development of the
criteria. Some of these major
technical issues, the respective
approaches adopted by the Seismic
Panel for their resolutions and
the current position on these
issues are discussed as follows:

General Criteria

UCRL-15910 divides DOE
facilities into four usage
categories and for each category
defines the performance goal in
probabilistic terms as the annual
probability of exceedance of
facility damage as a result of the
earthquake hazard. In order to
achieve these performance goals,
the seismic hazards are defined
such that the acceptance criteria
introduces a factor for reduction
in the risk of unacceptable
performance below the risk of
exceeding the design basis
earthquake. For a new high hazard
facility, as an example, the

performance goal is l x 10'5/year

and the frequency of the design

basis earthquake is 2 x 10"* such

that the risk reduction factor is

20. The criteria being developed
for the tanks are consistent with
this philosophy. However, the tank
seismic criteria report will
contain more detailed discussions
on how the performance goals and
the seismic hazards are related to
provide desired risk reduction
factors. Also, this report will
demonstrate how the risk reduction
is achieved by introducing a factor
of safety in the seismic capacity
of the structure.

The tank seismic criteria are
being developed based on the
understanding that the tanks and
vault components of primary
interest will be evaluated as high
or moderate hazard usage category
structures although some other
components in the tank farms may be
assessed as lower hazard usage
categories. Generation of site
specific hazard and response
spectra will be recommended;
however, this recommendation will
ultimately be consistent with
similar hazard criteria being
developed by the DOE Offices of
Defense Programs and Nuclear
Safety.

Ground Motion and SSI Effects

The ground motion should be
defined in terms of horizontal and
vertical response spectra specified
at control point locations. The
Panel has performed a parametric
study for typical tank and vault
conditions to examine feasibility
of using simplified models to
represent the soil-structure inter-
action effect. The following are
some major observations:

Criteria motion specified at
a stiff layer provides larger
responses than if the

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

559



criteria notion were such a tank. Further research nay
specified to occur at the be required in this area,
ground surface.

• Criteria notion nay be
specified at the ground
surface if the soil is rather
uniform.

• The variation of free field
motion over the depth of the
tank embedment has a signifi-
cant effect on the vault's
response.

• Wall pressure computed by
elastic methods nay be
acceptable.

The above observations are
considered in developing the tank
seismic criteria.

Tank-Tank (Vault-vault) Infr-
action

In a typical tank farm, the
tanks are located in clusters. In
order to determine the effect of
the presence of one tank on the
dynamic soil pressure on an
adjacent tank, two separate
studies are bein>-, performed. The
initial results indicate that the
interaction effect can produce
significantly dissimilar responses
on symmetric structural members.
However, the results nay be
bounded by considering isolated
tanks. Further study is required
and being performed to confirm
this observation.

Onanchored Tanks

Host underground steel tanks
are not anchored at the base.
Results of recent studies will be
used to develop criteria to deter-
mine the response and capacity of

Top-R«atr»in«d Tank*

Many steel tanks in the DOE
tank farms are attached on top to
concrete vaults or columns. Such
attachments do not allow direct use
of liquid-tank interaction data
available for free-standing tanks
excited at the base. Therefore,
fundamental research is being
performed by the Panel to study the
effect of the top restraint which
will require the consideration of
excitation simultaneously at the
base and the top. Initial results
confirm that both the base shear
and the base moment are reduced
significantly by the top restraint.
The reduced bending nonent
decreases the axial forces at the
junction of the tank w&ll and base,
and this, in turn, reduces the
tendencies for both wall buckling
and base uplifting. Further
research is being performed to
refine the results.

Effect of Tark content

The liquid-tank interaction
information available in the
literature is applicable for water-
type homogeneous liquids such that
the appropriate specific gravity
can be selected to use the existing
data. However, the contents of the
DOE tanks are mostly nonuniform and
contain solid particles of varying
amount and characteristics. Some
tanks contain thick sludge at the
bottom while some others developed
semi-solid crust on top of liquid
supernate. On the other extreme,
the bins contain granular
materials. The Panel recognizes
difficulties to address all such
possible characteristics of the
tank contents and has undertaken
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research to explore development of
simple formulations for bounding
cases. For example, the dynamic
effect of a viscous liquid will be
simulated by using available
computer programs. The effect of
an elastic solid content is also
being analytically investigated.
The results will be used to
develop the tank seismic criteria.

New vs. Existing Tanks

The seismic criteria will be
directly applicable for new tanks.
Existing tanks can also be
evaluated based on these guide-
lines. If an existing tank fails
to meet (but comes close to
meeting) the guidelines for new
tanks, the Panel will suggest
several options, such as, refine-
ment of the analytical techniques,
acceptance of a slightly higher
risk, reduction of the liquid
height, or modification of the
content (e.g., transfer to another
tank) such that the hazard usage
category can be lowered.

Schedula

It is expected that the first
draft of the criteria report for
double-shell tanks will be
completed by January 1992 at which
time it will be circulated to
users for review. It is recog-
nized that the report will require
revisions to include other
considerations, e.g., single-shell
tanks. Seismic workshops will be
organized in early 1992 to inter-
pret the criteria to the users and
interact with them.

CONCLUSIONS

The tank seismic criteria are
being developed with the latest
knowledge of the tank designs
especially with consideration of

special issues related to under-
ground tanks and will be discussed
with the Defense Nuclear Facilities
Safety Board. Therefore, it is
expected that these criteria will
provide a uniform and consistent
basis for seismic evaluation of
underground waste storage tanks.
The Panel may not be able to
address all specific features of
the existing and future tanks, but
will attempt to provide limiting
criteria to bound extreme
conditions. Finally, the Panel
emphasizes the need for use of
simplified methods to verify the
results of complex analyses since
the latter is expected to provide
simply a refinement of the former.
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PRELIMINARY PROPOSED
SEISMIC DESIGN AND EVALUATION CRITERIA

FOR
NEW AND EXISTING UNDERGROUND

HAZARDOUS MATERIALS STORAGE TANKS

R. P. Kennedy
RPK Structural Mechanics Consulting

18971 Villa Terrace
Yorba Linda, California 92686

1 Basic Criteria

This document provides a
recommended set of deterministic
seismic design and evaluation
criteria for either new or
existing underground hazardous
materials storage tanks placed
in either the high hazard or
moderate hazard usage categories
of UCRL-15910 (Ref. 1). The
criteria given herein are
consistent with and follow the
same philosophy as those given
in UCRL-15310 for the U.S.
Department of Energy facilities.
This document is intended to
supplement and amplify upon
Reference 1 for underground
hazardous materials storage
tanks.

Reference 1 aims at
achieving an annual probability
of seismic-induced damage beyond
which hazardous material
confinement is impaired of about
10*5 and 10*4 for new high hazard
and moderate hazard usage
categories respectively. These
seismic performance goals are
achieved by defining the seismic
hazard in terms of a site-
specific design response
sptsctrum (called herein, the
design basis earthquake (D6E),
which has a "best-estimate"
annual frequency of exceedance

of about 2xlO'4 for high hazard
facilities and lxlO"3 for
moderate hazard facilities
coupled with adequately
conservative deterministic
acceptance criteria. To be
adequately conservative, the
acceptance criteria must
introduce approximately a factor
of 20 further reduction for high
hazard facilities (10 for
moderate hazard facilities) in
the risk of unacceptable
performance below the annual
risk of exceeding the DBE.

If an existing facility is
close to meeting the guidelines,
up to a doubling in the annual
seismic risK is allowed by
Reference 1 because (1) such a
doubling represents only a minor
adjustment in the approximate
seismic performance goals and in
the resulting acceptance
criteria, (2) existing
facilities may have a shorter
remaining life than a new
facility, and (3) it is far more
difficult to upgrade an existing
facility compared to
incorporating increased
resistance in a new design.
This relief is not automatic,
but must be justified on a case-
by-case basis. Reference 1
presents two acceptable methods
to achieve this relief. One
method to achieve this relief is
to reduce the conservatism in

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

562



the acceptance criteria by an
amount roughly corresponding to
a doubling of the risk of
unacceptable seismic performance
beyond that for new facilities.
The other method to achieve this
relief is to maintain the
conservatism specified in the
acceptance criteria for new
facilities and to reduce the DBE
by accepting a doubling of its
annual frequency of exceedance.

In summary, Reference 1
define the following steps for
establishing seismic design or
evaluation criteria:

1. Establish an acceptable
approximate seismic
performance goal for the
components being designed
or evaluated. For new and
existing high hazard and
moderate hazard usage
categories, Reference l
suggests seismic perfor-
mance goal probability, PF,
in the range of 1x10"* to
2x10"* annual probability
of unacceptable
performance.

2. Establish a set of
conservative seismic
acceptance criteria which
introduce a significant
reduction in the risk of
unacceptable seismic
performance below the
annual frequency of
exceedance of the DBE.
Reference 1 presents
general seismic acceptance
criteria aimed at achieving
seismic risk reduction
facors, R, of about 5, 10,
and 20.

3. Establish the DBE at an
annual frequency of
exceedance equal to R (from

Step #2) times PF (from
Step #1).

These steps are general in
nature, and can be followed with
different seismic performance
goal probabilities than those
suggested in Reference 1.

This document provides
seismic design and evaluation
criteria for underground
hazardous material storage tanks
aimed at achieving seismic risk
reduction factors, R, of either
5, 10, or 20. A base seismic
capacity, CSB criteria is
presented for R of 20. This
criteria is then modified by
appropriate scale factors for R
of 5 and 10. The criteria
presented are primarily based
upon the judgement and
experience of the author as
being appropriate to roughly
achieve these seismic risk
reductions. However, great
rigor or quantitative accuracy
in achieving these seismic risk
reduction factors should not be
implied. The factors merely
served as target goals when
developing this criteria.

For the typical
probabilistic seismic hazard
curve, an order of magnitude
reduction in the "best-estimate"
annual frequency of exceedance
from lxlO"4 to lxlO"5 corresponds
to an approximate doubling of
the ground motion. Figure 1
presents a typical probabilistic
hazard curve expressed in terms
of peak ground acceleration
(PGA) that has this typical
characteristic of a doubling of
the ground motion from lxlO"4 to
1x10 . Figure 1 is normalized
to a PGA of 0.30g at 1x10"*.
However, the PGA amplitude is
unimportant, only the shape of
this curve is important. The
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seismic acceptance criteria
presented herein were developed
to roughly achieve the seismic
performance goals of Reference 1
(summarized above) for
probabilistic seismic hazard
curves with shapes similar to
Figure 1, i.e., an approximate
doubling of the ground motion
for an order of magnitude
reduction in the annual
probability of exceedance
fromlxlO'4 to lxlO'5.

Within this document, the
base seismic capacities CSB are
established sufficiently
conservative to achieve roughly
a factor of 2 0 further reduction
in annual risk of unacceptable
seismic performance below the
annual probability of the DBE
for the Figure 1 probabilistic
hazard curve shape. As can be
demonstrated, this reduction is
achieved when the base seismic
capacity CSB is set at a factor
of safety of 2.0 below the
estimated 10 percent failure
probability capacity C10V i.e.:

-10X
(1)

2.0

The deterministic seismic
capacity approach defined herein
is roughly aimed at meeting
Equation (1). For reduction
factors other than 20, the
deterministic capacity Cs is
obtained by scaling upward C$B
by the appropriate scale factor
Sc. or:

- SF

where:

(2)

SF = 1.0 for reduction of 20
SF = 1.2 for reduction of 10
SF = 1.50 for reuction of 5

This basic seismic criteria
is summarized in Table l.

The scale factors shown
above are appropriate for
seismic hazard curves similar to
Figure l for which a doubling of
the ground motion results in
approximately an order of
magnitude reduction in the
annual frequency of exceedance
over the important annual
frequency range from lxlO"3 to
lxlO'5. Defining a3 and a5 as
the ground motion values with
exceedance frequencies of 10'3

and 10'5, respectively, the
a5/a3) may be used as a measure
of the hazard curve slope within
this annual frequency range of
greatest interest. For Figure
1:

(a-/a3) = 0.60 = 4.29
0.14

It can be shown that within
a broad range of (as/a3) , the
scale factors are not sensitive
to the hazard slope factor
(as/a3) or the fragility
logarithmic standard deviation Ih
of the component being
evaluated. The above scale
factors are accurate within 10
percent for (as/a3) ratios
between 3.5 and 5.0 and
component fragility logarithmic
standard deviations between 0.3
and 0.5. All component
fragility logarithmic standard
deviations are expected to lie
within this range and most
seismic hazard curve slopes are
also within the above range.
Ratios of (as/a3) greater than
5.0 are not considered credible.
However, (a5/a3) ratios down to
about 2.2 can occur at western
United States sites with high a;

values.
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The above scale factors may
be accurately used when (aj/a,)
lies between 3.5 and 5.0, and
may be conservatively used when
(a5/a3) is less than 3.5.

The seismic criteria
presented herein envision that
deterministic pseudo-linear
seismic evaluation techniques
will be used. The base
acceptance capacities are
defined for such an evaluation.
However, it is also permissible
to perform a more rigorous non-
linear seismic evaluation of the
underground storage tank in lieu
of the simpler pseudo-linear
evaluation criteria presented
herein. The goal of such an
evaluation is to remove
unintentional conservatisms
introduced by pseudo-linear
simplifications. However, the
intentional conservatism
required in the basic criteria
must be retained.

2 Design Basis Earthquake
Ground Motion

The DBE ground motion at
the site shall be defined in
terms of smooth and broad
frequency content horizontal and
vertical response spectra
defined at a specified control
point location. In most cases,
the control point should be the
free ground surface. However,
in some cases, it might be
preferable to define the DBE
response spectra at some other
location. One such case is when
a soft (less than 600
feet/second shear wave
velocity), shallow (less than 50
feet) soil layer exists at the
ground surface underlain by much
stiffer material. In this crse,
the control point should be
defined at the top of the
stiffer material. Wherever

defined, the DBE response
spectra breadth and
amplification should be either
consistent with or conservative
for the site soil profile.

The DBE response spectra
may be specified using either
the deterministic or
probabilistic approaches
described herein. Preferably,
both approaches whould be used
and the final DBE response
spectra should be based on a
combined consideration of each.
In either approach, uncertainty
must be appropriately
considered.

2.1 Deterministic Approach for
Specifying DBE Response
Sepctra

Within the deterministic
approach, one or more DBEs are
specified for the site in terms
of a deterministic earthquake
magnitude and location. The
selected DBEs should be
consistent with and based upon
the seismic hazard annual
frequency of exceedance
specified in Chapter 1 and
Reference 1 (e.g., 2xlO"4 annual
frequency of exceedance for new
high hazard facilities). For
each specified DBE,
approximately 84 percent non-
exceedance probability (NEP)
response spectra should be
developed following the guidance
of the U.S. Nuclear Regulatory
Commission Standard Review Plan
Section 2.5.2.6 (Ref. 2). The
site DBE response spectra should
envelope the approximately 84
percent NEP response spectra for
each of the selected DBEs. The
use of the 84 percent NEP
response spectra provide an
adequately conservative
treatment of uncertainty when
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this deterministic approach is
used.

2.2 Probabilistic Approach for
Specifying DBE Response
Spectra

Within the probabilistic
approach, the DBE response
spectra can be based on the
uniform hazard spectra (UHS)
associated with the seismic
hazard annual frequency of
exceedance specified in Section
1 and Reference 1 over the
entire natural frequency range
of interest (generally 0.5 to 4 0
Hz). Such UHS may be specified
at the median (50 percent NEP)
level, the 84 percent NEP level,
or the mean level. Median UHS
tend to be stable between
different predictors and
represent the midpoint ground
motion estimate of the
scientific community, and this
situation represents an
advantage to specifying the DBE
response spectra at the median
UHS level. However, specifying
the DBE response spectra by the
unfactored median UHS does not
appropriately consider
uncertainty. Specifying the DBE
response spectra at the mean UHS
level provides an appropriate
consideration of uncertainty.
However, mean UHS tend to be
unstable between different
predictors and tend to be driven
by extreme upper bound models.
Therefore, the following
recommendation is provided:

• When stable mean UHS exist,
the DBE response spectra
should be set equal to the
mean UHS at the appropriate
seismic hazard annual
frequency of exceedance.
However, the use of mean
UHS outside the range of

1.3 to 1.7 times the median
UHS is questionable.

• Alternately, the DBE
response spectra should be
set at 1.5 times the median
UHS at the appropriate
annual frequency.

Either approach is
considered to provide an
adequately conservative
treatment of uncertainty.

3. Ana.lysis of Seismic Demand
(Response)

It is anticipated that
seismic demand will generally be
estimated based upon linear
response analyses.
Appropriately conservative DBE
response spectra (Section 2)
should be used as input to such
analyses. Other than for the
conservatism specified in the
DBE response spectra, the
seismic response analyses can be
median centered (no intentional
conservatism), but with
variation of some of the most
uncertain parameters. Seismic
response analyses should be
conducted in accordance with the
guidance contained in Reference
1 and 3 as amplified upon and
modified herein.

Best estimate structural
models and material damping
should be used. Best estimate
material damping vaues are
provided in Section 4. However,
approximately plus/minus one
standard deviation variation in
both the natural frequency of
the structure model, and in soil
stiffness properties should be
incorporated into these
analyses. In general, the
structure frequency uncertainty
can be accommodated by use of a
3 0 percent frequency uncertainty
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band either centered on the best
estimate frequency or skewed to
the low frequency side when such
skewness is considered
appropriate. Guidance on the
appropriate variation of soil
stiffness properties is given in
Section 4.4.2 of Reference 1,
The seismic demand, Dg, should
be obtained from the largest
computed response within these
uncertainty bands. Great
precision is unnecessary, and
this largest response can
generally be estimated from
analyses that use best-estimate,
upper-bound, and lower-bound
properties for structure model
frequency and soil stiffness.

4. Damping

Damping values recommended
for dynamic analyses of
moderate- and high-hazard
facilities are presented in
Table 2 at three different
response levels. Response Level
3 corresponds to inelastic
response where the elastic
computed total demand (seismic
plus non-seismic) exceeds the
capacity limits defined herein
(i.e., credit must be taken for
the inelastic energy absorption
factor F ) . When evaluating the
component, response Level 3
damping may be used in elastic
response analyses independent of
the state of response actually
reached, because such damping is
expected to be reached prior to
component failure. However,
when determining the input to
subcomponents mounted on the
component, the component damping
value to be used in elastic
response analyses should be a
function of the response level
reached in the majority of the
seismic load resisting component
elements. Defining DT as the
total elastic computed demand

(seismic Ds plus non-seismic DNS)
and Cc as the component code
strength capacity, then the
appropriate response level
damping can be estimated from
the following:

Response Level P_T/C,.

3
2
1

> 1.0
0.5 to 1.0
< 0.5

The damping values
presented in Table 2 are
intended to be best-estimate
(median centered) damping values
with no intentional conservative
bias for use in elastic response
analyses. Other damping values
may be used when such values are
properly justified as best-
estimate values.

Response Level 3 damping
values are intended for use in
elastic response analyses
coupled with the permissible
inelastic energy absorption
factors FM defined later.
However, when a nonlinear
inelastic response analysis
which explicitly incorporates
the hysteretic energy
dissipation is performed, no
higher than response Level 2
damping values should be used to
avoid the double-counting of
this hysteretic energy
dissipation which would result
from the use of response Level 3
damping values.

5. Material Strength
Properties

Material strength
properties should be established
at the 95 percent exceedance
actual strength levels
associated with the time during
the service life at which such
strengths are minimum. If
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strengths are expected to
increase during the service
life, then the strength of a new
component should be taken as the
strength at the time the
component is placed in service,
and the strength of an existing
component should be its value at
the time the evaluation is
performed. If strengths are
expected to degrade during the
service life, then strengths to
be used in the evaluation should
be based upon estimated 95
percent exceedance strengths at
the end of the service life.

Whenever possible, material
strengths should be based on 95
percent exceedance values
estimated from tests of the
actual materials used at the
facility. However, when such
test data is unavailable, then
code minimum material strengths
may be used. If degradation is
anticipated during the service
life, then these code minimum
strengths should be further
reduced to account for such
degradation.

6. Capacities

In general, for load
combinations which include the
DBE loading, capacities Cc
should be based upon code-
specified minimum ultimate or
limit-state capacity approaches
coupled with material strength
properties determined as defined
in Section 5. For concrete, the
ACI ultimate strength approach
with the appropriate capacity
reduction factor, <f>, included as
specified in either ACI318 (8)
or ACI349 (9) should be used.
For structural steel, the AISC-
LRFD (11) limit-state strength
approach with the appropriate
capacity reduction factor, <p,
included is preferred. However,

the AlSC-plastic design
(Chapeter N, Reference 10)
maximum strength approach may be
used so long as the criteria of
Chapter N are met. The plastic
design strengths can be taken as
1.7 times the Reference 10
allowable stresses unless
another factor is defined in
Chapter N. For the American
Society of Mechanical Engineers
(ASME) pressure vessel
components under ASME code
jurisdiction, ASME service Level
D (12) capacities should be
used. In some cases, functional
failure modes may require lesser
limits to be defined.

In most cases, the capacity
equations should be based on the
most current edition of the
appropriate code, particularly
when the current edition is more
conservative than earlier
editions. However, in some
cases (particularly with the
ASME code, Reference 12),
current code capacities may be
more liberal than those
specified at the time the
component was designed and
fabricated, because fabrication
and material specification
requirements have become more
stringent. In these cases,
current code capacities will
have to be downward corrected to
account for the more relaxed
fabricatoin and material
specifications that existed at
the time of fabrication. In all
cases, when material strength
properties are based on code
minimum material strengths, the
code edition enforced at the
time the component was
fabricated should be used to
define these code minimum
material strengths.

Alternate capacity
approaches may be used to
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establish C. when it can be
demonstrated that these
alternative approaches provide
approximately the factor of
conservatism defined by
Equations (1) and (2).

7. Load Combinations and
Acceptance Criteria

This section deals only
with load combinations that
include DBE loadings. In many
cases, other (non-seismic) load
combinations may control the
design or evaluation of a
component. These non-seismic
load combinations should be
defined by other documents.

It is assumed herein that
the DBE seismic demand, Ds, will
be computed by linear elastic
analyses conducted in accordance
with the response criteria
defined in Sections 2 through 4.
This elastic computed seismic
demand Ds should be modified by
the appropriate inelastic energy
absorption factor F^ as defined
in Section 8 to obtain an
inelastic factored seismic
demand Ds. by:

Ds. = (3)

•no
The total inelastic
sred <

given by:
factored demand DTI is then

DT: = DNS D
si (4)

where DHS represents the best-
estimate of all non-seismic
demands expected to occur
concurrent with the DBE.
Equation 4 represents the DBE
load-combination equation. The
seismic capacity is adequate
when the capacity Cc determined

as defined in Section 6 exceeds
DT' T l ' i.e.,:

DT. (5)

Equation 5 represents the
seismic acceptance criterion
appropriate for the DBE.

It can be demonstrated that
the use of equations 3 through
5, when coupled with the
appropriate F^ from Section 8,
provides sufficient conservatism
to achieve the seismic hazard
exceedance annual frequency to
seismic performance goal ratios
R of 20, 10, and 5 defined in
Section 1. No load factors are
needed in Equation 4. The non-
seismic demand DNS should be
defined at its best-estimate
level as opposed to an unlikely-
to-exceed or conservative level.
The conservatism embodied in
defining Cc, F^, and Ds are
sufficient to achieve these R
ratios without additional
sources of conservatism being
required.

In some cases, such as a
column under combined axial
compression and moment, the code
capacity C. is defined in terms
of interaciton equations.
Furthermore, the F— for axial
compression defined in Section 8
is less than F^H for flexure.
In this case, Equations 3 and 4
are separately entered to
establish the total inelastic
demands PTI and MTI for axial
compression and moment,
respectively, i.e.:

P = P MTt =

'jiDP
(6)

The combination of PT] and MT] is
entered into the code capacity
interaciton equation to
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determine the adequacy of the
seismic design.

For ductile failure modes,
non-seismic demands which are
relieved by small levels of
inelastic distortion (such as
thermal and settlement stresses)
do not have to be included in
equation 4 for combination with
the factored seismic demand.
However, for non-ductile failure
modes, these inelastic relieved
non-seismic stresses must still
be included. For example, if a
wall capacity is controlled by
flexure, these inelastic
relieved non-seismic stresses
don't have to be added to the
seismic demand Ds,. However, if
the wall capacity is controlled
by shear, they do have to be
added.

3. Inelastic Energy Absorption
Factor

The elastic computed
seismic demand Ds should be
factored by an inelastic energy
absorption factor F^ as shown
in Equation 3 to obtain a
factored seismic demand D,'sr To
achieve seismic hazard frequency
to seismic risk frequency ratios
R of 5 to 20, this inelastic
energy absorption factor F^
should be defined by:

where SF is the scale factor
recommended in Section 1 to
achieve a specified R ratio
(typically Sf = l.,0, 1.2, or
1.5 for R ratios of 20, 10, or
5, respectively), and F^ is the
estimated inelastic energy
absorption factor (inelastic
seismic demand/capacity ratio)
associated with a permissible
level of inelastic distortions

specified at about the 5 percent
failure probability level.

It is always preferable to
perform nonlinear analysis on
the structure or component being
evaluated in order to estimate
F 5v for use in Equation 7 to
define F^. However, such
analyses are often costly and
controversial. Therefore, a set
of standard F^ values is
provided in Table 3 for common
elements associated with
underground hazardous waste
storage tanks, and discussed in
the remainder of this section.
Additional F values are
provided in Table 4-7 of
Reference 1. The F presented
in Reference 1 for the high
hazard category rcay be used for
F D when the applicable scale
factor SF is l.o, and the F̂
presented in Reference 1 for the
moderate hazard category
correspond to F 0 for SF of 1.2
to 1.25. The Fo values
presented in Table 3 or from
Reference 1 may be used in lieu
of performing nonlinear
analyses, so long as the
following cautions are observed.

The use of T^ values
listed in Table 3 corresponding
to FM5X = 1.5 and greater for
concrete walls is conditional on
extensive wall cracking, but
stable wall behavior
constituting acceptable wall
performance. If only minor wall
cracking is acceptable, the F^
should be based on F 5X = 1.0.

The F^ values listed in
Table 3 for ductile failure
modes (F sx greater than 1.0)
assume that steel reinforcing
bars, metal tank shells, and
anchorage will remain ductile
during the component's entire
service life. It is assumed
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that the metal will retain at
least a 10 percent uniaxial
elongation strain capability.
If this metal can become
embrittled at some time short of
the enci of the service life, F^
values should be based on F 5X =
1.0.

For low-ductility failure
modes such as axial compression
or shear in concrete walls or
columns and wall-to-diaphragm,
wall-to-column, or column-to-
base connections, the F.> values
listed in Table 3 correspond to
FM5X = i*0 I n most cases, such
stringent limits can be relaxed
somewhat, as described below.
Unless the ductile flexural
failure mode has seismic
capacity significantly in excess
of its required capacity,
inelastic distortions in this
ductile failure mode will likely
limit the factored seismic
demand Ds, in the low-ductility
failure modes to levels less
than those given by Equation 3
with the Fgj values given by
Table 3. Because greater
conservatism exists in code
capacities Cc for low-ductility
failure modes than exists in Cc
for ductile failure modes, the
failure will be controlled by
the ductile failure mode so long
as the low-ductility failure
mode code capacity is at least
equal to the ductile failure
mode capacity. Thus, for low-
ductility failure modes, the
factored seismic demand Dsr can
be limited to the lesser of:

DS1 given by Equation 3
using F. from Table 3, or

DNS computed for

F.

D = Cc -
the ductile failure mode,
where Cc is the ductile
failure mode code capacity.

Therefore, for example,
connections do not have to be
designed to have code capacities
Cc greater than the code
capacities C_ of the members
being connected, or the total
factored demand DTI given by
Equations 3 and 4 and Table 3,
whichever is less. Similarly,
the code shear capacity of a
wall does not have to exceed the
total shear load which can be
supported by the wall at the
code flexural capacity of the
wall. Finally, horizontal
seismic-induced axial force in a
moment frame column can be
limited to the axial force which
can be transmitted to the column
when a full plastic hinge
mechanism develops in the frame
where the plastic hinge
capacities are defined by the
code ultimate flexural
capacities.

When the dominant response
frequency (generally the
fundamental frequency) of the
component lies to the stiff
(high frequency) side of the
frequency at which the input
spectral acceleration is
maximum, the cautions contained
in Section 4.2.3 and illustrated
in Figure 4-4 of Reference 1
remain in effect. In this case,
the factored seismic demand DSI
may be computed from either of
the following two approaches:

1. The maximum input spectral
acceleration shall be used
to compute the elastic
response of the dominant
response mode in lieu of
the lesser input spectral
acceleration corresponding
to the modal frequency of
this mode. In this case,
the F̂ j values listed in
Table 3 or Reference i may
be used.
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2. The lesser input spectral
acceleration corresponding
to the modal frequency of
the dominant response mode
may be used together with
F^ values based on F - =
1.0, or F^JJ computed from
nonlenear analyses.
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Table 1 Basic Seismic Criteria

Usage
Category

High Hazard

Moderate
Hazard

Design Basis
Earthquake (DBE)
Annual Frequency
of Exceedance

2xlO'4

lxio'3

Facility
Type

New

Existing
(When Justified)

New

Existing
(When Justified)

Performance
Goal Annual
Freq. of
Exceedance

lxlO'5

2X10'5

lxlO"4

2X10"4

Reduction
Factor

20

10

10

5

Scale
Factor

sF

1.0

1.2

1.2

1.50



Table 2

Recommended Damping Values
(Based on Ref. 1, 3, 4, 5, 6, and 7)

1
Type of Component

I
Welded and friction-bolted steel
structures

Bearing-Doited steel structures

Prestressed concrete structures
(without complete loss of
prestress)

Reinforced concrete structures

Masonry shear walls

Wood structures

Piping

^^Hassive, low-stressed components
^ W p u m p s , motors, etc.)

Light, welded instrument racks

Electrical cabinets

Liquid containing aetal tanks:

Impulsive mode

Sloshing mode

Dampina f% of Critical
Response
Level 1

2

4

2

4

4

7

3

2

2

3

2

0.5

Response
Level 2

4

7

5

7

7

10

5

3

3

4

3

0.5

(1) Should not be stressed to response level 3.

Response
Level 3

7

10

7

10

12

15

5

"(1)

— (1)

5

3 to 5(2)

0.5

(2) For tanks where total mass is dominated by fluid mass and one cannot
identify sources of significant hystertic energy dissipation due to
nonlinear behavior in supports, anchorage, etc., or energy feedback
into the foundation media, 3% damping is appropriate. If significant
sources of hysteretic energy dissipation or energy feedback can be
identified and are not explicitely included in the analysis, then 5%
damping can be used to represent these effects.
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Table 3

Inelastic Energy Absorption Factors
(Inelastic Demand/Capacity Ratios)

Structural System

Concrete Vault

Walls:

In-plane:

Flexure

Shear

Out-of-plane:

Flexure

Shear

Columns:

Axial Compression

Flexure

Shear

Connections

Metal Liquid-Storacre
Tanks

Moment and Shear
Capacity

Hoop Capacity

1.75

1.5

1.75

1.0

1.0

1.5

1.0

1.0

1.25

1.5

Scale Factor Sf

1.5

2.1

1.8

2.1

1.2

1.2

1.8

1.2

1.2

1.5

1.8

1.2-1.25

1.7

1.5

1.7

1.0

1.0

1.5

1.0

1.0

1.2

1.5

1.0

1.4

1.2

1.4

0.8

0.8

1.2

0.8

0.8

1.0

1.2
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Figure 1. Typical Probabilistic Seismic Hazard Curve
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HYDRODYNAMIC EFFECTS IN TANKS WITH DIFFERENT
CONDITIONS OF SUPPORT

A. S. Veletsos and P. ShivaKumar
Department of Civil Engineering, Rice University,

Houston, Texas 77251

ABSTRACT

The hydrodynamic effects induced in base-excited, upright, cantilever
cylindrical tanks are compared with those induced in tanks that are
supported at the top and are excited simultaneously and similarly at
top and bottom. It is shown that, while the distributions of the hydro-
dynamic pressures for the two cases may for all practical purposes be
considered to be same for tanks of the proportions normally encoun-
tered in practice, the magnitudes of the pressures and of the resulting
tank forces may be substantially different. The reasons for these differ-
ences axe elucidated, and information and concepts are presented with
which the critical design forces in each case may be evaluated reliably
and cost effectively.

INTRODUCTION

Present understanding of the seismic re-
sponse of liquid-containing upright cylindrical
tanks is derived mainly from analyses of can-
tilever systems that are supported at the ground
surface and are excited at the base. For an ac-
count of this knowledge, reference may be made
to the state-of-the-art report by Veletsos [1] and
to [2]. However, many liquid-waste storage tanks
in nuclear facilities are underground, are embed-
ded in vaults, and are attached to the vaults in
such a manner that during an earthquake they
are excited simultaneously at the top and base.

Fundamental to the analysis and design of
the inner shell or primary liner of such systems is
a thorough understanding of the hydrodynamic
effects induced in tanks that are constrained at
the top and experience the same input motion
at that level as at the base. The objectives of
this paper are to highlight the nature of these
effects and the interrelationship of the responses
of the cantilever and constrained systems.

The information presented herein is deduced
from approximate methods of analysis, but it is
believed to describe reliably the essence of the
problems being examined. Emphasis is placed
on the analysis and interpretation of the com-
prehensive numerical solutions presented, rather
than on the description of the methods of anal-
ysis.

SYSTEMS CONSIDERED

The systems investigated are shown in Fig.
I. They are upright, circular, cylindrical tanks
of radius a that are bonded to a moving rigid
base. The tanks are presumed to be filled with
liquid to a height H and to be either free, hinged
or fully clamped at the top. A hinged support
permits no displacement in either the radial, cir-
cumferential or axial direction. The tank wall
is presumed to be of uniform thickness h and
clamped at the base. The liquid is assumed to
be incompressible, inviscid and free at its upper
surface, and only linear actions are examined.
The mass densities of the tank and liquid are
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denoted by p and />/, and the modulus of elas-
ticity and Poisson's ratio for the tank material
are denoted by E and v, respectively.

The systems are presumed to be excited by
a uniform horizontaJ motion directed along the
0 = 0 coordinate axis. Whereas the cantilever
system is excited at the base, the constrained
system is excited simultaneously and similarly
at the base and top. The acceleration of the
input motion at any time t is denoted by xg{t).

H

n\
z

V

I

Fig. 1 Systems Considered

FUNDAMENTALS AND SCOPE

The hydrodynamic effects induced in the
tank by the ground shaking may conveniently
be expressed as the sum of two components:

• An impulsive component, which represents
the effect of the part of the liquid that may
be considered to move in synchronism with
the tank wall as a rigidly attached mass;
and

• A convective component, which represents
the action of the part of the liquid near

the free surface that experiences sloshing
or rocking motion.

In mathematical terms, the impulsive compo-
nent of the solution satisfies the actual boundary
conditions along the lateral and bottom surfaces
of the tank and the condition of zero hydrostatic
pressure at the mean level of the free liquid sur-
face; accordingly, it does not account for the ef-
fects of the surface waves associated with the
sloshing motion. The convective component of
the solution effectively corrects for the difference
between the actual boundary condition at the
mean liquid surface and the one considered in
the development of the impulsive solution.

Because it is associated with motions of sig-
nificantly lower frequencies than the natural fre-
quencies of the tank-liquid system or the domi-
nant frequencies of the excitation, the convective
part of the solution is practically unaffected by
the flexibility of the tank wall, and it may be
evaluated with reasonable accuracy considering
the tank to be rigid. The expressions for the
computation of the latter effects are well estab-
lished [1] and are not repeated here. The present
paper is concerned exclusively with the impul-
sive effects.

HYDRODYNAMIC PRESSURES

The hydrodynamic wall pressure, p(z,6, t),
and the corresponding base pressure, p(r, 8,t).
may be expressed as

N
p{z,6,t) =

n=l

and

(1)

(2)
n=l

in which Ar is a sufficiently large integer; cn(z)
and cn(r) are dimensionless functions that de-
fine, respectively, the heightwise and radial vari-
ations of the pressure component associated with
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the nth fixed-base natural mode of vibration of
the tank-liquid system; and An(t) is the instan-
taneous pseudoacceleration of a single-degree-of-
freedom (SDF) oscillator with natural frequency
and damping equal to those of the nth fixed-
base natural mode of vibration of the tank-liquid
system and subjected to the prescribed ground
shaking. Defined as the product of the defor-
mation of the oscillator and the square of its
undamped circular natural frequency, u>n, the
pseudoacceleration An(t) is given by

An(t) = -.'I, / x9(T)exp[-Cni)}sin\('nr]}dT (3)
Jo

in which (,"n = the percentage of critical damping
of the tank-liquid system when vibrating in its
nth fixed-base natural mode, w), = ^nJ J\ — (,"-,

(n = C'./y/\ - Q, V = *>n(t - T), and T = a
dummy time variable. Note that in addition
to the characteristics of the ground motion, the
functions An(t) depend on the natural frequency
and damping of the SDF system being consid-
ered. The maximum values of -4n(/) are the
quantities normally displayed in a response spec-
trum.

It should be observed that the pressures de-
fined by Eqs. 1 and 2 are proportional to cosO.
Accordingly, they attain their maximum values
along a diametral axis in the direction of the
excitation and are zero normal to it. It should
further be observed that these pressures are ex-
pressed in terms of the tank radius, a, rather
than the liquid height, H. Accordingly in com-
paring tanks of different proportions, their radii
rather than their heights should be considered
to be the same.

The functions cn(z) and cn(r), and hence
the hydrodynamic pressures and resulting tank
forces, depend on the following dimensionless
parameters:

• The height-to-radius ratio for the tank. H/a;

• The wall thickness-to-radius ratio for the
tank, hja\

• The ratio of the mass densities for the liq-
uid and tank material, p\/p\

% Poisson's ratio for the tank material, u\
and

• The condition of support at the top.

It can be shown, however, (see, for example, [2])
that within the range of values that are of inter-
est in practice, cn(r) and Cn(r) are insensitive to
variations in h/a, pi/p and i/, and that it is ac-
ceptable to use typical, average values for these
parameters. The data presented herein are for
steel tanks with k/a=0.001 that are fully filled
with water. Poisson's ratio for the tank material
in this case is r=0.3, and the ratio of the mass
densities for the liquid and the tank material is
p,/p=0.127.

Figure 2 shows the functions cn(s) and cn(r)
for the fundamental mode of vibration of tanks
with free, hinged, and clamped or fixed top bound-
aries. Three values of H/a in the range between
0.5 and 3.0 are considered. The tanks with the
free top are naturally excited only at the base,
whereas those with the constrained top are ex-
cited simultaneously at the base and top. The
following trends are worthy of note:

• There is practically no difference in the
results obtained for the hinged and fixed
conditions of support; in fact, the curves
for the two cases are indistinguishable from
each other.

• For broad tanks, with values of H/a of the
order of 0.5, the results are practically in-
dependent of the degree of top constraint,
the distributions for the free and fixed con-
ditions being essentially the same. To a
reasonable degree of approximation, the
same also is true of tanks with slender-
ness ratios of the order of unity, but not of
tanks with much higher values of H/a.
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Support at Top:

Fixed
Hinged

Free

H/a . 0.5

0.5

0.5
H/a.O.S

0.5

r/a

H/a • 1.0 H/a • 3.0

0.5
r/a

Fig. 2 Pressure Distribution Functions for Tanks with
Different Support Condition^

For tanks with H/a < 1, Ci{z) increases
almost monotonically from top to bottom,
whereas for the more slender, taller tanks,
it attains its maximum value within the
upper half of the tank and then decreases
toward the base. The latter trend is an
indication of the increasing importance of
the higher modes of vibration with increas-
ing tank slenderness. This matter is con-
sidered further in subsequent paragraphs.

The function cj(r) for the radial distribu-
tion of the hydrodynamic base pressure in-

creases from zero at the center to a max-
imum along the edge, the rate of increase
being a function of H/a. Further, as is
true with the values of Cn(z), the values
of Cn(r) for the higher modes of vibration
can be shown to be substantial only for
relatively slender tanks with H/a > 1.

The pressure distribution functions for the
flexible tanks considered in Fig. 2 are com-
pared in Fig. 3 with those obtained for non-
deformable, rigid tanks. The latter functions
may be determined from relatively simple ex-
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pressions and numerical data available in the lit-
erature (see, for example, [1]). Note that, ir-
respective of the condition of top support, the
pressure distributions for the flexible tanks with
values of H/a of the order of unity or less are in
close agreement with those of the corresponding
rigid tanks. However, the agreement deterio-
rates for the more slender tai.ks.

The differences in the distributions for the
rigid and flexible systems in Fig. 3 are measures
of the contributions of the higher modes of vi-
bration of flexible tanks. In fact, if co(s) and

Rigid Tanks •

t Flexible TanKs:
Hinged at Top •

Free at Top •

eo(r) represent, respectively, the vertical and ra-
dial distribution functions for the hydrodynamic
pressures of rigid tanks, it can be shown that

and
n=l

n=l
(5)

In general, the functions Cn(z) and Cn(r) for the
third and higher modes of vibration in Eqs. 1
and 2 may be neglected, and those for the
second mode may be taken as co(z) - c\{z) and

H

O.S

H/a • 0,5 H/a • \ 0

0.5 1 0 0.5 1 0
c,(z) c,(z)

(a) For Wall

H/l-3.0

r/a

Fig. 3 Comparison of Pressure Distribution Functions for
Flexible and Rigid Tanks
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Cc(>') ~ C\(r), respectively. This is tantamount
to considering the pseudoacceleration functions
An(t) for the third and higher modes to be iden-
tical to that for the second im de. For broad
tanks with H/a < 1, Eqs. 1 and 2 may further
be simplified as

and

p{rjj) =

(6)

(7)

These expressions are similar to those governing
the behavior of rigid tanks [1], except that the
pseudoacceleration A\(t) replaces the ground ac-
celeration, rg(t). Recall that the maximum
value of A\(t) may be significantly greater than
the maximum value of xs(t)-

The areas under the pressure diagrams for
the flexible and rigid tanks examined in Fig. 3
are in closer agreement to each other than are
the pressure diagrams themselves. This is par-
ticularly true of the top-constrained tanks. Be-
ing stiffer than the cantilever systems, the latter
tanks behave more nearly like rigid than the can-
tilever tanks. It follows that the total hydrody-
namic wall and base forces computed from Eqs.
6 and 7 would be in close agreement with the
corresponding exact forces over a broader range
of H/a values than would be the case with the
pressures themselves.

SYSTEM FREQUENCIES

The evaluation of the pseudoaccelerations
4r>(?) requires knowledge of the natural frequen-

cies of the tank-liquid system. The nth circular
natural frequency, u-v. may be expressed in the
form

(8)

in which Cn is a dimensionless coefficient that
depends on the conditions of support and the

ratios / / / « , h/a, pi/p and u. For the water-
filled steel tanks examined herein, for which E
= 30,000 ksi and 7 = pg = 490 lb/ft3, the nth
cyclic natural frequency, /„ = u>n/27r, may be
written as

/» =
2,600Cn

H (9)

in which H is expressed in feet, and /„ is ex-
pressed in cycles pei second or Hz.

The values of C\ through C3 for the class
of tanks considered herein are plotted in Fig. 4
as a function of the slenderness ratio H/a. The
following trends should be observed:

• The effect of the top constraint is practi-
cally negligible for tanks with values of H/a
of the order of 0.3 to 0.5, but increases
in importance for the taller, more slender
tanks.

0.4

0.3

0.2

0.1

1 1 1

Support at Top:

Fixed
Hinged

Free - - - -

H/a

Fig. 4 Natural Frequency Coefficients
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• As would be expected from the known be-
havior of flexural and shear beams, the ef-
fect of the top constraint is greatest for the
fundamental natural frequency of the sys-
tem and of decreasing importance for the
higher frequencies.

• There is practically no difference in the re-
sults obtained for hinged and fixed sup-
ports.

The values of Ci and C? for tanks with free
and hinged top boundaries are also listed in Ta-
ble 1.

Table

H/a

0.3
0.5
0.6
0.8
1.0
1.2
L4
1.6
1.8
2.0
2.2
2.4
2.6
2.8
3.0

1 Values of frequency Coefficients

Valu<

Free
0.0600
0.0719
0.0762
0.0829
0.0S75
0.0903
0.0916
0.0917
0.0910
0.0S96
0.0S79
0.0859
0.0S38
0.0815
0.0792

>ofC,
Hinged

0.0634
0.07S1
0.0S43
0.0957
0.1062
0.1158
0.1243
0.1317
0.1379
0.1431
0.1474
0.1508
0.1536
0.1557
0.1574

Valut
Free

0.1035
0.1285
0.1380
0.1534
0.1657
0.1765
0.1864
0.1956
0.2040
0.2116
0.21S1
0.2234
0.2275
0.2305
0.2323

JofCa
Hinged

0.1051
0.1330
0.1443
0.1636
0.1795
0.1932
0.2054
0.2165
0.2268
0.2365
0.2457
0.2543
0.2623
0.2697
0.2764

Valuable insight into the greater importance
of the top constraint on the fundamental natural
frequencies of tanks of higher slenderness ratios
may be obtained from an examination of the
modes of vibration of cantilever systems. Fig-
ure 5 displays the relevant modes for the axial,
circumferential and radial displacement compo-
nents, u, v and u>, of tanks with slenderness
ratios H/a = 0.5 and 3. It is observed that,
while quite small for the brood tanks, the top

displacements for the slender tanks are substan-
tial. It follows that the introduction of a top
constraint would have inconsequential effects on
the natural modes and the associated frequen-
cies of broad tanks, but may affect appreciably
the corresp jnding quantities of the more slender
tanks. The natural modes for tanks with hinged
and fixed top boundaries are shown by the solid
and dotted lines, respectively.

It should be recalled that the data displayed
in Table 1 and in Fig. 4 are for water-filled steel
tanks with hfa = 0.001. Unlike the pressure
distribution functions, Cn{z) and Cn(r), which
for all practical purposes may be considered to
be independent of the ratios h/a and pi/p, the
frequency coefficients are generally sensitive to
variations in these parameters. If the values of
Cn for the reference values of h/a and pi/p con-
sidered are denoted by (Cn)T, the corresponding
values for tanks of arbitrary h/a and p\/p may
be determined from

= (Cn) r (h/a (10)

This expression is based on the assumption that
the inertia effects of the tank itself are negligi-
ble compared to those of the contained liquid, a
condition normally satisfied in practice.

DESIGN FORCES

With the pressure distribution functions and
the natural frequencies of the tank-liquid sys-
tem established, the maximum values of the hy-
drodynamic pressures may be determined from
Eqs. 1 and 2 or from Eqs. 6 and 7, as appro-
priate, using for An(t) the absolute maximum or
spectral values of the pseudoaccelerations for the
prescribed ground motion. These pressures may
then be treated as static loads, and the result-
ing tank forces and stresses computed by appli-
cation of any of a number of available computer
programs for the static analysis of shells. When
using the more precise solution represented by
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0.5

1 1

0.5-

i
i
i
i
i

Supoort at Top:
Fixed

Hinged
Free

0.5
u(z)

1 0

Support at Top:

Fixed
Hinged

Free - - -

0.S
u(z)

1 0

Fig. 5 Displacement Configurations for Fundamental Modes of
Vibration of Tanks with Different Support Conditions

Eqs. 1 and 2, it is recommended that the maxi-
mum values of the component effects be com-
bined by the square root of the sum of the
squares rule.

Normallv, the critical tank forces and

In particular, circumferential hoop stresses may
be computed from the wall pressures considering
the shell to behave as a series of isolated ring-,
and axial stresses and shearing stresses may be
computed from the bending moments and shears
across appropriate sections by application of the

stresses may be evaluated by simpler approches. beam theory. The bending moment across a sec-
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lion immediately above the tank base is used
to evaluate the axial forces in the tank wall at
its junction with the base, whereas the moment
below the base, which includes the effects of the
hydrodynamic base pressures, is used in the de-
sign of the foundation.

For cantilever tanks that are free at the top,
the maximum bending moment and shear natu-
rally occur at the base. These reactions may be
computed by statics by appropriate integration
of the hydrodynamic wall pressures, as indicated
in [1] and [2]. For tanks that are constrained at
the top, this is, of course, not possible. However,
they can be evaluated approximately by appli-
cation of the beam theory, making due provi-
sion for the effects of both flexural and shearing
deformations, or, better still, by application of
the membrane theory. In this connection, note
should be taken of the fact that, the critical de-
sign forces for the constrained tanks are likely
to occur at sections considerably awa}' from the
base, rather than at or very close to the base.

As an indication of the effects of the top con-

straint on the magnitudes of the hydrodynamic
base shear and base moment, Q and M, these
forces were evaluated for a static load that in-
creases as a half-sine from top to bottom. A
beam theory that provides for ' th flexural and
shearing flexibilities was employed. The results,
normalized with respect to the total load, P,
are displayed in Fig. 6 as a function of the slen-
derness ratio H/a for tanks with both free and
hinged top boundaries. As H/a —> 0, the tank
deformations are due entirely to shear, whereas
as H/a —+ oo, they are due entirely to bending.
The following trends should be observed:

• Both the base shear and base moment are
reduced significantly by the top constraint;
and

• The reductions are particularly important
for the base moment, especially for the
lower values of H/a.

The reduced bending moment decreases the ax-
ial forces at the junction of the tank wall and
base, and the latter reduction, in turn, decreases
the tendencies for wall buckling and base uplift-
ing. These, clearly, are the two most important

0.8

O
p

0.6

0.4

0.2

0.774 M
FH

0.5

0.4

0.3

0.2

.0.36

Support at Top:

Hinged
Free

0.137

H/a ' " u ' H/a '

(a) Base Shear (b) Base Moment

Fig. 6 Comparison of Base Reactions for Cantilever and Top-Constrained Tanks
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effects of the presence of a rigid top support on
the response of tanks.

CONCLUSION

The constrained tanks differ from the can-
tilever in three respects:

• They are stiffer systems, with higher natu-
ral frequencies and different modes of vibra-
tion. The increased frequencies affect the
ratios of the maximum response pseudoac-
celerations to the maximum ground accel-
eration, and, hence, the magnitudes of the
resulting hydrodynamic pressures and tank
forces.

• The distributions of the hydrodynamic
pressures also are different in the two cases.
However, these differences are not signifi-
cant for broad tanks with values of H/a of
the order of unity or less.

• Whereas the hydrodynamic pressures for
cantilever tanks are resisted entirely at the
base, those for the constrained systems are
resisted partly at the top and partly at the
base. In particular, the top support may
reduce significantly the magnitudes of the
base forces which typically control the de-
sign of cantilever systems. These reductions
will, in turn, decrease the tendencies for
wall buckling and base uplifting.
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SOIL - STRUCTURE INTERACTION EFFECTS ON HIGH LEVEL WASTE TANKS

Charles A. Miller, Carl J. Costantino, and Ernest Heymsfeld
The City University of New York
Department of Civil Engineering

New York, NY 10031

ABSTRACT

High Level Waste Tanks consist of steel tanks located in
concrete vaults which are usually completely embedded in
the soil. Many of these tanks are old and were designed to
seismic standards which are not compatible with current
requirements. The objective if this paper is to develop simple
methods of modeling SSI effects for such structures and to
obtain solutions for a range of parameters that can be used to
identify significant aspects of the problem.

INTRODUCTION

The Department of Energy (DOE)
operates many tanks which are used to
store radioactive waste material. These
tanks were constructed over a long time
span and the original design of the tanks
was often based on criteria which did not
meet current seismic codes. As a result
DOE is undertaking a comprehensive
review of the adequacy of these facilities to
meet current seismic standards.

Two methods are available for
performing seismic response analyses of
structures. The first is the simpler of the
two and couples a discrete model of the
structure to the free field with a lumped
parameter model of the soil-structure
interaction (SSI) process. The second is
based on continuum models of the
structure and free field which are coupled
through continuity conditions at the

soil-structure interface.

The general objective of the work
reported in this paper is to investigate the
vault characteristics that are important to
include in their seismic evaluations.
These results will then be used to develop
criteria that can be used to establish
minimum requirements for the analyses
used to determine the seismic response of
the tanks. The results presented in this
paper are based on the lumped parameter
method. The methodology is developed,
and numerical results are obtained to
achieve the objective.

ANALYSIS

Consider the tank/vault system shown
in Fig. 1. The dimensions shown in Fig. 1
are typical of those found in the DOE
vaults and are those used for the
numerical solutions shown below. The
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analysis is developed, however, for
arbitrary values of these parameters. For
the purposes of this analysis the vault is
assumed to be rigid, and the impulsive
mass of the fluid is modeled at the
appropriate elevation. The impulsive
fluid mass and its elevation is competed
based on the methodology contained in [1]
assuming that the tank is also rigid. The
vaults for most of the DOE tanks are
sufficiently stiff so that the rigid vault
assumption is reasonable. While the
tanks are probably not rigid, the influence
of tank flexibility on the seismic response
of the vault is likely to be small.

GROUND SURFACE

33'

= 278

= 5SS

CONCRETE
DINS1 TV =

2 K-SEC

6 K-SEC2

2

UflULT
• 150 PCF

/FT

/FT

STEEL TP.NK

CHtLT ..'TfiMK CHF.BRCTER IST ICS
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F i g . 1 URJ.-,-pNK GEOHETRY

The vault model shown in Fig. 1 is
coupled to the soil media with lumped
spring/damper elements modeling
soil-structure-interaction (SSI) effects at
the base and sidewalls. Beredugo and
Novak [2] have developed such a lumped
parameter methodology for computing the
response of partially buried facilities to
seismic disturbances. The characteristics of
the spring/damper model are developed
based on analytical solutions to the case of
a rigid structure vibrating in an elastic half
space. The base force (F) and moment
about the base (M) resulting from the SSI
forces are shown on Fig. 2 and given in [2]

as:

F = Kuu (U-Z) + + C u u (U-Z) +

M = Ku<|) (U-Z) + K^, c& + Cu<), (U-Z)

where,

Z = soil displacement in absence of
vault

Ku u = GR[4.83 + 4.05G s8/G]

= G R3 [ 2.50 + 4.83 (H/R)2 + 2.50Gs

6/G +4.05 Gs 8 {82/3 + (H/R)2 - 8

KU0 = -G R [4.83 H + 4.05 Gs 8 {H - L/2)
/G]

C u u = (p G)1 /2 R2 [ 3.00 + 9.90 8 (p s
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C<}HJ> = (p G) 1 / 2 R4 [ 0.43 + 3.00 (H/R)2 +

8(psGs/pG>V2{2.S0 + {82/3 +

(H/R)2-9.90 8(H/R)}]

CU0 = - (p G)l /2 R2 [ 3.00 H + 9.90 5 (p s

, Gs/pG)l/2(H-L/2)]

8 = Depth to radius ratio of vault
G = Shear modulus of foundation soil
Gs = Shear modulus of soil along

sidewall
p = Mass density of foundation soil
ps = Mass density of soil along sidewall
H = Height of vault CG above base

Fig.2 SSI FORCES

The BOLD terms involve base
interaction effects; non bold involves
sidewall interaction effects; and the
ITALIC terms arise from shears along the
cylinder. The shear terms are neglected in
this analysis.

The portion of the SSI forces develdped
from the base interaction effects may be
treated as concentrated forces but the

portion resulting from sidewall
interaction effects must be distributed over
the surface of the wall. The spring/damper
SSI model connects the structure to the
free field. A distributed wall SSI model is
required so that variable free field motions
may be imposed at different elevations
along the wall. The distributed parameters
also allow for the computation of
pressures acting on the wall. The
parameters are distributed by assuming
that the sidewall portion of the stiffness
and damping coefficients defined above
are uniformly distributed over the surface
of the vault and act in the radial direction.
The resultant pressures acting on the vault
surface will be in the radial direction (i.e.,
normal pressures), will have a cosine1

variation around the circumference of the <
vault, and will vary over the depth of the;

vault. The distributed parameters will be:

k = K u l i S W / 71R L

(2)
= C U U S W / J C R L

where the (sw) subscript indicates that
the sidewall (non bold and non italic)
portion of the above coefficients are to be
used.

Two cases involving the pressures
acting on the wall are considered. The first
set of problems is linear so that no
maximum or minimum restrictions are
placed on the pressures. The second set of
problems imposes restrictions so that the
pressure is restricted based on estimates of
the soil strength. The result is that the
maximum allowable compressive (pc) and
tensile (pt) pressures are:
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= ov [ tan2 (45+ 6/2)-1/2]

= ov [tan* (45-8/2) -1/2]
(3)

where,

av = vertical overburden soil stress

6 = angle of internal friction for soil

The SSI model, discussed above,
consists of a spring/damper system
connecting the structure to the free field.
The free field motion is the required input
to the problem. A time history is used
which fits the 5% damped Reg Guide 1.60
spectral shape anchored to either 0.2 or 0,5
G. Convolution studies are performed,
using the CARES computer code [3], with
the criteria motion applied either at the
surface or at an outcrop at the same
elevation as the base of the vault.
Compatible free field motions are
computed over the depth of the vault so
that there is the input to the SSI model is
different at each elevation in the vault.
For the purposes of comparison, solutions
are also obtained based on the assumption
that the field motion is constant with
depth and equal to the motion at the
vault's base elevation. Solutions are
obtained for soil columns over the depth
of the vault having shear wave velocities
of 375 fps, 750 fps, and 1500 fps. The soil
damping is taken to be 10% of critical. The
material below the vault is taken either as
a continuation of the soil above the vault
foundation or as a rock having a shear
wave velocity of 8200 fps. The rock
damping is taken to be 2% of critical.

NUMERICAL RESULTS

Solutions are obtained by numerically
integrating the equations of motion for the
rigid vault system for the cases discussed
above. Response spectra (5%) at the top
and bottom of the vault are calculated, and
wall pressures are determined. The wall
pressures are presented in two forms. First,
the pressure distribution over the depth of
the wall at the time when the resultant
force is maximum is shown. Then, the
peak pressure at each layer is presented. Of
course, these peak pressures will not occur
at the same time. The depth of the vault is
divided into five layers for each of the
solutions.

The following parameters are varied:
control point location (surface or rock
outcrop at elevation of base of. vault), ZPA
(0.2 G and 0.5 G), variable or uniform free
field motion over the vault depth, soil
shear wave velocity over the vault depth
(375 fps, 750 fps, or 1500 fps), material shear
wave velocity below the vault (same as
upper soil or 8200 fps rock), and maximum
wall pressure cutoff or not. The
identification of the figure numbers for
the solutions are given in Table 1.

Table 1

1'ARAMUTUR VARIATIONS IOI! VAULT FOI VI IONS

1 ipire

No

3

1

5

6

7

8

9

10

11

12

13

Conlrol

Tom*

Outrtop

Oulciop

Outcrop

Outcrop

Surf.ice

Outcrnp

Outcrop

Surface

Oulcrop

Outcrop

Surbce

ZI'A

(C)

02

02

02

02

02

02

05

05

05

05

02

Variation of

M Motion

No

Yes

Yes

\n

Yrs

Yes

Yes

Y «

Yes

Yes

Yt-;

Soil V5

« « •

750

750

750

750

750

1500

375

750

750

750

750

,l(p«)

M5

p:ou

F2TO

8200

750

750

8200

8200

RW0

8200

8200

S2TO

rre^uie

CuU.K

No

No

Yos

No

No

No

No

No

No

*« •<

N i t
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CONCLUSIONS

The following conclusions
developed from the study:

are

1. The criteria motion applied at the hard
layer of a non uniform site results in a
larger seismic response than the case
where the criteria motion is applied at
the surface. This can be demonstrated by
comparing the solutions shown on Figs.
4 and 13. The peak spectral acceleration
at the top of the tank increases from
about 0.8 G for the surface control point
to 2.6 G for the rock outcrop control
point. The wall pressures increase by
about a factor of two between the two
cases.

2. When the soil is uniform with depth,
there is little difference in the results
obtained with the surface or "rock"
outcrop control point. As may be seen by
comparing the results on Figs. 6 and 7
the surface control point results are
slightly higher but close to the outcrop
results.

3. The variation of free field ground
motion with depth has a significant
effect on the results for the non uniform
sites. This can be seen by comparing the
results shown on Figs. 3 and 4. The wall
pressures obtained from the variable
free field input are about 4 times those
computed by assuming uniform free
field motion.

4. Response spectra calculated by
restricting the peak wall pressures are
only slightly lower than those obtained
without placing such limits on wall
pressures. This is shown by comparing
the spectra on Figs. 4 and 5 for the 0.2 G
ZPA case and 11 and 12 for the 0.5 G

case. Of course, the peak pressures are
reduced when limits are placed on the
wall pressures. This result suggests that
the seismic response calculations can be
done without considering the non
linearity associated with the pressure
cutoff, and the resulting wall pressures
reduced to account for the limits.

5. The effect of soil shear wave velocities
can be seen by comparing the results on
Figs. A, 8, and 9.

6. A comparison of the response of a vault
founded on rock with one founded on
soil can be made by examining the
results shown on Figs. 7 and 13. The
response spectra are almost identical but
the wall pressures for the rock based
vault are about double those for a soil
based vault.
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RESIDUAL MASS CONSIDERATIONS IN MODAL ANALYSIS
OF LARGE DYNAMIC STRUCTURAL SYSTEMS

Jeffrey S. Shulman, James P. Day
ADVENT Engineering Services, Inc.

3 Crow Canyon Court
Suite 100

San Ramon, CA 94583

ABSTRACT

Industry guidelines have specified that the seismic evaluation of Moderate and
High Hazard Department of Energy (DOE) facilities be accomplished by use
of dynamic analysis. The recommended approach is elastic response spectrum
dynamic analysis to evaluate the elastic system demand on facility components.
The application of modal response spectrum analysis to the seismic evaluation
of nuclear facility structures, systems and equipment involves approximations
due to Umitations on the number of modes typically addressed in the complete
dynamic solution.

A simplified approach for achieving improved rigor in accounting for
responses of the higher frequency modes in a modal response spectrum
analysis is demonstrated.

INTRODUCTION

UCRL-15910 [1] specifies that the seismic
evaluation of Moderate and High Hazard DOE
facilities be accomplished by use of dynamic
analysis. It recommends that elastic response
spectrum dynamic analysis be used to evaluate the
elastic system demand on facility components. In
the mode-by-mode dynamic analysis of seismic
response, only those limited number of modes with
frequencies below some cutoff frequency are
typically addressed in the dynamic solution. Since
its initial issue, Section 3.72 "Seismic System
Analysis" of NUREG-0800 [2] has required that
sufficient modes be included in a dynamic response
analysis to ensure that the inclusion of additional
modes does not result in more than a 10 percent
increase in response. Various methods, which have
been applied over the years with the intent of
meeting or exceeding this convergence requirement,
include:

Trial-and-crror procedures wherein the
total response is computed for increasing
cutoff frequencies until convergence is
obtained.

A total modal mass procedure in which the
cutoff frequency is determined so that the
total modal mass considered in the
response calculations is at least 90% of the
total system mass.

A high cutoff frequency procedure wherein
an arbitrary, high frequency (e.g. 100 Hz),
well beyond the lowest frequency at which
the response spectrum returns
approximately to the zero-period
acceleration (ZPA frequency, typically 33
Hz as for Regulatory Guide 1.60 [3] design
response spectra), is selected.
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More recently, pseudo-static analysis
procedures wherein response to the inertia)
forces associated with mass not
participating in the (flexible) modes below
the cutoff frequency are combined with the
modal dynamic results for all modes
through the cutoff frequency.

The trial-and-error procedures are
inefficient, time-consuming and accepting of
something (although quantifiable) less than a
complete solution. Additionally, depending upon
the mode number at which "satisfactory*
convergence is determined, such procedures
introduce potential inaccuracies associated with the
higher mode predictions of the eigenvalue/
eigenvector solution for systems with discretized
inertia representations (e.g. mass lumping).

Procedures which address the dynamic
solution through a cutoff frequency determined such
that the total modal mass considered in the
response calculation is above some fraction of the
total system mass are also inefficient, time-
consuming and accepting of something less than a
complete solution. These procedures also introduce
potential inaccuracies associated with the higher
mode predictions of the eigenvalue/eigenvector
solution. More significantly, perhaps, such
procedures address only total modal mass (a scalar)
as a measure of convergence and are silent on the
quality of the modal mass distribution. Therefore,
they do not allow for a true assessment of the
convergence of the response determination.

Procedures which are based on the dynamic
solution through an arbitrary, high cutoff frequency,
well beyond the ZPA frequency, are also inefficient,
time-consuming and accepting of something less
than a complete solution. They also introduce
potential inaccuracies associated with the higher
mode predictions of the eigenvalue/eigenvector
solution. Such procedures are not specifically
responsive to a quantified convergence criteria.

With Revision 2 to Section 3.7.2 "Seismic
System Analysis" [2] and its Appendix A
"Acceptable Methods to Account for High-
Frequency Modes," the Standard Review Plan
(SRP) for the first time addressed concern for

significant response which may be associated with
modes having frequencies above the ZPA
frequencies and proposed pseudo-static analysis
procedures to address these contributions. Parallel
considerations are manifested in the guidelines of
UCRL-15910 [1] via its reference to ASCE Standard
ASCE 4-86 (4). ASCE 4-86 [5] actually goes beyond
the SRP guidelines in specifically including the so-
called "residual mass" associated with all higher
frequencies above the cutoff frequency.

A theoretically rigorous combination of the
high-frequency modes having frequencies beyond
the ZPA frequency should be by the Algebraic Sum
Method [2]. The application of the Square-Root-of-
the-Sum-of-the-Squares (SRSS) combination to such
high frequency modes is highly inaccurate and could
present significant unconscrvatisms. The SRSS
method assumes random phasing of modal
responses at the time of peak response. While this
assumption has been shown to be adequate
throughout the majority of the frequency range for
earthquake-type responses, higher frequency modes
are all nearly in-phase and therefore should be
combined by Algebraic Simulation. At these
frequencies, the seismic input motion does not
contain significant energy content and the structure
simply responds to the inertia] forces from the peak
zero period acceleration in a pseudo-static fashion.
The phasing of the maximum response from modes
at these high frequencies will be essentially
deterministic and in accordance with this pseudo-
static response to the peak ZPA. Consequently,
theory would suggest that for all procedures
discussed, the Algebraic Sum Method should be
used to combine all modes with frequencies above
the ZPA frequency. This is, for the most part, an
academic issue where incomplete superposition of
the modes already corrupts what is essentially a
series solution.

The basic approach commonly
recommended for consideration of these high
frequency modal responses is to perform the modal
extraction up to some predetermined cutoff
frequency (preferably the ZPA frequency).
Standard, yet still somewhat controversial, industry
techniques are applied for combining (flexible)
modes up to and including the cutoff frequency.
The combined effects of the flexible modes and the
effects of residual mass not participating in the
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modes extracted are superimposed by SRSS to
predict the total response. The normally-
recommended procedures for addressing the effects
of residual mass prescribe the development of a
residual mass matrix for use in pseudo-static
analyses for accelerations corresponding to the
spectral accelerations at the cutoff frequency
(preferably the ZPA frequency). Both the SRP [2]
as well as the ASCE 4-86 [4] introduce the concept
of fractional mass (for each dynamic degree of
freedom) not included in the modes summed
through the cutoff frequency mass, thereby
associated with the higher modes. The approach
requires some mode-by-mode bookkeeping which
presently is not available in many of the computer
programs currently used to perform seismic analysis.
In addition to the bookkeeping, the static analysis
used to account for the unincluded fractional mass
requires the application of nodal forces representing
the corresponding pseudo-static incrtial forces. The
bookkeeping and analysis input becomes more
involved with the existence of off-diagonal terms in
the dynamic system mass matrix, introduced by
consistent-mass formulations or reduction
techniques such as Guyan reduction. Consequently,
in spite of very clear regulatory guidance regarding
the proper consideration of higher-mode response,
a large sector of the industry still proceeds with
awkward and/or approximate alternatives to what is
an elegantly simple and exact method.

THEORETICAL BACKGROUND

A much simplified approach to addressing
the residua] mass contributions of the high-
frequency modes was initially presented by Powell
(6], This approach circumvents the need for
customized bookkeeping and relies on a
straightforward body-force analysis to account for
the 'higher frequency mass.* It requires no more
than the most basic postprocessing capability
offered by virtually all general purpose finite
element programs.

Consider the following expression for the
inertia loads developed in a "rigid" system:

V, s [M] (1)

acceleration); [M] is the system mass matrix and
{SM} is an acceleration vector having constant
values SI0 for each dynamic degree of freedom in
the ith direction of input motion and zero values for
all other dynamic degrees of freedom. Fundamental
to the approach is the understanding that for such
a rigid system, a constant acceleration (S^)
response spectra analysis, with algebraic summation
of all the modal responses, renders identical results,
expressed as:

(2)

N

>, • EL,

• EL.

total number of dynamic degrees
of freedom of dynamic system

load vector in mode n due to
acceleration SM in the ith
direction of input.

response vector in mode n due to
acceleration S*, in the ith
direction of input.

Therefore, for a ZPA cutoff frequency
corresponding to mode M (MsN) of the system,
the contribution of the higher frequency modes
(beyond the cutoff frequency) can be determined as:

" EL.

- El.

where {FR}j is the vector of loads; {RR)J is the
vector of responses (e.g. displacement, stress,
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Where:

Y** and {RJ=
n i

(6)

are algebraic summations operating on the "flexible"
modes up to and including the cutoff frequency for
spectral input characterized by a constant spectral
acceleration equal to the ZPA in the ith direction of
seismic excitation.

APPLICATION

The issue of potential dynamic coupling
between structural systems has received much
attention in nuclear facility seismic design. Nuclear
facility structures and components have been
approximated by mathematical models to permit
analysis of responses to seismic excitation.
Historically, the large number of degrees of
freedom that would be necessary and the possible
ill-conditioning of the resulting stiffness matrix
associated with a combined, single mathematical
model of several connected components encouraged
the use of separate component models for analysis.
Thus, one usually finds one or more so-called
primary structural models, each of which supports
one or more secondary models. Different models
of the same structure would be required for
different purposes. For example, models used to
generate the seismic excitation input for subsequent
separate analyses of secondary components
(systems) may not be suitable for the detailed
localized analysis of the primary structure (system).
ASCE 4-86 [4] as well as SRP 3.7.2 [2] provides
some guidelines relating to dynamic coupling
criteria, albeit primarily in applications where the
secondary system(s) are connected to the primary
system at a single point. The criteria operate on
parameters such as secondary system to primary
system frequency and mass ratios. ASCE 4-86 [4]
goes on to state that for multipoint attachment of a
secondary system to the primary system, the
stiffness of the subsystem may restrict movement of
the primary system. Therefore, in addition to mass
ratio considerations, the relative stiffness of the
subsystem to structure should be investigated. The
Standard admits that, at present, no criteria are
available to determine when coupling is required for
this situation.

In addition to the jmputalional benefits
that can be gained by the optimum treatment of
dynamic coupling in the seismic analysis of nuclear
facility components (systems), it is particularly
beneficial in evolving design situations, wherein the
individual components may each be undergoing
design iterations pursuant to satisfying their own or
mutual design/performance requirements. The
design of the three major structural components of
the SP-100 Ground Engineering System (GES) Test
Site, i.c. the Nuclear Test Assembly (NAT), the
vacuum vessel and the vacuum vessel support
structure, was a classic example of this
interdependence. Design responsibilities for these
three major components rested with different
organizations. Westinghouse Hanford Company
(WHC), with design responsibility for the vacuum
vessel, identified the need for an analysis strategy
which:

• Clearly defined the interfaces between the
three design organizations.

• Minimized organizational interfaces while,
at the same time, optimized efficiency in
interactive analyses accompanying design
evolution.

• Provided justifiable simplifications in the
ongoing seismic analysis activities.

The development of such a strategy is very
much dependent on the structural dynamic (mass
and stiffness) characteristics of the individual
components, in an absolute as well as in a relative
sense. Such a strategy must account for the other
constraints which may be, if only implicitly, affecting
these characteristics. Constraints designed to
completely eliminate dynamic coupling as a
parameter in the design evolution often result in
greater burdens on the design process, including
impact on more important component performance
goals and material costs.

A detailed description of the vacuum vessel
was included in a recent paper presented at the
1991 Pressure Vessels and Piping Conference [7].
A schematic representation of the system consisting
of the three major structural components,
identifying their interfaces, is shown in Figure 1.
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Vacuum

Support
Structure

Figure 1. System Schematic

Seismic studies were performed to address
the potential for decoupling of the upper and lower
NAT internals from the vacuum vessel/vessel
support structure. The demonstration of such
decoupled behavior would:

• Allow for simplified consideration of the
NAT in the seismic analysis of the vacuum vessel.
Therefore, seismic response of the vessel would be
invariant under those NAT modifications which left
the NAT mass and "static interaction" stiffness
essentially unchanged.

• Allow for seismic analysis of the NAT for
seismic input that would be invariant under those
NAT modifications which left the NAT mass and
'static interaction" stiffness essentially unchanged.
This could be a significant advantage in analysis if
the NAT analyst chooses to analyze a "fixed-base"
NAT model using amplified response spectra
computed by the vessel analyst at the NAT support
locations. Alternatively, the NAT analyst could
choose to use a coupled NAT/vacuum vessel/
vacuum vessel support structure model together
with the response spectra specified at the base of
the support structure. In any case, design iterations
on the NAT, which do not significantly effect its
mass, could proceed without concern for the effect
of these iterations on the seismic design basis for
tac NAT.

Neither the NAT internals nor the
supported vacuum vessel have mass which can be
considered insignificant relative to the other.
Consequently, investigation of the viability of
decoupling a subsystem from its primary system
required demonstration that a simplified primary
system model, reduced to the extent that the
secondary system was represented only in terms of
its mass and its potential for static (stiffness)
interaction with the primary system, could
accurately predict amplified seismic response at the
attachment points for the secondary system.

Seismic response spectra analyses were
performed utilizing SSE response spectra defined at
the base of the vessel support structure as shown in
Figures 2 and 3 for the horizontal and vertical
directions respectively.

Two analyses were performed using
response spectrum modal analysis applied to the
combined model of the NAT, vacuum vessel and
vacuum vessel support structure. In the first
analysis (Model 1), master (or dynamic) degrees of
freedom were selected throughout the combined
model including appropriate locations internal to
the NAT assembly. Consequently, this first analysis
would explicitly account for the structural dynamics
of the NAT and therefore address potential dynamic
interactions between the NAT and the vacuum
vessel/vacuum vessel support structure system. In
the second analysis (Model 2), master degrees of
freedom were selected throughout the combined
model excluding locations internal to the NAT
assembly. This second reduced analysis essentially
addressed a simplified primary system (vessel and
vacuum vessel support structure) which neglects
dynamic modes associated with the NAT internals
but which considers the mass and static stiffness of
the NAT. In both analyses, master degrees of
freedom were retained for all degrees of freedom
corresponding to the locations of attachment and
translation^ directions of restraint provided by the
vacuum vessel in supporting the upper and lower
NAT internals.

The methodology employed in determining
the degree of NAT coupling is based on evaluating
the difference in the resulting maximum absolute
accelerations as predicted by Models 1 and 2 at and
in the direction of vacuum vessel support for the
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upper and lower NAT internals. In both analyses,
all modes with frequencies below 30 Hz were
extracted. For each such flexible mode, designated
by mode number i, a reduced eigenvector, { t j ,
characterizing displacements for the master degrees
of freedom is computed. For each mode, a mode
coefficient, Aj is computed as follows:

Aj = SjiyQi2 (7)

Where S( = spectral acceleration at
mode i

r ; = participation factor for
mode t

Q, = natural circular frequency
of mode i

The participation factor, Pit is defined as:

r- = {4>j}T [M] {D} (8)

Where \M\
{D}

reduced mass matrix
a unit vector describing
the spectral excitation
direction

The absolute acceleration of the master
degrees of freedom, in mode i, could be computed

as:

(9)

Figure 2. SSE Horizontal Response Spectra

Figure 3. SSE Vertical Response Spectra

Guidance for combining modal responses to
predict resulting maximum seismic responses is
provided by ASCE 4-86 [4] as well as Regulatory
Guide 1.92 [5]. Some debate regarding the
combination of modal combinations persists,
particularly in application to the flexible modes of
the dynamic system, and has been well documented
in Volume 4 of NUREG 1061 [6].

A frequent pitfall of comparisons between
combined results of response spectrum analyses,
performed on models with relatively minor
differences, is that relatively small frequency shifts
can dramatically affect the level of conservatism in
the modal combination approach, particularly in
addressing total absolute acceleration contributions
of potentially closely-spaced, high frequency modes.
In effect, the differences arc associated more with
unquan'ifiable dogma than true variations in
dynamic response. While uncertainty regarding the
conservatism of combined modal response spectrum
analysis results is inevitable, the rigorous treatment
of the high-frequency modes at least minimized
"extraneous" potential inconsistencies.
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The following sequence of analysis and
postprocessing was performed for Model 1 and 2;

1) Three-dimensional response
specira modal analyses were performed addressing
three directions of seismic excitation, for:

a. Design Basis Earthquake (DBE)
spectra defined by Figures 2 and 3.

and b. spectra, in all three directions,
defined by a constant spectral acceleration, for all
frequencies corresponding to the ZPA of the DBE
spectrum (a. above) for each direction, respectively.

The modal extractions and expansions were
performed for all modes up and including 30 Hz
(approximately the ZPA frequency).

2) Mode-by-mode absolute
accelerations at the NAT attachment points' master
degrees of freedom were computed for

a. Modal responses as per I) a. and

b. Modal responses as per 1) b.

3) Mode-by-mode absolute
accelerations at the NAT attachment points' master
degrees of freedom were combined by

a. The simplified Gupta Method [4]
for the responses of 2) a.

b. Algebraic Summation for the
response ot 2) b.

4) The results of 3)b. were subtracted
from the acceleration values of l)b., for each
direction of seismic excitation.

5) The results of 4) were added to
those of 3)a. and then combined across the three
directions of seismic excitation.

The differences in the resultant
accelerations, in each of three directions, at the
NAT attachment points as predicted by Model 1
and Model 2 were compared to the appropriate
ZPA. A small difference relative to ZPA was
considered to be sufficient demonstration of
decoupling.

Table 1 presents the predictions of the
resultant accelerations at the points of attachment
of the NAT to the vacuum vessel for comparison.
By comparing the acceleration resultants predicted
by Model 1 and Model 2, the largest difference was
seen to be 0.785 in/sec2. This maximum difference
is insignificant relative to the ZPA (0.88% of the y-
direction ZPA, 0.63% of the x-direction and z-
direction ZPA) indicating that the NAT dynamics,

TABLE 1
Resultant Nodal Am

(SSE Response Spectra)
(Joke m/scc2

Location

Upper NAT
Attach
Poiau

Lower NAT
Attach
Poacs

Node

2231
2234
2237
2240
2243
2246
2249
2252

515
516
517
518

Model

1

131.041
127.693
127.834
127.430
130245
127.664
127.878
127.563

137.685
14L948
137.685
141040

2

130636
127.582
127.601
127.106
129.965
127258
127.539
127.045

137.129
141.163
137.141
141279

1-2

0.405
0.1U
033
0324
0230
0.406
0339
0.518

0.556
0.785
0.54*
0.761

Model

1

96248
94.191
89225
WJ59
8L6B1
84.190
89325
94.076

95.413
89.169
82572
89247

96.151
94.061
89.117
84,115
8L750
84271
89376
94.102

95269
89.105
8Z692
89262

1-2

0.097
0.130
0.108
0044
(0.069)
(0081)
(O051)
(0.026)

0.144
0.06*
(0.120)
(0.015)

a.

Model

1

123.923
125301
124385
12Z682
12X817
124.703
123.876
122336

124.158
124233
124.173
124.198

2

123.694
124383
124X33
122364
123.605
124:669
123332
12Z059

123570
124.023
123.966
123.998

1-2

0229
0.418
0352
0318
0212
0.034
0344
0277

0.188
0210
0207
0200

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

604



U.S. Nuclear Regulatory Commission
Regulatory Guide 1.60, "Design Response
Spectra for Nuclear Power Plants,
December, 1973.

ASCE Standard 4-86, "Seismic Analysis of
Safety-Related Nuclear Structures,"
September, 1986.

U.S. Nuclear Regulatory Commission
Regulatory Guide 1.92, "Combining Modal
Responses and Spatial Components in
Seismic Response Analysis," February,
1976.

U.S. Nuclear Regulatory Commission
"Report of the U.S. Nuclear Regulatory
Commission Piping Review Committee,
Volume 4. Evaluation of Other Dynamic
Loads and Load Combinations," December,
1984.

M.S. Shurrab and H.H. Ziada, "Buckling
Analysis of a Complex Vacuum Vessel
Using the Finite-Element Method," PVP-
Vol. 214, DOE Facilities Programs and
Systems Interaction with Linear and Non-
Linear Techniques, June, 1991.

which are considered only by Model 1, are (3]
inconsequential to the response of the vacuum
vessel and to the forcing function delivered to the
NAT through the NAT attachment points.

The demonstrated decoupling of the NAT [4]
from the vacuum vessel allowed for the following;

• In predicting seismic response of the
vacuum vessel/vessel support structure, one need [5]
only account for the mass of the NAT and not its
internal dynamics, i.e., Model 2 is an adequate
predictor of vacuum vessel/vessel support response.
The advantage gained is that changes to the NAT,
other than to its mass, do not affect the vacuum
vessel or vessel support seismic analyses. [6]

• Seismic response of the NAT can be
determined from a fixed-support NAT model,
neglecting the vacuum vessel and vessel support
structure, provided that seismic input is determined
in an appropriate manner. This input would change
only if the NAT mass changed appreciably, or [7]
possibly, if the vacuum vessel or vessel support
structural dynamics changed.

CONCLUSIONS

A simplified approach to addressing the
residual mass contributions of the high-frequency
modes of a dynamic structural system has been
demonstrated in a particular application regarding
decoupling criteria. The method requires no more
than the most basic postprocessing offered by
virtually all commercially available general purpose
finite element programs.
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STRESS ANALYSIS, CODE EVALUATION, AND DESIGN MODIFICATION
OF A PLATE RESULTING FROM SEISMIC LOADS

Muhammed A. Rezvani
Hassan H. Ziada

Westinghouse Hanford Company

ABSTRACT

This study addresses the structural analysis and evaluation of a design
modification for a plate in the Fast Flux Test Facility Head Temperature
Control System using two methods to determine seismic loading. The plate
under consideration is in the vicinity of a Fast Flus Test Facility fuel transfer
port system. It is a flat plate supported by six long studs, and five studs are
mainly along one side of the plate. Their location makes the plate act as a
cantilever The plate itself provides support to three vertical neutron shields on
its free edges. During service, a uranium shield ring under the fuel transfer
port nozzle oxidized and expanded. To prevent this expansion from causing
damage to the surrounding components, this ring was removed and replaced
with lead blocks. A few of the lead blocks rest on a free edge of the plate. This
new configuration required additional analysis.

Two cases were considered for the analysis. First, the response spectra, which
was derived from a historical deterministic-based method for site reactor
structures was employed. This is a Site-specific spectra anchored at 0.25 g. The
seismic analysis was performed for this case and checked against the
requirements of the American Society of Mechanical Engineers' Boiler and
Pressure Vessel Code (ASME 1986).1 The results showed that, under these
seismic loads, the existing plate support (i.e., the six studs) design is not
adequate for the added weight of the lead blocks. The design was modified to
constrain the lead blocks from upward movement. When the final design was
reevaluated with modified boundary conditions, the stress results satisfied the
code requirements.

For the second case, the response spectra from the University of California
Lawrence Radiation Laboratory (UCRL 1987)2 and anchored at 0.2 g, was
employed. The 0.2 g anchor resulted from a Hanford Site probabilistic seismic
hazard investigation. These results reveal that the existing design is adequate
and will qualify the structure against the code requirements.

This paper discusses the results from these two analyses: one based on a
historical deterministic approach for determining seismic exposure and the
other method utilizing the recent U.S. Department of Energy order guidance for
high-hazard nonreactor facilities, which employs a probabilistic approach to
determining seismic exposure.

1ASME, 1986, Boiler and Pressure Vessel Code, ASME Section VIII, Pressure Vessels,
American Society of Mechanical Engineers, New York, New York

KUCRL, 1987, Design and Evaluation Guidelines for Department of Energy Facilities
Subjected to Natural Phenomena Hazards, UCRL-15910, Lawrence Livermore National
Laboratory, Livermore, California, June 198?
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USE OF PERSONAL COMPUTERS
IN PERFORMING A

LINEAR MODAL ANALYSIS OF A LARGE FINITE-ELEMENT MODEL
G. R. Wagenblast

Westinghouse Hanford Company
P.O. Box 1970, MSIN H5-55, Richland, Washington 99352

INTRODUCTION

This paper presents the use of personal computers in
performing a dynamic frequency analysis of a large (2,801 degrees
of freedom) finite-element model. Large model linear time history
dynamic evaluations of safety related structures were previously
restricted to mainframe computers using direct integration
analysis methods. This restriction was a result of the limited
memory and speed of personal computers. With the advances in
memory capacity and speed of the personal computers, large finite-
element problems now can be solved in the office in a timely and
cost effective manner.

Presented in three sections, this paper describes the
procedure used to perform the dynamic frequency analysis of the
large (2,801 degrees of freedom) finite-element model on a
personal computer. Section 2.0 describes the structure and the
finite-element model that was developed to represent the structure
for use in the dynamic evaluation. Section 3.0 addresses the
hardware and software used to perform the evaluation and the
optimization of the hardware and software operating configuration
to minimize the time required to perform the analysis. Section 4.0
explains the analysis techniques used to reduce the problem to a
size compatible with the hardware and software memory capacity and
configuration.

MODEL OBJECTIVE

A detailed linear dynamic
analysis was performed to determine if
the 325 Building at the U.S. Department
of Energy Hanford Site was structurally
adequate for the specified design-basis
earthquake. To achieve this objective,
a three-dimensional finite-element
model of the building was developed.
The model included detailed properties
of the different structural components
(e.g., walls, floor diaphragms, beams,
columns, bracing). The comprehensive
finite-element model was used to
analyze for static gravity loads and

for simultaneously applied dynamic
ground motions in the form of response
spectra in the three orthogonal
directions.

The finite-element model was
developed on a 386/20e IBM1 compatible
personal computer. The analysis was
performed on both a 386/20e IBM
compatible personal computer and a
486/25 IBM compatible personal computer
using an MS-DOS based system.
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DESCRIPTION OF BUILDING

The 325 Building is a two-story
steel-frame building with a full
basement. The main building is
rectangular in plan measuring 83 meters
(272 feet) by 60 meters (200 feet). In
elevation, the full basement is
approximately 3 meters (9 feet) below
grade and the full first floor is
approximately 1 meter (3 feet) above
grade. The building has a partial
second floor approximately 8 meters (24
feet) above grade.

The floors and roof are supported
vertically by structural steel columns.
The floor and roof framing systems
consist of wide-flange beams in the
east-west and north-south directions
and wide-flange joists in the north-
south direction. The first floor slab
and half of the second floor slab
consist of corrugated metal decking
with approximately 7 centimeters (3
inches) of mastic floor topping. The
east half of the second floor slab is
12.7 centimeters (5 inches) of
reinforced concrete. The roof deck
consists of 18-gage corrugated steel
decking spot welded every 30
centimeters (12 inches) to the roof
joists. The exterior basement walls
comprise of cast-in-place reinforced
concrete walls.

ELEMENT REPRESENTATION

Plate, beam, and truss elements
were used to represent the structural
members of the model. Three-
dimensional beam elements were used to
represent the columns, floor beams,
roof beams, and K-braces. Six degrees
of freedom are considered for each of
the two ends of the beam. End release
codes (specified in the geometric
property definition) were used to
release the ends of the pin connected
beams. Beam ends are assumed to
transmit moment (e.g., fixed end)
unless released.

Three-dimensional truss elements,
having axial load capabilities only,
were used for the building cross
braces. Three translational degrees of
freedom for each end are considered.

Three-dimensional thin plate
elements were used for the floor slab,
roof, siding, and foundation walls.
The structural floor slabs and the
basement walls were given membrane plus
bending capabilities. The
nonstructural floor slabs and the roof
were given shear capability only, no
bending. The siding was modeled for
mass distribution only and has no
strength.

Plate properties were adjusted to
represent the specific conditions of
mass and stiffness in accordance with
the physical properties of the
corresponding elements. As an example
of this property adjustment, it was
necessary to alter the mass density of
the elements which represent the sheet
roof so that the strength and stiffness
characteristics would be properly
modeled while maintaining the mass of
the roof equal to the sum of the roof
purlins, the sheet metal roofing, roof
insulation, and the built-up roofing
material. The properties of the
structural concrete, the nonstructural
mastic floor, and the siding were
adjusted to represent realistic
distribution of mass and stiffness.

PERSONAL COMPUTER SETUP

Personal computers are used
routinely for the evaluation of
structures using simplified finite-
element models. The computer time
required for these evaluations may be
minutes or a few hours without
adversely impacting the schedule or the
budget of the analyst. However, the
evaluation of large detailed finite-
element models may take several hours
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or days of personal computer time to
complete. To minimize the impact of
computer run time, several operating
configurations were tested to determine
which configuration was most effective
in decreasing computer run time.

A finite-element model was
developed and evaluated using
COSMOS/M3, a general-purpose finite-
element software program used to solve
mainframe structural, heat transfer,
fluids, optimization, and
electromagnetic problems on a personal
computer. The version of COSMOS/M used
for this evaluation was compiled for
use on a 386 IBM compatible personal
computer. The analysis was performed
on both a 386/20e personal computer
with 9 megabytes of random access
memory (RAM) and a 486/25 personal
computer with 16 megabytes of RAM using
an MS-DOS based system. The operating
configuration attributes that were
tested for their affect on computer run
time were the availability and use of
extended and expanded memory, the use
of a virtual disk, and the use of the
disk Cache utility.

RANDOM ACCESS MEMORY

Base memory is that portion of
RAM between 0 and 640 kilobytes that is
used for the computer operating system,
program execution, and data storage.
Expanded memory is that portion of RAM
beyond the 640 kilobytes of base memory
that may be used by programs and
software designed to take advantage of
expanded memory for the computer
operating system, program execution,
and data storage. Extended memory is
memory accessible through operating
systems and memory manager utility
programs for use as virtual disks, disk
caching, or conversion to expanded
memory. Fixed or hard disk memory is
the memory used for permanent data
storage.

Many software packages on the
market today are written to take
advantage of expanded memory through
the use of a memory manager utility.
While some packages require the use of
a separate memory manager, some have a
memory manager incorporated in the
program. COSMOS/M, the software
package used in this analysis, will
detect and use as necessary all
available RAM to perform the analysis.
COSMOS/M recommends having no other
memory manager present while running
the analysis. To ensure that the
program will have adequate space to run
the entire analysis in RAM, it may be
necessary to remove other memory
resident utilities.

This problem has 2,801 degrees of
freedom, and during the solution phase
requires approximately 16 megabytes to
run the entire analysis in RAM. If the
program cannot run the entire analysis
in RAM, it will be necessary to use the
hard disk during the solution phase.
For the 386/20e personal computer with
9 megabytes of RAM, the solution phase
split the 2,801 degrees of freedom
problem into 3 blocks of 7.64 megabytes
and each block was swapped out to the
hard disk during run time. Additional
run time is required each time data is
written to or read from the hard disk.
The problem then becomes input/output
intensive and the solution time depends
on input/output speed. A
486/25 personal computer with the same
amount of RAM as the 386/20e personal
computer (9 megabytes) would run about
3 times faster. This is attributed to
the faster speed of the 486/25 personal
computer.

The same 2,801 degrees of freedom
problem was then run on a
486/25 personal computer with 16
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megabytes of RAM. The program was able
to run the entire analysis in RAM and
was able to run 7 times faster than on
the 386/20e personal computer. The
shorter run time was attributed to the
faster speed of the 486/25 personal
computer, the time saved by running the
entire problem in RAM, and not having
to swap out data to the hard disk.

VIRTUAL DISK

Typically, large finite-element
problems involve a lot of reading from
and writing to the hard disk. For the
modal analysis of this problem, the
information required to perform the
analysis is read once from the hard
disk. With the required data base
loaded in RAM, the mode shapes are
calculated and the information is then
written back to the hard disk.
The majority of the time spent in the
solution phase is used to determine the
mode shapes and is all done in RAM.
The input/output is a small percentage
of the total solution time. For the
stress run, the information required to
calculate the stress for each element
must be read from the hard disk for
each mode shape in each of the three
orthogonal excitation directions. The
stress data then must be combined
appropriately for the particular mode
combination method used and then
written to the hard disk. Therefore,
the stress run is highly input/output
intensive and the run time can be
greatly reduced by running the analysis
in a virtual disk. Virtual disks use a
portion of the computer memory as a
disk drive and are much faster than
mechanical disk drives, because they
operate at the speed of the computer
memory. The virtual disk must be large
enough to store all the analysis files
for the specific problem and output
files along with any temporary files
needed to run the analysis. When
configuring the virtual disk, there
must be enough free RAM available for

the program to run the analysis without
swapping blocks to the hard disk. The
virtual disk is volatile memory and all
virtual disk files will be lost if they
are not transferred to a permanent
storage media before turning off or
resetting the computer.

CACHE

The disk Cache utility can
improve performance by decreasing the
time needed to access fixed disk data.
Copies of the most recently accessed
data and the data expected to be
accessed next are placed in a portion
of memory called the disk Cache. Each
time a sector of data is requested, the
system checks to see if the data is
already in the disk Cache. If it is
there, the data is transferred to main
memory without performing a disk-read
operation. This greatly reduces the
amount of time needed to retrieve data
in applications that are disk-read
intensive.

The use of Cache was found to
decrease run time by 10%. Several
sizes of Cache were used and the
optimum was found to be 512 kilobytes
for this particular hardware
configuration.

PERSONAL CONPUTER ANALYSIS TECHNIQUES

A linear dynamic modal analysis
was part of a structural assessment
performed to determine whether the 325
Building at the Hanford Site could
resist the site design basis earthquake
without significant damage. To achieve
this objective, a three-dimensional
finite-element model of this building
was developed. This model incorporated
detailed properties of the different
structural components (e.g., walls,
floor diaphragms, beams, columns,
bracing). The detailed finite-element
model was analyzed for static gravity
loads and by a modal response spectrum
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analysis for simultaneously applied
ground motions in the three orthogonal
directions.

The steel-frame, reinforced
concrete basement shear walls, the
roof, the siding, and reinforced
concrete slabs were represented by
1,851 elements and 6S6 nodes. The
model had 2,801 dynamic degrees of
freedom.

Guidance for the number of mode
shapes to be included in the dynamic
analysis is taken from Seismic Analysis
of Safety-Related Nuclear Structures
and Commentary on Standard for Seismic
Analysis of Safety-Related Nuclear
Structures (ASCE 1986). The number of
modes to be included in the dynamic
analysis shall be sufficient to ensure
that the total mass participating is at
least 90% of the total system mass. In
place of the 90% mass participation
requirement, it shall be sufficient to
include all modes having frequencies
below the zero-period-frequency of 33
hertz.

Initially, the number of mode
shapes having frequencies in the range
of interest (below the zero-period-
frequency cutoff of 33 hertz) was not
known. Two eigenvalue (frequency)
extraction techniques, the Lanczos
method and the Subspace Iteration
method, are available in COSMOS/M for
use in determining the mode shapes and
frequencies of structures modeled with
more than 50 dynamic degrees-of-
freedom. To determine the number of
frequencies of interest, a preliminary
evaluation using the Lanczos method of
frequency extraction was performed.
The Lanczos method is faster but less
accurate than the Subspace Iteration
method. Because of the increased
speed, the Lanczos method for frequency
extraction was chosen for checking and
debugging the model and for the initial
scoping frequency evaluation. The
Subspace Iteration method was chosen

for the final frequency extraction that
was used in the stress computations.

COSMOS/M has limitations that
restrict the number of modes that can
be extracted for the particular
solution technique used. The
Lanczos method for frequency extraction
is limited to solving for the first 140
modes of vibration. The results from
the Lanczos scoping run revealed that
there are in excess of 140 modes of
vibration having frequencies below 33
hertz. The mass participating in the
140 modes identified in the Lanczos run
was approximately 60% of the total
system mass. Because neither the
requirement for 90% mass participation
nor the requirement to include all
modes below 33 hertz could be satisfied
because of the limitations in the
Lanczos method, it was necessary to
switch to the Subspace Iteration
method. The Lanczos run for 140
frequencies required 6.15 hours to run
on the 386/20e personal computer with 9
megabytes of RAM.

The Subspace Iteration method has
an option not available with the
Lanczos method that allows the solution
of large problems on a personal
computer. A frequency shift can be
applied that allows the solution of
frequencies and mode shapes of a
structure within a certain frequency
range. With the Lanczos method, only
the first 140 mode shapes can be
solved. With the Subspace Iteration
method, the problem can be split into
several frequency ranges, or SHIFTS.
The number of frequencies that can be
extracted in one SHIFT is a function of
the total number of degrees of freedom
in the model. For this problem, each
SHIFT could be solved for up to 114
frequencies. By combining several
SHIFTs, a problem can be solved for any
number of mode shapes.
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The Subspace Iteration method for
eigenvalue (frequency) extraction was
chosen for the final frequency
evaluation. In this method a partial
set of vectors is selected by the
program as a starting subspace and
stored in RAH as an array. Then
eigenvector equations are solved for
the missing vectors. The new vectors
are used to find a new subspace and the
new subspace is used to solve again for
the missing vectors. This process is
repeated until the frequencies from
successive iterations match or converge
to a preset tolerance. The results are
then written to the hard disk. As this
process occurs in RAH, the solution
time can be minimized if the entire
problem can be fit in the available
RAM, precluding the need for multiple
reads and writes to the hard disk.

The first SHIFT (SHIFT1) was run
for 100 modes or frequencies. The
Subspace Iteration run for 100
frequencies required 28.5 hours to
converge after 20 iterations on the
386/20e personal computer with 9
megabytes of RAM. The range of
100 frequencies was from 2,2 to 13.1
hertz. Two SHIFTS were required to
solve for all frequencies below 16.5
hertz. Three additional SHIFTS were
required to solve for all frequencies
between 16.5 and 33 hertz. The summary
of details from each SHIFT are provided
in Table 1.

Frequency ranges of the SHIFTS
were intentionally overlapped to ensure
that all modes were accounted for.

Results from the mode shapes were
combined within each SHIFT using the
analysis software. The results from
the five SHIFTs were combined outside
of the analysis software using a
spreadsheet program.

5.0 CONCLUSIONS

Personal computers are routinely
used to perform dynamic frequency
evaluations of simple finite element
models. With the advances in
technology, personal computers now have
the memory capacity and speed to
perform dynamic frequency analyses of
large detailed finite-element models of
safety related structures. By
optimizing the hardware/software
configuration and using innovative
analysis techniques, large finite-
element problems can be solved in a
timely and cost effective manner.
Previously restricted to mainframe
computers, these problems now can be
solved at the analyst's desk using a
stand alone personal computer with the
appropriate software.
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Table 1.

Shift

LANCZOS
SHIFT1
SHIFT2
SHIFT3
SHIFT4
SHIFT5

Modes

140
100
110
56
100
110

Frequency
range
(hertz)

2.2 - 19.4
2.2 - 13.1
11.8 - 18.6
16.5 - 20.3
20.3 - 26.3
26.0 - 33.0

Time
(hours)

6.15
28.5
32.2
13.5
9.3
19.1

Iter

N/A
20
77
170
48
89

Machine

a
a
a
b
b
b

a = 386/20e with 9 MB RAM
b = 486/25 with 16 MB RAM

l.IBM is a trademark of International Business Machines.

2.MS-DOS is a trademark of Microsoft Corporation.

3.C0SM0S/M is a trademark of Structural Research and Analysis Corporation.
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Analytical Modeling of Masonry Infilled stmml Francs

Roger D. Flanagan and W. Dale Jones
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Richard M. Bennett
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ABSTRACT
A comprehensive program is underway at the Oak
Ridge Y-12 Plant* to evaluate the seismic capacity
of unreinforced hollow clay tile infilled steel
frames. This program has three major parts.
First, preliminary numerical analyses are conducted
to predict behavior, initial cracking loads,
ultimate capacity loads, and to identify important
parameters. Second, in-situ and laboratory tests
are performed to obtain constitutive parameters and
confirm predicted behavior. Finally, the
analytical techniques are refined based on
experimental results. This paper summarizes the
findings of the preliminary numerical analyses.

A review of current analytical methods was
conducted and a subset of these methods was applied
tc known experimental results. Parametric studies
were used to find the sensitivity of the behavior
to various parameters. Both in-plane and out-of-
plane loads were examined.

Two types of out-of-plane behavior were examined,
the inertial forces resulting from the mass of the
infill panel and the out-of-plane forces resulting
from interstory drift. Cracking loads were
estimated using linear elastic analysis and an
elliptical failure criterion. Calculated natural
frequencies were correlated with low amplitude
vibration testing. Ultimate behavior under
inertial loads was estimated using a modified yield
line procedure accounting for membrane stresses.

The initial stiffness and ultimate capacity under
in-plane loadings were predicted using finite
element analyses. Results were compared to
experimental data and to failure loads obtained
using plastic collapse theory.

Managed by Martin Marietta Energy Systems, Inc. for the U.S. Department
of Energy under contract DE-AC05-840R21400.
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INTRODUCTION

A t y p i c a l b u i l d i n g
construction of older industrial
facilities at the Y-12 plant is
structural steel framing with
infilled unreinforced hollow clay
tile (HCT) walls. Figures 1 and 2
show 8" and 13" nominal thickness
walls built with running bond and
using full width tile units or a
staggered combination of tile
units. The HCT have been laid with
the cores horizontal, approximately
1/2" full width bed joints, and
only face shell mortar in the head
joints. The 13" combination walls
exhibit no vertical collar joint
except occasional mortar that has
accidently fallen between the tile
units.

typical column-infill interfaces,
with the exact details hidden from
view. Walls butting against the
column flange are also found.

8" Wall 13" Wall

Fig. 2 Wall Sections
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As part of the safety
evaluation of these facilities, the
resistance to various natural
phenomena, particularly earthquake,
must be determined. A review of
past analyses [1] indicates the
steel framing may not be adequate
to resist seismic loads. Thus, it
is necessary to count on the HCT
infills to resist lateral forces.

Fig. 1 Infilled Frame

Girders and columns that
surround the HCT walls are
generally connected using simple
framing details, Figure 3.
Although some rotational resistance
is present, the steel frames by
themselves are quite flexible and
weak under lateral loads. Little
or no cross-bracing exists in the
buildings which results in the
infilled HCT walls becoming the
primary lateral load resisting
mechanism. Figure 4 presents

BEAM CXUMN

0

Beom to Column Column to Bose Plate

Fig. 3 Connection Details
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Fig. 4 Column Details

The current shortcoming of
this approach for HCT infill
behavior is the lack of a rational
and verifiable method of evaluating
the structures. This is apparent
in the widely varying
approximations in past analyses of
HCT material property data, both
strength and stiffness. Also
evident in these analyses is the
lack of appropriate structure
idealization implied in the
numerous approaches to structure
numerical modeling. Past analyses
have relied heavily on purely
elastic models and concrete masonry
properties. Care must be taken in
relying on the idealization of
other structural systems and in
extrapolating the results of other
material tests to the specific
construction at the Y-12 plant.

A review of technical
literature [2] indicates that while
substantial research has been
conducted on plain masonry and
masonry infilled frames, little of
this research involved unreinforced
HCT. Of equal importance, a review
of current masonry analytical
methods presents the need for more
advanced constitutive material
modeling and a better understanding
of the HCT structural system
behavior.

Thus, a HCT wall evaluation
program has been developed to

establish numerical modeling
techniques, develop material
property data, determine HCT system
behavior, and refine the analytical
methods based on experimental
results. This paper describes the
preliminary numerical analyses.

Masonry infill structures have
been characterized in terms of in-
plane and out-of-plane behavior.
The potential collapse mechanisms
of these structures are the loss of
lateral load capacity by 1) out-of-
plane failure caused by out-of-
plane inertial loads, 2) out-of-
plane failure as a result of the
orthogonal displacements of
interstory drift 3) out-of-plane
failure as a result of cracking
caused by in-plane shear loads, 4}
in-plane corner crushing or
diagonal cracking causing loss of
shear capacity and 5) in-plane
shear failure as a result of out-of
plane damage.

OUT-OF-PLANE BEHAVIOR

For seismic loading, the out-
of-plane response of infilled
frames is comprised of the inertial
effects resulting from the mass of
the panel and interstory drift
effects resulting from relative
top-bottom displacements of the
columns and adjacent panels.

INERTIAL EFFECTS - PRECRACKING
Several researchers [3,4,5,6]

have indicated that linear elastic
analyses with orthotropic material
properties are sufficient to model
infill stiffness prior to inertial
cracking. Little material property
data exists for HCT. Plummer [7]
and Johnson and Matthys [8] are
sources commonly cited for such
engineering data.

Hamid and Drysdale [9]
investigated the effect of varying
stress fields on the behavior of
concrete masonry units. They
observed an increased tensile
strength with a higher strain
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gradient. Thus, the elastic
modulus in compression and tension
may differ in the precracked state.

Various failure criterion for
out-of-plane cracking have been
suggested. Fried et al. [10]
proposed a normal moment method in
which cracking occurs in a masonry
element along a plane measured from
the vertical when the normal
applied moment is equal to the
normal resisting moment. Essaway
and Drysdale [11] proposed a
macroscopic biaxial failure
criteria. This approach considered
the anisotropic and composite
nature of masonry and included
several transverse modes of failure
for masonry panels.

Thurlimann and Guggisberg [12]
have presented an elliptical
interaction relationship of biaxial
and twisting moments, as follows:

deemed most reliable in predicting
first panel cracking.

ll -2C-0

^Afjp '

in which M, is the moment in the x-
direction. My is the moment in the
y-direction, M^ is the twisting
moment, M,̂  is the failure moment
with Mj=O, and Mj.o is the failure
moment* with M, =0. The positive
sign is used for B if H, is less
than My and the negative sign is
used if M, is greater than My.
Cracking occurs when the equation
is positive.

Prior to estimating the
cracking loads of HCT wall test
panels, a comparison of these
techniques was performed. The
comparison was made to experimental
air bag tests reported in reference
[5]. Linear elastic finite element
analyses with orthotropic material
properties were employed. Table 1
presents the results. The
elliptical interaction relation is
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Tab. 1 Panel Cracking Loads
(After Chua [6])

In predicting the cracking
loads for the full-scale air bag
tests of the ¥-12 test program, one
of the unknowns was the wall
boundary conditions, particularly
at the top of the wall. Using the
first out-of-plane frequency
results of low amplitude vibration
testing (impact hammer), effective
spring boundary conditions at the
top of the wall were derived. This
boundary condition was used in an
orthotropic elastic finite element
analysis with the elliptical
interaction criteria to predict
first panel cracking of the full-
scale HCT infill air bag tests
planned at the Y-12 plant.

Pre-test parametric studies
[6] performed on the air bag test
wall model indicated that
variations in modulus of rupture
and elasticity would greatly alter
the cracking load, while the effect
of Poisson's ratio, shear modulus,
and relative air bag size are not
as significant.

INERTIAL EFFECTS - POSTCRACKING
First panel cracking may be

considered a serviceability
criterion. The determination of an
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ultimate limit state for the
postcracking condition is necessary
to define the out-of-plane capacity
of infilled walls. After first
panel cracking, infill forces from
inertial loads are redistributed as
the panel load is increased.
Observations from experimental
testing indicate the true out-of-
plane post cracking behavior of
infills is arching action.
McDowell et al. [13] were among the
first to define arching action as
the mechanism by which masonry
exhibits much greater strength than
predicted by conventional bending
analysis. This early research
involved lateral load tests of
brick beams constrained axially
between rigid supports.

Gabrielson and Kaplan [14]
examined arching of unreinforced
masonry walls under blast loadings
in a shock tunnel. The brick
panels cracked in flexure but
withstood tremendous additional
forces due to arching. After
cracking, some specimens were
tested under reversing load cycles
with a maximum equivalent
acceleration greater than l g.
Some panels exhibited "rigid
arching" where the panels were
tightly fitted between rigid
supports and developed a
symmetrical arch which failed by
crushing. Other panels exhibited
"gapped arching" where the panels
were separated from a support by a
small gap and developed an
unsymmetrical arch which failed by
tensile spalling. Gabrielson and
Kaplan also cited examples of
arching action in several
structures surviving the 1967
Caracas and the 1971 San Fernando
earthquakes.

Seah [5] presented a modified
yield line method of calculating
the ultimate strength of infill
panels subjected to uniform out-of-
plane loading. This procedure
incorporates arching effects and
the effect of frame stiffness and

deformation. Tensionless infill
properties and a plastic stress
block for masonry in compression at
regions of contact along yield
lines and at panel boundaries are
assumed. Various fracture line
patterns are proposed based on the
infill boundary conditions.

In a comparison of the
experimental results of nine air
bag tests of infilled frames [5],
this method proved quite accurate
in predicting the ultimate
capacity. This method was used to
predict the postcracking load-
displacement curve for the full-
scale out-of-plane air bag tests
planned at Y-12.

Pre-test parametric studies
[6] indicated that variations in
compressive strength of the masonry
and confining frame restraint would
significantly alter the ultimate
capacity of the infill. The
effects of modulus of elasticity,
face shell thickness, and relative
air bag size were found to be less
significant.

INTERSTORY DRIFT
In addition to inertial

loading, a transverse wall must
withstand the top-bottom relative
displacements of interstory drift
produced in an earthquake. Little
research has been performed on this
condition. Of 83 references in a
1979 literature review of lateral
loading on masonry infill panels
[15], none dealt with top-bottom
relative displacements. However,
Benedetti and Benzoni [16] have
indicated that interstory drift is
a more severe out-of-plane loading
on typical masonry walls than
inertial loading. As the steel
framing and orthogonal shear walls
displace an infill out-of-plane,
the relative displacement capacity
of the infill may be exceeded.
Another failure scenario is the
loss of in-plane shear capacity of
the infill due to the out-of-plane
displacements but before reaching

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

618



the out-of-plane limit state.
Progressive crack analysis of

some HCT infill configurations at
Y-12 indicate that interstory drift
is the primary concern. One type
of construction evaluated is infill
walls with trusses spanning in the
orthogonal direction. The truss
and the elements it supports are
sufficiently rigid to force the
transverse infill to deform out-of-
plane. Multiple horizontal cracks
develop at the wall base and
throughout the wall. The result is
a complex interaction of the
lateral stiffness of the truss and
the flexural stiffness of the
infill.

A significant part of the
full-scale laboratory HCT test
program has been designed to
investigate the interaction of
combined in-plane and out-of-plane
forces on infill walls. The basic
procedure calls for testing several
infilled frames to ultimate
capacity under cyclic racking
loads. Identical specimens are to
be damaged significantly out-of-
plane and then loaded to ultimate
as the first frames. Several
variations of these tests are to be
performed to account for different
frame and infill stiffness and the
many frame to infill boundary
conditions.

IN-PLANE BEHAVIOR

The primary load resistance
mechanism of infilled frame
structures subjected to earthquake
is to withstand lateral loading in-
plane (acting as a shear wall) and
thus prevent overturning or
collapse. The combined frame and
masonry infill shear wall exhibits
complex structural behavior.

EQUIVALENT STRUT METHODS
Several researchers have

proposed equivalent diagonal
compressive strut formulations for
the lateral bracing effect of

infills. Early work by Stafford-
Smith [17] showed that the frame
and infill separate under racking
loads, leaving only a small area
near the corners in contact. The
effective width of the resulting
equivalent strut depends on the
infill aspect ratio and the frame
strength relative to the infill
strength. For typical infills, the
equivalent strut width varied from
d/4 to d/11 where d is the diagonal
chord length of the frame.

More recently, equivalent
strut methods have considered
nonlinear material properties to
approximate degrading stiffness and
strength of the infill under cyclic
loads [18,19]. These models have
been shown to provide reasonable
estimates of the behavior of some
infills. Preliminary evaluation of
equivalent strut formulations for
HCT infilled frames is ongoing but
the results are inconclusive at the
time of writing of this paper.

COLLAPSE THEORY
Plastic collapse theories have

been developed by Liauw and Kwan
[20] for predicting the ultimate
in-plane capacity of masonry
infilled frames. This method is
based on rigid frames so it is
expected to conservatively estimate
the HCT infills being investigated.
Three failure modes are proposed
with the resulting collapse shear
for a square panel determined as:

•min

in which M^ is the plastic moment
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capacity of the column, M^ is the
plastic moment capacity of the
beam, and Mpj is the plastic moment
capacity of the joint, which is the
smaller value of M,,. and Mpb. The
first two modes are corner crushing
modes, with failure in the columns
and beams respectively. These
failure modes are typical of frames
that are weak relative to the
infill. The third mode is a
diagonal crushing mode, in which
the infilled panel is not strong
enough to develop plastic hinges in
the columns or beams. This failure
mode is typical of frames that are
strong relative to the infill.

To account for the non-ideal
plasticity of the masonry [21], a
material penalty factor is used to
reduce the infill crushing stress.
The penalty factor is determined
as:

°2 663mi -1.371imO.406

The parameter m is determined from:

in which oc is the compressive
strength of the wall. Dawe and
McBride [22] showed good
correlation of six large scale
masonry infilled test results and
the plastic collapse theory using
the material penalty factor.

In designing the full-scale
in-plane test specimens of the HCT
evaluation program, the ratio of
the specimen frame to infill
stiffness was kept in the range of
that for actual buildings. The
ratio was calculated using a
nondimensional factor proposed by
Sta fford-Smith [17].

The plastic collapse method
was used to predict the ultimate
capacity of the HCT infilled test

frames. Results were used to size
load cells, a reaction frame and
other test equipment. Each of the
postulated failure modes are
accounted for in the infilled
frames to be tested.

FINITE ELEMENTS
Many researchers have proposed

finite element modeling of infilled
frames. Early models [23] used
linear elastic constitutive
properties but recognized the
importance of the frame-infill
interface. Contact elements have
been used to simulate the debonding
that occurs along the masonry-steel
junction. Riddington [24] showed
the detrimental effects of initial
gaps and noted that analyses tended
to predict stiffer behavior than
experimentally observed. He
attributed this to localized mortar
crushing at the corners.

Others have used concrete
models for evaluating masonry.
However, masonry has an additional
parameter, angle with respect to
the bed joint. Ohanasekar et al.
[25] developed a biaxial failure
surface and constitutive model
based on 180 masonry tests that
includes directional dependance.

Two finite element
formulations are currently being
evaluated for in-plane loading.
Experimental tests performed at the
University of New Brunswick [26]
are being used as a baseline for
validating these models.

The first formulation is a
nonlinear concrete model in the
commercial computer code ABAQUS
[27], This elastic-plastic model
uses classical plasticity theory of
strain rate decomposition into
elastic and inelastic strain rates.
An isotropically hardening yield
surface forms the basis for the
inelastic response in compression.
The anisotropy introduced by
tension cracking is included in a
smeared crack model. Cracks and
their orientation are detected at
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integration points of the finite
elements using a plasticity tension
surface. Damaged elasticity is
then used to describe the concrete
as the crack opens. The model
includes a shear retention
technique to describe the reduction
of the shear modulus of cracked
surfaces as a function of the
tensile strain across the crack.
A tension stiffening option is
provided to define the strain-
softening behavior of a cracked
area.

The second finite element
formulation currently being vised is
the computer code FEM developed in
the masonry research program that
is organized as the U.S. Technical
Coordinating Committee on Masonry
Research (TCCMAR) [28]. FEM is a
nonlinear finite element program
for static analysis of in-plane
masonry components. The masonry
model is based on previous concrete
finite element formulations and
includes tension stiffening,
compression softening, strain
softening, and a degrading
unloading rule. The model
incorporates tension crack
reorientation from the initial
crack and includes a compressive
strength increase due to lateral
confinement. Reinforcement in this
model is represented by an
orthotropic material with bilinear
stress-strain relationships and
includes unloading.

Figure 5 shows the results of
both finite element techniques in
predicting the load-displacement
curve for an in-plane loading of a
concrete masonry infilled frame.
It should be noted that the ABAQUS
program has the advantage of
incorporating gap elements at the
interface and of modeling the steel
frame precisely. The FEM program
does not have contact type elements
and has only the one masonry
material algorithm. The steel
frame was modeled in FEM by lumping
equivalent masonry reinforcement at

the panel edges where the columns
would normallv be located.

300

XI

zoo
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Fig 5. In-Plane Load Comparison

The ultimate load calculated
using plastic collapse methods was
438 kN. This is slightly above
both predicted and experimental
collapse loads.

CONCLUSIONS

Preliminary analytical methods
for analyzing HCT infilled walls
subjected to various natural
phenomena were examined.
Sufficient methods appear to exist
for determining cracking and
ultimate loads for panels subjected
to out-of-plane inertial loads.
Almost no research has been
conducted on out-of-plane loads
resulting from interstory drift;
therefore analytical methods are
limited and remain unverified.
Relatively simple methods exist for
determining some in-plane
parameters, such as initial
stiffness and ultimate load. These
methods need to be verified for HCT
walls. Additional work is planned
for the finite element method. The
feasibility of adapting the
constitutive model and failure
surface of Dhanasekar et al [25] to
HCT will be examined. Other topics
for develoment include hysteretic
behavior, and strength and
stiffness degradation.
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U.S. DEPARTMENT OF ENERGY NATURAL PHENOMENA DESIGN/
EVALUATION GUIDELINE8/LBSSONS LEARNED

Thomas J. Conrads
Wostinghous* Hanford Company

P.O. BOX 1970, H5-55
Richland, WA 99352

ABSTRACT

In the spring of 1988, DOE Order 6430.1A, General
Design Criteria [l], was issued for use. This
document references UCRL-15910, Design and
Evaluation Guidelines for DOE Facilitj.es
Subjected to Natural Phenomena Hazards [2], which
is to be used as the basis for the design and
evaluation of new and existing facilities to
natural phenomena loading. Rather than use the
historical deterministic methods for computing
structural and component loading from potential
natural phenomena, UCRL-15910 incorporated the
years of hazards studies conducted throughout the
U.S. Department of Energy complex into
probabilistic-based methods.

This paper describes the process used to
incorporate U.S. Department of Energy natural
phenomena design guidelines into the Hanford
Plant Standards - Standard Design Criteria for
Architectural and Civil Standards [3]. It also
addresses the subsequent use of these criteria
during structural assessments of facilities,
systems, and components of various vintage in
support of updating safety analysis reports. The
paper includes comparison of results using these
most recent probabilistic-based natural phenomena
loading criteria to those obtained from previous
assessments, and it addresses the lessons learned
from the many structural evaluations of 1940-
through-1960 vintage buildings.

INTRODUCTION placed an unprecedented emphasis
on maintaining up-to-date safety

With the issuance of U.S. analysis reports (SAR) and
Department of Energy (DOE) Orders readily available supporting
6430.1A, General Design Criteria documents for nonreactor nuclear
[1], and 5480.IB, Safety Analysis facilities. This documentation
and Review [4], the DOE has justifies the functionality and
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availability of safety class
systems to the facility design
basis events. One subset of the
design basis events is natural
phenomena. The principal
reference in DOE 6430.1A for
evaluating nonreactor facilities
and components to the design
basis loads stemming from natural
phenomena is UCRL-15910, Design
and Evaluation Guidelines for DOE
Facilities Subjected to Natural
Phenomena Hazards [2]. Because
the Hanford Site is pursuing a
new mission of site remediation
and restoration, facility
managers are embarking on long-
range programs to alter the
original process for which their
buildings were designed to be
supportive of these new goals.
In concert with upgrading the
plant process flow diagrams,
updates to final SARs (FSAR) are
required.

Some of the major activities
associated with updating the
FSARs are the structural
evaluations of existing
facilities and safety class
components to natural phenomena
loads using the current
methodology embodied in UCRL-
15910. In most cases this effort
requires reconstituting design
analysis reports for existing
buildings. This process
inherently poses unique problems
in determining use to date,
pedigree of material, as-built
configurations, and the influence
of aging. Once this information
is compiled and its influence on
the as designed configuration
quantified, the current strength
and structural capacity for the
1940-to-1960 vintage facilities
can be estimated.

Experience over the past
three years has revealed a number
of tactics that are more
successful than others, has shown
us how to organize better for
such ambitious tasks, and has
demonstrated which structural
analysis software is best suited
for these tasks.

EXECUTIVE SUMMARY

Prompted by the issuance of
DOE Order 5480.IB, Safety
Analysis and Review [4], the
Hanford Site has embarked on a
program to update the SARs of the
nonreactor nuclear facilities.
In support of this effort, all of
the existing buildings and
associated safety class
components must be evaluated to
determine structural adequacy to
withstand the design basis
natural phenomena events. These
facilities were designed and
constructed in the 1940s through
the 1960s to early versions of
the Uniform Building Code. In
some cases, wind forces
represented the worst lateral
loads these buildings were
expected to endure. Moreover,
all historical assessments of
these buildings, since their
original construction, using
simplified assumptions and
contemporary classical structural
analysis methods failed to
demonstrate positive margins of
safety against more recent
estimates of design basis natural
phenomena loads. In some cases,
this later design basis seismic
criterion can be a multiple of
two to four times greater than
the original design basis.

Since 1988, a number of
these existing buildings and
components in the Plutonium
Finishing Plant Complex, the 300
Area Hot Cell Complex, and
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B Plant Complex have been
demonstrated to be structurally
adequate to meet current DOE
natural phenomena design basis
criteria. The construction
varies from lightly reinforced
concrete canyon buildings to
lightly braced steel frame
buildings on concrete basemats,
to normally braced steel frame
structures on reinforced concrete
foundations, and lightly
reinforced concrete exhaust
stacks.

This effort has required a
rigorous, disciplined approach to
structural mechanics. Some of
the ingredients of these
successful assessments included
using existing live loads; non-
destructive examination (NDE)
methods to determine material
properties, placement of rebar,
and potential deterioration of
concrete and rebar; mock-up
testing to determine connection
capacities; and sophisticated
nonlinear time history ultimate
loads analysis with soil
structure interaction (SSI)
effects. The analytical effort
was complemented with
documentation easily reviewable
by third parties, quality
assurance, and independent safety
review personnel. None of the
buildings evaluated to date to
the Hanford Site natural
phenomena loads have required
major structural upgrades to meet
current DOE natural phenomena
criteria.

Similarly, the safety class
components and systems contained
within the above structures are
being structurally assessed to
ensure compliance with mission
requirements stipulated in the
FSARs. These evaluations are

conducted by teams of structural
analysts and designers initially
recording as-built dimensions,
equipment configurations, weight
and center-of-gravity estimates
using walkdown procedures,
photographs, and video tapes.
This information then is used to
determine on a case-by-use basis
the adequacy of the anchorage for
all components in question. The
results of these component
evaluations to date usually
demonstrate a need for either
additional anchorage, additional
bracing, or a combination of
both.

The results of these
structural evaluations justify
the continued use of some of the
existing facilities in the DOE
complex to support new missions.

DISCUSSION

In the process of
implementing UCRL-15910, as is
the case with the issuance of any
DOE Order, it is necessary to
provide a consistent
interpretation for the Site
personnel through use of local
standards. Implementing
UCRL-15910 for use by all
contractors on the Hanford Site
was no different. The design and
evaluation of Hanford Site
facilities and components to
natural phenomena is governed by
a Hanford Plant Standard,
Standard Design Criteria
HPS-SDC 4.1, [3].

Because the natural
phenomena hazards studies
referenced in UCRL-15910 had been
completed some years before its
issuance, new wind and seismic
hazards studies were conducted to
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account for data recently
compiled for the Basalt Waste
Isolation Project and the
Washington Public Power Supply
System reactor located on the
Hanford Site. Because the Site
covers approximately 560 mi2 of
terrain, it was also beneficial
to determine the seismic exposure
at specific locations where the
major nonreactor facilities were
located. The results of the
seismic hazards studies are
contained in Reference 2 and are
shown in Figure l. Results show
significant difference in the
seismic exposure between the 200
Areas and the 300 or 400 Areas.
These differences are due to the
variation in distance between
these locations and the faults
assumed in these studies.

The maximum free-field
accelerations wci have elected to
use at the Hanford Site are also
reflected in Figure 1 and
envelope all previous data.
These accelerations are used to
anchor the Newmark-Hall spectra
from UCRL-15910 as part of the
prescription for seismic
evaluation for nonreactor
facilities on the Hanford Site.
Figure 2 shows a comparison
between the UCRL-15910 spectra
for a high-hazard nonreactor
facility anchored at 0.20 g and
the historical Fast Flux Test
Facility reactor site-specific
spectra anchored at a
deterministic value 0.25 g.

Once the hazards studies
were completed and technically
reviewed by an independent third
party, the results and
methodology for structurally
evaluating nonreactor facilities

and components to natural
phenomena were recommended for
incorporation into HPS-SDC 4.1.
The subsequent approval process
included the Westinghouse Hanford
Company Oversight Safety
Organization, the Safety and
Environmental Advisory Council,
the technical review committee
comprising members from the
Hanford contractors, and,
finally, the DOE Field Office,
Richland, Washington.

CURRENT SEISMIC EVALUATION OF
PLUTONIUM FINISHING PLANT
FACILITIES

This assessment addressed
three structures: Buildings
234-5Z and 236Z and the 2912
stack.

Building 234-52 is a three-
story structural steel frame
building 450 ft by 150 ft in plan
and 50 ft high. It has three
major internal 8-in.-thick
reinforced concrete walls running
in the east-west direction. This
building is placed on an 8-in.-
thick reinforced concrete slab
with strip foundations and has a
seismic joint at column line 12,
which divides the building into
two almost identical halves. See
Figures 3 and 4 for plan and
elevation views. The steel frame
consists of beams connected to
the columns by double angles
bolted to the columns and welded
to the webs of the beams. The
external skin is a layered
sandwich design made up of a
0.05-in.-thick carbon steel
sheet, 1.5-in.-thick layer of
insulation, and a 0.06-in.-thick
corrugated sheet of aluminum
siding bolted to building framing
members.
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Historically, structural
evaluations of this facility used
two-dimensional adaptations of a
lightly braced frame in the
weakest direction. The analysis
run stream included the original
dead and live load
specifications, and assumed no
moment capacity at the
connections. The results of
these evaluations indicated this
building was capable of
withstanding only a fractioi. of
the 0.25 g safe shutdown
earthquake (SSE) without severe
structural damage.

Most recently, following the
implementation of a detailed
seismic assessment that included
the items listed below, this
building was shown to be capable
of withstanding the 0.2 5 g SSE.

• Thorough review of previous
evaluations, drawings, and
structural upgrades

• Extensive site walkdowns to
document actual live and dead
loads, connection details and
consistency, and inspection of
building framing members

• Removal and testing of the
hybrid fasteners used in the
building connections to determine
stress strain characteristics

• Mock-up testing of the
structural connections to
determining moment/rotation
capacity

• Development of a detailed two-
dimensional model of the
building's weak axis and
completion of sensitivity studies

• Development of a detailed
three-dimensional model that
included the reinforced concrete
walls in the east-west direction
and accounted for the
moment/rotation relationship for
all of the major beam column
connections

• The simultaneous application
of three time histories that
enveloped a 7% damped design
basis spectra anchored at
0.25 g.

The results of this lengthy
program indicated that only four
connections in the facility moved
slightly into the non-linear
regime of the moment-rotation
curve during the seismic event.

Extensive testing of the siding
that was based on the predicted
motions at the building floor
levels demonstrated its ability
to withstand the building seismic
response and not fail.

The next structure to be
evaluated was Building 236Z. It
is a reinforced concrete
building, four stories high and
79 ft square in plan. It has a
central canyon with
2-ft.-thick walls and is
supported by strip foundations.
Plan and elevation views are
shown in Figures 5 and 6,
respectively.

Previous structural
evaluations using two-dimensional
models of the building neglected
the diaphragm action of the floor
slabs and indicated overstressed
conditions as a result of
spectral analysis using original
estimates of live and dead loads.
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Recommendations were to
strengthen the building by means
of external buttresses.

This building also has been
recently demonstrated to be
capable of withstanding the SSE
as a result of implementing the
following program:

• Thorough review of drawings,
major structural upgrades, and
previous structural assessments

• Extensive walkdowns to note
live and dead loads and condition
of building components

• Completion of a simple shear
wall analysis accounting for
floor diaphragm action

• Development of a three-
dimensional beam mass model using
building cross-section, centers
of mass, centers of rigidity,
shear areas, moments of inertia,
and shear stiffness to determine
beam shear and bending properties

• Application of a 5% damped
0.25 g SSE response spectra and
component evaluation to ACI-318
[5] code allowables.

Other buildings in the
Plutonium Finishing Plant complex
have been qualified to the
guidance stipulated in
UCRL-15910 [2], but the last
major structure reported herein
is the 291-Z exhaust stack. This
structure is made of reinforced
concrete and is 200 ft tall. The
stack has an interior diameter
varying from 13 ft 6 in. at the
top to 16 ft at the base. The
thickness of the wall varies
uniformly from 6 in. at the top
to 9 in. at the base (see
Figure 7).

The stack foundation is a
massive concrete footing block,
octagonal in shape, with a
dimension of 32 ft across the
flat sides. The foundation block
is 27 ft 2 in. thick. The top 3
ft 5 in. extends above grade.

Previous structural
evaluations of the 291-Z stack
indicated that it would be
overstressed during a 0.25 g SSE
event and would probably
collapse. The seismic demand on
the stack had been calculated by
a linear elastic response
spectrum procedure that assumed a
fixed base.

The 291-Z stack, like
Buildings 234-5Z and 236Z, also
has been shown recently to be
capable of withstanding the
0.25 g SSE without threat of
collapse. The successful
assessment was based on the
following:

• Thorough review of drawings,
structural upgrades, and previous
analyses

• Extensive walkdowns to note
the condition of the stack
concrete

• Development of a dynamic stick
model to calculate dynamic
response force and moments.

• Application of three
simultaneous time histories that
enveloped a 10% damped SSE
spectra

B Use of the software code
RCCOLA to determine capacity of
sections of the stack
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• Use of a detailed finite
element model of the lower
sections of the stack to
calculate the stresses/strains in
the reinforcing steel.

The purpose of this study
was to assess whether the stack
can resist the postulated SSE
loading without collapse.
Therefore, the acceptance
criterion adopted in this study
was the comparison of the demand
to the ultimate capacity of the
stack, including its ductile
behavior. The criterion is based
on demonstrating low yielding in
the steel and large ductile
capacity remaining in the stack.

The results are given in
Figure 8, which shows the
overturning moment demand
calculated by means of the
cracked stick model to be.
significantly less than the
demand calculated for the
uncracked model, and also less
than the ultimate capacity of the
stack.

B PLANT CANYON STRUCTURAL
EVALUATION

The B Plant canyon building
is a reinforced concrete
structure, constructed during
1943 and 1944. Figure 9 shows a
typical cutaway cross section.
The overall length of the canyon
in 810.5 ft. The canyon is 77 ft
2 in. high with partial
embedments on a 6-ft-thick
concrete slab. The cross-
sectional width is a constant
55 ft 2 in. up to a height of
59 ft and then increases to a
maxiirum of 68 ft 2 in. at the
roof v-op. The roof top slab is a
constant 3 ft for the center half

of the span and increases to 4 ft
at the edges. The exterior walls
vary in thickness from 3 to 5 ft.

The structure is divided
into 20 sections with transverse
section joints provided at 40-ft
intervals. All expansion joints
are keyed and offset to ensure
necessary shielding requirements.
There are two interior
longitudinal walls, neither
extending to the roof.

As in the other historical
structural evaluations referenced
herein, previous attempts to
demonstrate that the B Plant
canyon building would withstand
the SSE indicated areas of
overstress. Recently during the
initial field inspections,
drawing review, and review of
previous structural assessments,
the canyon's main reinforcement
steel was noted to be heavy where
required by classical sizing
design calculations, but other
areas had only minimum
temperature and shrinkage steel.
Also, some of the construction
joints did not seem to be fully
bonded. This lack of full bond
on a construction joint is not an
unusual occurrence ani is not
detrimental to typical reinforced
concrete structures. It does
take on special significance with
a lightly reinforced structure.
These through-wall cracks provide
preferential locations for the
formation of tension cracks
during flexure. These locations
deform more quickly than
adjacent, more solid or uncracked
sections, thus allowing an
accumulation of deformation to
occur at the construction joint
locations.
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Therefore, extensive NDE was
employed to locate the
construction joints. A special
hybrid finite element was
designed to model the behavior of
such joints. The locations of
the construction joints are shown
in Figure 10. The hybrid element
used to model the construction
joints employed an assemblage of
elements resembling a bow tie in
cross section. This element
represents the elastic-plastic
action of the rebar, allows the
neutral axis of the section to
move as the tension steel yields,
and includes, by way of a gap
element, the compression-only
capability allotted for concrete.

Using this hybrid element to
represent the construction
joints, a two-dimensional non-
linear time history analysis was
completed for the weakest cross
section of the building, via
application of the results of a
previous soil structure
interaction analysis at the
canyon's basemat. Successive
evaluations were completed until
the 0.40 g analysis indicated the
structure was nearing its total
capacity at the construction
joints. This corresponds to a
seismic margin of approximately
100%. Figure 11 is an artist's
concept of the predicted response
of the weak axis of the B Plant
canyon building showing the
cumulative rotation at the
construction joints. This motion
is considerably different from
that previously estimated for the
canyon as a continuous structure.

300 AREA HOT CELL BUILDINGS

The hot cell buildings (324,
325) are two- and three-story

steel braced frame structures,
mounted on reinforced concrete
basements. The roofs are made
from insulated steel decking with
built-up tar and gravel finish.
The external siding is a sandwich
design made of steel panel,
insulation, and a corrugated
aluminum panel. Both buildings
were designed and built in the
late 1950s and early 1960s. Both
were originally smaller in plan
than they exist today.
Throughout the years, the
buildings were expanded to
accommodate different missions.
See Figure 12 for a plan view of
Building 324.

During this most recent
effort to assess the seismic
adequacy of these structures, the
original design and sizing
calculations could not be
located. Previous attempts to
demonstrate structural adequacy
for the design basis earthquake
(DBE) showed components of these
buildings to be severely
overstressed. Through the use of
rigorous structural analysis
techniques using detailed three-
dimensional finite element models
and site-specific probabilistic-
based anchor points for the
Newmark-Hall spectra, these
facilities have been shown to
successfully withstand the DBE
with minor alterations.

The ingredients that led to
the successful structural
evaluation consisted of the
following:

• Thorough review of previous
evaluations, drawings, and
structural upgrades
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• Extensive site walkdowns
documenting live and dead loads,
connection details, and
interfaces between the original
building and subsequent
expansions

• Development of detailed
three-dimensional finite element
models including the reinforced
concrete basement and all major
beams and columns (see Figure 13
for a finite element models
representation of Building 325)

• Simultaneous application of
three 7% damped spectra

• Data reduction and strength
evaluations of all building
components to ACI-349 [6] and
ANSI 649 [7] allowables.

The results of the building
evaluations indicated some
members were overstressed. The
models were re-run without these
overstressed members, and the
results demonstrated that the
adjacent structure was capable of
withstanding the. loads. The
siding was qualified by
association, as it is identical
to that already qualified from a
previous building evaluation
(Building 234-5Z).

COMPONENT AND SYSTEM
QUALIFICATION

Following the seismic
assessments of the high and
moderate facility use category
buildings, it is necessary to
evaluate the safety class systems
and components for the effect of
natural phenomena. The initial
step requires development of the
safety analysis scenarios. These

yield the components and systems
that are the major contributors
to on and offsite releases and
the safety functions required by
each to mitigate the potential
releases.

Structural evaluations of
these safety class components to
seismic demands require
determining the safety function
required of the component (active
or passive) followed by an
assessment of its ability to
function during the seismic
event. The evaluation also
includes a seismic II/I
determination to ensure that
items in the seismic zone of
influence do not jeopardize the
safety function of the safety
class component.

The steps necessary to
complete and document a
successful component seismic
qualification include the
following:

• Determination of component
safety class and safety function

• Determination of component
as-built configuration and
condition

• Determination of local floor
response spectra

• Generation of particular
zones of influence for a variety
of weights and locations of
components

• Extensive walkdowns to
measure and document the location
of and obtain the physical
properties and anchorage for all
items in the seismic zone of
influence
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• In the case of components
like gloveboxes, the
determination of impact
resistance for the lexan or
plexiglass material is also
required to ensure integrity from
potential missiles within the
glovebox during a DBE

• Use of analytical or testing
techniques to ensure the safety
function of the component is
maintained and that it will not
be compromised by interaction
with other items in the zone of
influence

• Documentation of the above
methods, results, and items in
the zone of influence to be used
in a configuration control system
to ensure ongoing compliance with
the evaluated item and components
in the seismic zone of influence.

These evaluations were
completed for specific
gloveboxes, filter boxes, and
connecting ducts in the Plutonium
Finishing Plant buildings. The
results indicated only a need for
anchorage and crossbracing
upgrades for nonconforming items.

LESSONS LEARNED

As a result of using the
guidance of UCRL 15910 to assess
the structural capacity of
existing facilities and safety
grade systems to design basis
natural phenomena loads, a number
of lessons are worthy of
discussion.

Because UCRL-15910 [2]
represents a universal design and
structural evaluation document,
it is subject to interpretation.

To clarify the extent of its
application on the local level, a
site-specific interpretation/
implementation document is
recommended to ensure consistency
among structural analysts,
quality assurance, and safety
personnel and oversight
organizations.

Also, because some of the
hazards studies were completed in
years past, it is suggested that
these studies be updated to
include the latest technology and
data bases.

Preparation and
implementation of a method to
determine the safety
classification of buildings and
systems is a prerequisite to the
structural assessment as are
formal field walkdowns to
document as-built details of all
buildings and components of
interest. More often than not,
the load paths in older
facilities have been altered to
some degree to accommodate system
upgrades or building expansions.
It is suggested that the analyst
responsible for the structural
assessment lead the walkdowns and
review all differences between
original design and existing
configurations.

All field notes and sketches
should have a one-over-one and
quality assurance review and
sign-off. If the facility does
not have an essential drawing
list or up-to-date configuration
control system, these data files
will be the basis of initiating
such.
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In regard to the approach of
the structural assessment, it is
recommended to start simple in
order to understand the basic
response of the building or
component and contributions of
various loads to ultimate stress
state.

It is also suggested to
prepare an analysis specification
(work plan) for each building or
system to be evaluated noting
applicable codes and standards,
materials, types of probable
deterioration, and the analysis
methodology to be employed.

The structural assessment
team should take the time to
thoroughly review original design
calculations and any subsequent
analyses efforts to assess the
capability of the structure. Use
of NDE and nondestructive
testing, as necessary, to
determine the condition and
location of structural elements
and detailing that may be in
question.

Because the complete
structural assessment of a
building takes months in
duration, it is suggested that
analysts work in teams. This
ensures less modeling errors,
fewer controversial assumptions,
continuity through absence, and
an organizational memory.

The reporting of the task
and results should be prepared as
a stand-alone document, easily
reviewable by third parties. It
should be stored under a document
control system where it is easily
retrievable and the evolution
through the review/approval
process can be shown.

As the requirements for more
rigorous structural assessments
grow, so will the need for
qualified software analysis
tools. Some of the analysis
software employed at Westinghouse
Hanford Company include ANSYS,
RCCOLA, ABACUS, COSMOS, PIPESD,
AUTOPIPE, FLUSH, and SASSI.

The structural evaluation of
existing facilities and systems
usually takes longer and is more
costly than the design
calculations required for new
construction. Invariably, the
evaluation requires a number of
iterations to understand the
basic response of the facility
and continually remove analytical
conservatisms through more
rigorous and exact modeling
techniques. The goal of this
process is to demonstrate an
adequate structural capacity
commensurate with the design
function of the structure in
question.
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SEISMIC EVALUATION OF BUILDINGS IN THE
EASTERN AND CENTRAL UNITED STATES

James 0. Malley and Chris D. Poland
H. j. Degenkolb Associates, Engineers

350 Sansome Street, Suite 900
San Francisco, CA 94104

ABSTRACT

The vast majority of the existing buildings in the Central
and Eastern United States have not been designed to resist
seismic forces, even though it is becoming widely accepted
that there is a potential for damaging earthquakes in these
regions of the country. These buildings, therefore, may
constitute a serious threat to life safety in the event Tf
a major earthquake. The ATC-14 procedure for the seismic
evaluation of existing buildings has begun to gain wide
acceptance since its publication in 1987. The National
Center for Earthquake Engineering Research (NCEER) funded a
project to critically assess the applicability of ATC-14 to
buildings in th«s Eastern and Central United States. This
NCEER project developed a large volume of recommended
modifications to ATC-14 which are intended to improve the
quality of the ATC-14 procedure's recommendations for the
seismic evaluation of buildings in regions of low
seismicity. NCEER is sponsoring a second project which
will produce a separate document for the seismic evaluation
of existing buildings which specifically focuses on
structures in these areas of the country. This report,
wh.'.ch should be completed in 1991, will provide a valuable
tool for practicing engineers performing these evaluations
in the Eastern and Central United States. This paper will
present the results of these NCEER projects and introduce
the revised ATC-14 methodology.

Modern building codes (hereafter
referred to as the code), such as
the NEHRP Provisions*2', are
written to guide the construction
of new buildings. They
optimistically gather up all of the
available collective experience in
the behavior of structures and
present it in a way that is
applicable to all forms of
construction. Within the seismic
provisions, building code standards
are developed with life safety,
damage control, and cost in mind.
Hopefully, the result is a complete

building system that costs slightly
more to build but has the proper
strength and connection details
necessary to successfully resist
earthquake forces.

Unlike the traditional
structural design for dead and live
loads, seismic design anticipates
that the buildings will be damaged
after a truly major event. To
design buildings to be damage-free
would not only be very expensive
but would also severely limit the
permissible styles of construction.
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New buildings are generally
designed to be strong enough to
resist small earthquakes without
damage and major earthquakes
without collapse. To accomplish
this goal, the *-.ructural design
based on the cou involves a
combination of ba.i c lateral force
resisting strength, vith a proper
structural configurate on, and
appropriate interconnection of the
structural elements. In fact,
within the code, there is a direct
relationship between how a building
is configured, detailed, and tied
together and the amount of lateral
force for which it is designed.
This interrelationship does not
exist in most existing buildings.
For that reason, the code is not a
suitable standard for their
evaluation.

A proper, detailed seismic
evaluation of a building needs to
focus on the "weak links" of the
structure which have been shown to
be critical in past earthquakes in
order to assess their suscept-
ibility to catastrophic damage. If
the level of expected damage is
drtermined to be unacceptable,
tivsn these "weak links" need to be
strengthened and/or new seismic
resistant systems installed.

The Applied Technology Council
(ATC) has developed and published a
methodology, ATC-14*1*, for
evaluating specific buildings that
is tailored for use by practicing
structural engineers. This
methodology leads not only to
conclusions concerning the adequacy
of the structure for a given event,
but also identifies the structure's
weaknesses and, therefore, areas of
needed rehabilitation. It has been
structured to permit the rapid
screening of a large inventory of
buildings followed by detailed
evaluation where necessary.

ATC-14 was developed to be
consistent with the latest building
codes, but tailored to the often
non-conforming characteristics of
the variety of buildings in
existence. It was specifically
aimed at assessing a building's
life safety level of resistance,
with a recommendation that all
buildings be strengthened to this
minimum level. The process also
identifies areas of potential
damage, including "non-structural"
elements, but stops short of
determining actual expected damage
levels.

It is important to note that
ATC-14 has set an evaluation
standard that is less stringent
than modern building codes. It is
applicable only to existing
buildings and anticipates that in
the worst case a building meeting
its requirements may be severely
damaged and perhaps irreparable
after a major earthquake. The
building will have hopefully
provided a safe refuge for its
occupants during the event. This
level of performance is not
acceptable for new construction
because superior earthquake
performance can be accomplished
through proper design at little
increase to construction costs.

IMPBTUS FOR THIS PROJECT

Awareness of the seismic hazard
which exists in the Central and
Eastern United States is expanding
rapidly. The potential for
damaging earthquakes in these
regions of the United States is
becoming better understood. The
most recent editions in many of the
building cedes which are used for
the construction of new buildings
in the Eastern United States now
include mandatory seismic design
provisions. These advances will
undoubtedly increase the seismic
resistance of new buildir.gs
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constructed in these areas of the
country.

But, the vast majority of the
buildings in the Eastern United
States were constructed without the
benefit of specific design fcr
seismic forces. These buildings
will have some inherent seismic
resistance from their capacity to
withstand wind forces. But, many
of the detailing and strength
requirements prescribed by modern
seismic codes were not included in
typical construction practice.
Existing buildings in the Central
and Eastern United States therefore
constitute a serious threat to life
safety in the event of. a majoi
earthquake.

ATC-14 was intended to be
applicable to buildings throughout
the United States. Buildings of
high and moderate seismicity are
addressed together in the same
sections. It includes separate
procedures for evaluating buildings
in regions cf low seismicity (A^ <,
.lOg). This separation was a
deliberate attempt to recognize the
variations of seismic hazard,
design practice, and other factors
between the regions of low and high
seismicity.

But, none of the individuals who
directly participated in the
development of the document were
practicing engineers from the
Eastern United States. Because of
this lack of input, it was felt
that there may be portions of the
document which do not adequately
address the construction practices
typically employed in regions of
low seismicity. It was, therefore,
determined that a critical review
of the ATC-14 document was required
tc assess its applicability to
buildings in the Eastern United
States.

NCMER PROJECT

As a portion of the "Existing
Structures" topic, one of the three
major areas of research for the
second year of the National Center
for Earthquake Engineering Research
(NCEER) five-year program, an
investigation was performed to
critically assess the applicability
of ATC-14 to buildings in regions
of low seismicity, such as the
Eastern United States.<3> H.J.
Cegenkolb Associates, the
subcontractor who developed ATC-14
for the Applied Technology Council,
was contracted co direct this
assessment. They organized a Panel
of five engineers from the Eastern
United States experienced in
seismic design and evaluation to
review the document. Table 1
provides a list of the project
participants. A two-day project
meeting was held to discuss the
review comments of the Panel to
determine areas where ATC-14 could
be improved. A number of major
areas of potential improvement were
identified and developed for
inclusion in future editions of
ATC-14. The topics addressed in
this project included the
following:

Liaison With Other NCEER
Projects
Seismicity Issues
Regional Differences
Between the Eastern and
Western United States in
Earthquake Engineering
Additional Information
Which Could Be of Use to
Evaluating Engineers
A Complete Revision of the
Sections on the Seismic
Evaluation of Buildings in
Regions of Low Seismicity
A Major Revision to the
Chapter on Non-Structural
Elements
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The information provided by this
study should be valuable to
Structural Engineers performing
seismic evaluaitons in regions of
low seismicity. A brief summary of
this information is provided in the
following paragraphs.

INTERACTION WITH OTHER NCEER
PROJECTS

During the development of the
ATC-14 document, it became apparent
that a number of the issues of
concern which were included in the
seismic evaluation were not
adequately understood. Because of
this lack of information, the
analysis procedures recommended for
the detailed evaluation of these
issues are often general techniques
to address the topic under
consideration. While these general
techniques can provide the
evaluator with basic information on
the adequacy of the condition being
reviewed, in many cases it was felt
that more detailed and/or
appropriate procedures would result
in more accurate conclusions. The
development of these more accurate
analysis techniques would
definitely improve the evaluation
procedure.

One of the primary reasons for
establishing the National Center
for Earthquake Engineering Research
(NCEER) was to foster and encourage
cooperation with integration
between investigators in the field
of earthquake engineering research.
A number of other projects
sponsored by NCEER addressed topics
where the ATC-14 project lacked the
information necessary to make
prescriptive recommendations.
These other projects were
identified so that when the results
of this research becomes available
it can be incorporated into any
future editions of ATC-l^.

A total of five projects were
identified where NCEER projects
could improve the ATC-14 evaluation
procedure. These five topics were:

1. Experimental and
Analytical Studies of
Lightly Reinforced
Concrete

2. Experimental and
Analytical Studies of
Semi-Rigid Connections in
Steel Framed Buildings

3. Expert Systems
4. Seismic Evaluation of

Buildings in New York Cit
5. Ground Motion Studies

As the reports generated by
these other NCEER projects are
published, the useful information
can be incorporated to improve
ATC-14.

SEISMICITY ISSUES

Chapter 3 of the ATC-14
document, titled "Seismic Loading",
presents the basic information
necessary to develop the response
spectra which the original project
engineering panel deemed to be
appropriate for the evaluation of
existing buildings. Procedures
were also developed for modifying
the spectra to reflect different
probability levels (return
periods). A short discussion of
the expected duration of strong
ground shaking is also presented.
This procedure incorporated the
seismic zoning maps developed for
the ATC-3 project.

During their review of this
Chapter of the ATC-14 document, the
NCEER Project Panel identified two
major subjects where they felt
significant improvements could be
realized. These two subjects are
the applicability of the present
seismic zoning maps and the
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possibility of structural damage
caused by effects other than ground
shaking.

During the initial stages of
this project, the Review Panel
determined that there is a large
body of knowledge concerning
Eastern seismicity which has yet to
be properly incorporated into the
available seismic zoning maps.
They concluded that there was an
immediate need to begin work on
better defining Eastern seismicity.
in an effort to provide the impetus
for this work, they convened a
meeting of fifteen engineers and
seismologists experienced in this
subject.

The following five topics were
discussed during this meeting:

1. Specific areas where it
may be possible to update
the present seismic zoning
maps.

2. The most recent
information on recurrence
intervals for the Eastern
United States.

3. The effects of distant
earthquakes and duration
on the seismic hazard in
the Eastern United States.

4. Gaps in the present state
of scientific knowledge
regarding these issues.

5. Suggestions for specific
research tasks which could
be useful in bridging
these gaps in our
knowledge.

During this meeting, this group
of seismologists and engineers
agreed that a large body of
knowledge concerning Eastern
seismicity had been developed since
the publication of the updated
Algermissen and Perkins zoning maps
in 1982. They noted that the
research done for the Electric
Power Research Institute (EPRI)

could be used to develop a new
seismic zoning map for the Eastern
United States. They also discussed
the use of more explicitly
probability-based procedures, and
the possibility of varying return
periods. The group recommended
that a number of NCEER-funded
studies be performed to develop
this information into a form which
would be useful to design
engineers.

The second subject concerned
with seismicity addressed in the
NCEER study deals with identifying
seismic hazards other than ground
shaking. These so-called
"secondary seismic hazards" such as
ground rupture in fault zones,
ground failure, tsunamis, fire,
etc., were not specifically
addressed in ATC-14. Ground
failure can occur as settlement,
landslides, or liquefaction. A
discussion of liquefaction effects
is presented in the project report.
This information would be valuable
to an engineer evaluating a
building which is founded on a soil
subject to liquefaction.

NATIONAL REGIONAL DIITERENCES
BETWEEN EASTERN AND WESTERN
UNITED STASIS IN EARTHQUAKE
ENGINEERING

The ATC-14 procedure addressed
the need fcr regional differences
between the seismic evaluation of
buildings in the Eastern and
Western United States in two ways.
The first results from the seismic
mapping which determines the force
level to be used in the analytical
procedures. The second recognized
the differing requirements by
including two separate evaluation
procedures for regions of high and
low seismicity. These two
differences result in significantly
reduced requirements for the
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seismic evaluation of buildings in
the Eastern United States.

The NCEER Review Panel felt that
there were a number of other
regional differences which should
be recognized by engineers
performing seismic evaluations. A
more complete list of these
regional differences includes the
following items:

1. Seismicity including
Attenuation

2. Expectancy Maps and Risk
Analysis

3. Public Awareness
4. Building Code Application
5. Training and Experience of

Design Engineers and Code
Enforcement Officials

6. Companion Wind Threat
7. Age and Weather

Environment of Buildings

These differences are discussed
in a chapter of the project report.

The information developed in
this discussion presents a complete
description of the regional
differences between the Eastern and
Western United States in earthquake
engineering. This description
provides a good deal of background
information which would benefit the
evaluating engineer.

ADDITION*!. INFORMATION HHICH COOUD
BE Or USE TO EVALUATING ENGINEERS

ATC-14 includes an extensive set
of references which were reviewed
and/or used in the development of
the document. Over 250 references
were cited to provide the user with
a means of access to more
information than could be
incorporated in the evaluation
procedure. In order to facilitate
its use, these references were
categorized and listed together by
topic. These topics included
categories such as earthquake

damage reports, code provisions,
other evaluation methodologies,
analysis procedures, various
materials, testing, etc.

During their review, the Panel
Members identified a few areas
which they felt were not adequately
addressed in the references to ATC-
14. it was felt that collecting
and cataloging a more complete list
of references and/or information on
these topics could provide further
assistance in the seismic
evaluation process. References and
information which were collected to
supplement those provided in the
ATC-14 document address the
following topics:

1. Historical references
which contain information
related to methods of
design and construction
typically in use before
the introduction of modern
codes. A total of 30
"Historical Documents" are
listed which include a
great deal of information
on the design, detailing
and construction practices
typically in use at the
time of publication.

2. Reference standards for
all construction
materials, including
mailing addresses. A
larger list of model codes
and reference standards
for the various
construction materials are
included to provide more
complete guidance in the
calculation of member
capacities.

3. Information on the
adoption of model building
codes by states and local
municipalities. A table
is provided which lists
the building code adopted
by each of the fifty
states, the District of
Columbia and the Virgin
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c, This table also
includes the date of
adoption isnd the status
(mandatory, voluntary,
etc.) of the code
requirements. It is based
upon information presented
in the Fourth Edition of
"Directory of State
Building Codes and
Regulations", prepared by
the National Conference of
States on Building Codes
and Standards, in Herndon,
Virginia.

4. Examples of building
performance from
earthquakes in the Eastern
United States. Although
ATC-14 includes an
extensive list of examples
of building performance,
none of the examples were
taken from the reports
prepared on the effects of
Eastern United States
Earthquakes. To provide a
more complete list,
examples from a number of
Eastern United States
Earthquakes such as the
Cape Ann Earthquake of
1755, the New Madrid
Earthquakes of 1811 and
1812, and the Charleston
Earthquake of 1886 are
presented.

REVISION Or SECTIONS ON THE SESXMXC
EvaunxxoN or BUILDINGS IN REGIONS
or urn SEISMICITY

During the initial development
of the ATC-14 document, the Project
Engineering Panel felt that
separate evaluation procedures
should be developed for regions of
low and high seismicity. They
believed that the seismic
evaluation procedure for buildings
in regions of low seismicity should
be less restrictive than that for
regions of high seismicity; it
would be sufficient to insure that

there was a complete well balanced
system for resisting the lateral
loads, and that any falling hazards
such as parapets, cornices,
veneers, etc., were well anchored.
As a result, two separate
evaluation procedures were
developed for each of the model
buildings, with a shorter, less
restrictive set of requirements for
buildings in regions of low
seismicity.

The Panel Members who reviewed
the ATC-14 documents for this
NCEER-sponsored project disagreed
with the premise that the
evaluation procedure for buildings
in regions of low seismicity should
be performed with procedures that
are significantly less restrictive
than those of the buildings in
regions of high seismicity. They
felt that a more specific and
elaborate evaluation procedure was
warranted since, in addition to the
general topics already addressed,
they were also concerned with many
of the issues which are Included in
the evaluation of buildings in
regions of high seismicity. The
lower seismic loading requirements
would sufficiently distinguish the
evaluation procedures. They also
felt that since the engineers
practicing in regions of low
seismicity may not be as
experienced in seismic design
considerations, more specific and
detai.led direction would be
necessary for these engineers to
properly perform a seismic
evaluation. As a result, the
Review Panel recommended that a
major expansion be made to the
evaluation procedures for regions
of low seismicity.

From the comments of the Review
Panel, and the efforts of the
entire project team, a large set of
additions to the low seismicity
evaluation procedures were
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4. Development of statements
related LO exterior
masonry walls braced by
steel or concrete frames
using details typical to
Eastern United States
construction practice.

Because of the volume of these
proposed changes to the original
ATC-14 document, it was decided
that the most appropriate form of
presentation would be to prepare
completely new sections for the
evaluations of buildings in regions
of low seismicity. It is suggested
that these new sections replace the
corresponding sections in ATC-14 to
provide a more complete seismic
evaluation procedure for buildings
in regions of low seismicity.

MAJOR REVISION TO THE CHAPTER ON
NON-STROCTURAL ELEMENTS

Chapter 11 of ATC-14 addresses
the seismic evaluation of non-
structural elements. This Chapter
is based on the General Services
Administration's guidelines for the
seismic evaluation of existing
buildings. A list of performance
characteristics for typical non-
structural elements is provided as
the basis for a set of non-
structural checklist statements.
The statements in this section are
not provided with "Concerns" and
"Procedures" similar to those which
accompany the structural evaluation
statements. Many of these issues
identify potential damage which
would most likely not constitute a
threat to life safety. Others
which could pose such a threat are
identified to alert the evaluator.

The NCEER Panel Members also
made a number of suggestions for
revisions and additions to this
Chapter of ATC-14. More detailed
descriptions and the addition of a
number of figures were suggested in
order to clarify some of the issues

Third DOE Natural Phenomena Hazards Mitigation Conference - 1991

651

developed. These additions
included the following items:

1. specific statements
required for the
evaluation of buildings in
regions of high seismicity
which were felt to a:so be
applicable to areas of low
.seismicity.

2. Modification of specific
statements required for
the evaluation of
buildings in regions of
high seismicity to make
them appropriate for areas
of low seismicity.

3. New statements developed
as a result of specific
concerns expressed by
members of the Review
Panel.

4. Expanded introductory
remarks.

A number of specific concerns
which were generated by the Review
Panel became important components
of the revisions to the low
seismicity evaluation procedures.
These concerns included the
following:

1. Incorporation of the semi-
ductile requirements for
concrete frame buildings
using the ACI or
Massachusetts require-
ments.

2. Inclusion of more specific
statements for the invest-
igation of structural
deterioration from
environmental effects such
as freezing and thawing,
corrosion, infestation,
etc.

3. Development of statements
addressing the special
features of wharf
structures.



presented in this Chapter, in
addition, the Panel Members
recommended major expansions o£ the
sections on elevators and exterior
cladding. A new section to address
building contents was also
recommended. Since the recommended
modifications were so significant*
the amended Chapter 11 was included
in its entirety. These changes are
felt to significantly improve the
procedures for evaluating the non-
structural elements.

CONCLUSION

The NCEER project which
critically assessed the
applicability of ATC-14 to
buildings in regions of low
seismicity, such as the Eastern
United States, has provided a large
number of recommended additions and
revisions to the original document.
It was intended that these
recommended revisions be included
in any future editions of ATC-14,
and the FEMA-sponsored ATC-22
project to develop a handbook for
the seismic evaluation of existing
buildings. The information
presented in this report should
serve as an excellent supplement to
ATC-14 and will be especially
useful for the seismic evaluation
of buildings in the Eastern United
States. A follow-up NCEER project
is intended to incorporate the
proposed modifications into
subsequent editions of ATC-14.
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OUT-OF-PLANE BEHAVIOR OF HOLLOW CLAY TILE WALLS
INFILLED BETWEEN STEEL FRAMES

Mahendra B. Butala
W. Dale Jones

James E. Beavers
Martin Marietta Energy System, Inc.

Oak ridge, Tennessee 37831

ABSTRACT

Several Buildings at the Department of Energy (DOE) Oak Ridge Y-12 Plant*
rely on unreinforced hollow clay tile walls (HCTW) infilled between unbraced,
non-moment resisting steel frames to resist natural phenomena forces, seis-
mic and wind. One critical building relies on moment resisting steel frames
in one direction while reiving on unreinforced HCTWs infilled between the
columns in the orthogonal direction to resist these forces. The HCTWs must
act as shear walls while maintaining out-of-plane lateral stability. In assess-
ing the safety of these buildings to seismic forces, several models to study
the in- and out-of-plane effects were made and analyzed. The study of the
moment resisting steel framed building indicated that bending stresses in
the walls were induced by building drift and not by inertial forces per se.
The discovery of this phenomenon was some what of a surprise in that the
analysis performed is not typically used in design of these structures. The
study indicated that the walls began to crack at their interface with the foun-
dation at a low "g" level and that horizontal cracking at different elevations
continued until the walls exhibited little bending resistance.

This paper presents the results of the study for out-of-plane behavior of
unreinforced HCTWs infilled between adjacent moment resisting steel
frames and discusses the problems of assessing the in-plane behavior given
the horizontal cracks induced by building drift in the out-of-plane direction.

INTRODUCTION low clay tile walls between the frames from floor to
roof. The roof construction is composed of trusses

The purpose of this study is to evaluate the be- and purlins and supports a gypsum deck with built-
havior of a typical hollow clay tile wall (HCTW) up roofing. The basement, first floor and the foot-
panel infilled between steel trussed frames of Build- ing are of concrete constructions. The footing bear-
ing 9212. The 9212 building (Figure 1) which is lo- ing on rock which is a part of the Rome Formation
cated at the Oak Ridge Y-12 Plant in Oak Ridge, of interbede sand stone, siltstone, shale and
Tennessee was constructed in the late 1940s and dolamite. The basement, which is only seven feet
early 1950s. The original structure was completed deep from the first floor to the basement slab is a
in 1947 and consisted of the two story head house very stiff structure,
and four one story wings (A, B, C, and D) with base-
ments. All of the vnngs were constructed of load Two interior rows of piers spaced 12 foot centers
carrying steel truss frames and non load bear hoi- support the first floor. The basement walls are ten

* Managed by Martin Marietta Energy System, Inc. for the U.S. Department of Energy under contract
DE-AC05-840R121400.
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Figure 1: Isometric of 9212 Building.

inches thick and are cast integrally with the piers
supporting the main building columns. In 1948 the
space between the wings was filled with the addi-
tion of wings A-l, B-l, C-l and D-l wing. These
wings share the common HCTWs clay tile walls of
the original A-D wings. A steel frame structure was
constructed to support the new roofs, which are con-
structed of purlins supporting a gypsum deck with
built-up roofing. There are no major structural tie-
ins of the newer wings with the older wings. The
focus of this study is centered on the behavior of a
typical HCTW panel wall of an original wing.

MODELING CONSIDERATIONS

The typical wing for analysis consideration is
264-ft long, 36-ft wide and 22-ft high. Eight feet deep
rigid roof trusses spanning 36 ft between the column

spaced 24 ft center to center along the length of the
wing provide lateral stability. The bottom chord of
the trusses are 12 ft 6-inch above the floor. To pro-
vide longitudinal stability the space between the
frames was infilled with 13 inch HCTW as shown
in Figure 2. Because the wing is long, narrow and
symmetrical, it was found that an isolated single bay
with proper boundary condition could be used for
analysis to represent the wing.

This conclusion was reached after an initial
analysis of a simplified planar steel model, Model
A ( Figure 3), was made. In this model wall mass
was lumped at nodes 2, 3,12, and 13 and the roof
mass lumped at nodes 3,5,7,11 and 13. Here 100%
of the mass participates in the first mode having a
frequency of 0.73 Hz. In the past, other consultants
have also used this type of approach.
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Figure 2: Isometric of a Typical HCTW Panel.

Figure 3a: Model A

LUMPED MASS (WALL)

Figure 3b: Mode Shape
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Properties of HCTW.
The HCT wall was assumed to be homogeneous

and isotropic.

The following material properties of HCTW were as-
sumed for all models

Modulus of Elasticity Ec = 1.21E+6

Weight Density p = 2.84E-2

Poisson's Ratio u = 8.00E-2

Modulus of Rigidity G = 5.6E+5

Tensile Strength of Mortar = 40 psi

Typical Bav
Figure 2 shows an isometric of an isolated steel

frame infilled with a HCTW panel. The steel frames
consist of vertical W10x33 columns connected to
eight feet deep rigid trusses at the top and bolted
to concrete piers at the bottom The construction of
infilled HCTW is unique. The 13 inch thick HCTW
consist of 12 x 12 x 8 and 12x12x4 inch thick tiles,
using a running bond type construction, with the S
and 4 inch tiles staggered vertically and horizontally
as shown in Figure 4. The W10 column is encased
in the wall as shown in Figure 5. Since the cores run
horizontally, the mortar bed joint is 12 inches wide
on both the top and bottom surfaces of tile.

Response Spectrum
The Nemark-Hall (1) response spectrum shape

was used for analysis. It was computed for 12%
damping and followed the recommendations given
in Reference 2. It is anchored to 0.19g ground ac-
celeration and the end pc. its are given in Table 1.
The response spectrum is shown in Figure 6.

MODELING TECHNIQUE

The analytical model is shown in Figure 7. The
model consist of 108 node points, 72 plate bending
elements, 24 beam elements and 20 truss elements.
Proper boundary conditions, (6X, 8y, & Az) = 0 were
applied to simulate the normal curvature of the wall
under applied inertia loading considering bending
in the first mode. The model was restrained against
displacement in the Z- direction (ie only lateral
modes were considered) The bottom of the wall was
restraint in R*; Ry; Ri; Mx; or Mz direction depend-
ing on the model. The steel columns were modeled
as an integral part of the HCT wall. The wall was
considered to be constructed of nominal 12 inch X
12 inch x 12 inch blocks using side construction with

Figure 4: Typical 13 Inch Hollow Clay Tile Wall.

HOLLOW CLAY
TILE WALL

4" HCT

8" HCT

W10X33 STEEL COLL

Figure 5: Plan View of Column and HCTW.

Table 1: End Points for Spectrum.
POINT

A1

A
B

C

D

E

FRFQUFNCY

IH / I -

100

33

6

1.51

0.24

0.10

ACCELERATION "
" in si

0.19

0.19

0.29

0.29

0.05

0.01
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Figure 6: Response Spectrum Shape Scaled to 0.19g.

Figure 7: Analytical Model
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Table 2: Summary of Results.

MODH •

MODEL DESCRIPTION

FREQUENCY Hz

% OF SYSTEM WEIGHTS FIRST MODE

MAX. PLATE BENDING STRESS, PSI.

PLATE NO.

MAXIMUM TRUSS DEFLECTION

NODE NO.

BOTTOM CHORD DEFLECTION

NODE NO.

CRITICAL "g" LEVEL

FIGURE NO.

MODE I A

TRUSS
ONLY

0.73

100

-

3.03

3

2.99

2

-

3a, 3b

MOUll 1

BASE
FIXED

4.17

86

188

19

0.22

3

0.19

2

0.041g's

8a, 8b

MODI I I'

BASE
PINNED

2.05

94

347

22

0.90

3

0.81

2

0.022g's

8c, 8d

MODS 1 ,i

ONE
CRACK

1.22

94

399

22

1.92

3

1.85

2

0.019g's

8e,8f

MODI I 4

TWO
CRACKS

0.98

95

183

16

2.38

3

2.32

2

0.0422g's

Bg, 8h

nine cells, each 3 inch square. The actual dead load
on the roof was obtained by field walkdowns, and
included the weight of all equipment, utilities and
roof. Several analytical models (1 - 4) with differ-
ent boundary condition and nodal configuration
were analyzed. A summary of the analyses is pre-
sented in Table 2. Figure 8 shows the mode shape
of the various analytical models.

Model A
As previously stated this Model consist of a rigid

steel frame with truss and all the wall mass was
lumped at nodes 2,3,12, and 13 and the roof mass
lumped at nodes 3,5, 7,11 and 13 as shown in Fig-
ure 3. The results of this analysis are shown in
Table 2. Here 100% mass participates in the first
mode having a frequency of 0.73 Hz

Model 1
This model represents a typical model with steel

frame and infilled HCTW fixed at the base. The
maximum plate bending stress (188 psi, plate 19)
occurred at the base. The "g" level to cause cracJ.-
ing is computed as follows:

g = ( ^ ) ( 0 . 1 9 ) = 0.0409 "g»s

where 40 is the tensile strength of the mortar and
0.19 is the "g" level to produce the 188 psi berding
stress.

The fundamental frequency is 4.17 Hz as
shown in Table 2. The mode shapes are shown in
Figures 8a and 8b.

Model 2
Since, in Model 1, the base cracked at only

0.04g, Model 2 was analyzed with a pinned base
condition. A maximum stress of 347 psi occurred
at plate 22, the junction of the wall to the bottom
chord of the truss. The "g" level to cause cracking
is computed as follows:

= ( | ^ ) ( 0 . 1 9 ) = 0.022

Because this "g" level is less than the fixed base
case, the wall will more than likely crack shortly
after the base has cracked. The mode shape is
shown in Figures 8c and 8d and a frequency of 2.05
Hz.

For this model it was assumed that the crack
that formed in Model 2 had propagated across the
entire length of the wall. The maximum stress of
399 psi occurred in plate 22. The "g" level to cause
another crack is only 0.019 which is again lower
than the previous model, Model 2. The mode shape
for this model is shown in figures 8e and 8f with
frequency of 1.22 Hz.
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Frequency - 4.17 Ha

Figure 8a: Model 1

Frequency - 2.05 Hz

Figure 8c: Model 2.

Frequency-1.22 Hz

Figure 8e: Model 3.

Figure 3f: Model 4.

Frequency - 4.17 Hz

Figure 8b: Model 1.

Frequency - 2.05 Hz

Figure 8d: Model 2.

Figure 8: Analytical Models Mode Shapes.
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Since it is obvious that the stiffness of structure
is degrading vary rapidly the final model was ana-
lyzed with an additional crack midway between the
bottom of the truss and the base. The maximum
bending stress of 183 occurred in plate 16. The 'g"
level to cause yet another crack is only 0.042 com-
puted as before. The mode shape for this raod?l is
shown in Figures 8g and 8h and has a frequency of
0.98 Hz which is approaching the 0.73 Hz, as com-
puted in Model A.

CONCLUSIONS AND FINDINGS

The stresses in the wall, which cause stiffness
degradation, are due to bending of steel column due
to story drift and not inertial forces of the wall it-
self.

The lateral stiffness of the entire wing degrades
rapidly with formation of horizontal cracks in wall.

The original Model A can be used to represent
the actual behavior of the structural system for com-
puting stress in the steel members.

The longitudinal stability of the wing depends
on severely horizontally cracked walls. Further
work is needed to determine the in- plane strength
of infilled, cracked HCTW.

FOLLOW UP TESTING

The Center for Natural Phenomena Engineer-
ing, CNPE at Martin Marietta Energy System Inc.
is involved in a Hollow Clay Tile Wall testing Pro-
gram. A part of this program is to perform out-of-
plane full scale testing of steel frames infilled with
HCTW, followed by in-plane Testing to determine
their residual capacities.
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AIR PERMEABILITY FOR A CONCRETE SHEAR WALL AFTER A
DAMAGING SEISMIC LOAD SIMULATION CYCLE

Steven P. Girrens and Charles R. Farrar
Los Alamos National Laboratory

MEE-13/MS JS76
Los Alamos, NM 87545

ABSTRACT

A study was initiated to estimate air leakage, driven
by wind-generated pressure gradients, from a seismically
damaged concrete structure. This paper describes an
experiment performed to measure the air permeability in a
reinforced concrete shear wall, both before and after
simulated seismic loading.

Static load-cycle testing was used to simulate
earthquake loading. Permeability measurements were made by
pressurizing one side of the shear wall above atmospheric
conditions and recording the transient-pressure decay.

Air permeability measurements made on the shear wall
before loading fell within the range of values for concrete
permeability published in the literature. As long as the
structure exhibited linear load-displacement response, no
variation in the air permeability was detected. However,
experimental results indicate that the air permeability in
the shear wall increased by a factor of 40 after the wall
had been damaged (cracked).

INTRODUCTION
Under normal operating

conditions, the ventilation systems
in moderate and high hazard
facilities provide a negative
pressure differential to prevent
unfiltered air leakage from the
buildings. A loss of the
ventilation system would allow the
air pressure inside the building to
equilibrate with the external
atRbient air pressure. Normal or
extreme wind loading on the
building will result in regions
where the external stagnation
pressure is up to 1 psi less than
the internal pressure creating a
driving potential for exhaust from
the facility. A design basis
earthquake (DBE) event could cause
structural damage and ventilation
system failure, thereby reducing
the building's resistance to

unfiltered exhaust. Estimating the
exhaust rate from a facility after
a DBE event requires that the air
permeability of the concrete walls,
which have been loaded to their
seismic-design limit, be
quantified.

The objective of this study
was to measure the air
permeability of a reinforced
concrete shear wall both before
and after the wall had been loaded
to its seismic-design limit. A
shear wall structure was selected
for initial study because this
structural element forms a
significant portion of the
confining barrier and provides the
dominant lateral load-carrying
capability in many moderate and
high hazard facilities.
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Because of its porous naturet
concrete is known to be permeable
to both liquids and gases.
Previous experience has shown that
the flow rate of air through
concrete is inversely proportional
to the slab thickness and directly
proportional to the pressure
difference across the slab and the
air permeability. Tests with
pressure gradients up to 1.1 psi
on concrete with thicknesses
varying from 4 in. to 9 in. give
leakage rates in cubic inches per
square foot per hour equal to
approximately 2.5 times the ratio
of pressure (psi) to thickness
(in.)[1]. The air permeability
coefficient is dependent upon the
concrete mix parameters, mixing
and compaction methods, curing
conditions, and age. Typically,
factors that improve the
coropressive strength of the
concrete will decrease its
permeability. Permeability
increases with increasing
water/cement (w/c) ratio. Curing
reduces air permeability, but
drying significantly increases
permeability at any age. Cracks
and joints provide additional
paths for air leakage. Air
leakage rate through cracks is a
function of the number of cracks,
spacing, width, and penetration
depth into the concrete.

A review of the literature
covering the past 25 years
examined published works
describing air permeability
measurements in concrete. Most of
the works reviewed dealt with gas
flow and permeability measurements
in undamaged concrete. The
literature review indicated that
this study could use only the data
published on gas permeabilities in
undamaged concrete [2-5]. These
data were used to verify the
accuracy of the air permeability
measurements made on the test
structure used in this
investigation before applying any

load. A more detailed discussion
of this experiment can be found in
Girrens and Farrar 16 J.

TEST STRUCTURE
A reinforced concrete, shear

wall test structure was fabricated
to use in the experiment. The
test structure contained a 6-in.-
thick shear wall as shown in Fig.
1. Two layers of reinforcement
(ASTM A615 Grade 60, No. 3 rebar,
Q.3"75-in. diarn) were placed
throughout the model. Vertical
layers were spaced at 3-in.
centers providing a 1.15% wall
reinforcement ratio by area.
Horizontal layers were spaced at
6-in. centers providing a 0.411
wall reinforcement ratio by area.
The amount of reinforcement,
minimum material strengths, and
concrete mix proportions were
identical to those specified for
the proposed Special Nuclear
Materials Laboratory (SNML) at Los
Alamos.

Twenty 0.5-in. threaded rods
were located every 6 in. along the
center of the concrete face
bordering each open end of the
test structure. These rods were
used to attach the aluminum cover
plates, as shown in Fig. 2.
Twenty 1.25-in. bolts were placed
through sleeves in the base to
restrain the structure during the
static load cycling. Figure 1
shows the bolt pattern on one side
of the shear wall.

The structure was placed from
2 cubic yards of concrete from a
commercial source. The slump was
found to be 3.5 in. and the w/c
ratio of the concrete was 0.35.
The structure was left in its form
for a 28-day curing period, and
exposed surfaces were kept moist
and covered with a tarp. During
the placement of the structure,
fifteen standard test cylinders
were taken and left in their molds
to cure with the structure. Tests

Third D O E Natural Phenomena Hazards Mitigation Conference - 199J

662



DIMENSIONS (in.) R E B A H MAX AGGREGATE
STRUCTURE a b o d • f g h i diam SIZE

MODEL 1 46 36 6 6 24 36 3 6 1 0.375 0.75

Fig. 1 Test structure de ta i l .

Fig. 2 Permeability test setup.
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on the cylinders included ultimate
Goropressive strength, modulus of
elasticity, and split-cylinder
tensile strength. The results of
the concrete tests are summarised
in Table 1.

TABLE 1
MEASURED CONCRETE PROPERTIES

Ultimate Tensile
Strength Strength Modulus
fpp j> tpsi) (psil

Avg. 6090 520 4.62 x 106

Min. 5720 440 4,11 x 106

Mas. 6670 600 4.87 x 106

AIR PERMEABILITY TESTING
Air permeability measurements

were made on the shear wall before
applying any load. The air
permeability was determined by
pressurising one side of the test
structure slightly above
atmospheric levels and recording
the transient-pressure decay
associated with the air leakage
through the shear wall. To
accommodate structure
pressurization, an aluminum cover
plate (40 s 52 x 3/4 in.) was
attached to the structure as shown
in Fig. 2. Square (0.275-in.)
BUNA-N O-ring cord stock and
Abeazon vacuum sealant were used
to form a seal between the
concrete face and the cover plate.
In later permeability tests,
flooring contact cement was also
used to ensure an airtight seal
between the O-ring material and
the concrete face. The interior
surfaces of the side walls and the
top and bottom slabs on the side
of the shear wall to be
pressurized were spray painted
with three coats of epoxy paint to
ensure impermeability. Internal
pressurization of the test
structure did not exceed 0.7 psig.
The pressurized volume, 7.5 cu ft,
was filled with dry bottled air
and purged with a vacuum pump
three times before filling for
test. After pressurization,
transient internal pressure,
atmospheric pressure, and internal
temperature were monitored.

In these experiments the
permeability coefficient that was
determined is referred to in the
literature as the intrinsic
permeability, that is, it is
independent of the properties of
the migrating fluid. The
intrinsic permeability can be
expressed by the following
relation:

Q/A (1)

where Q is the volume rate of
flow, A is the cross-sectional
area perpendicular to the flow
direction, k is the intrinsic
permeability, |i is the dynamic
viscosity, and dp/dl is the
pressure gradient in the direction
of flow. Assuming that the air
flow behaves in accordance with
the ideal gas law, the
permeability coefficient in the
shear wall is calculated with the
expression

Pm2 - PATM
2)

where Pt and Pt+At correspond to
readings in the pressurized volume
at times t and t+At, respectively,
Pm is the average of Pt and Pt+At*
PATM is the atmospheric pressure.
At is the time increment, V is the
volume that is pressurized, L is
the length of the concrete in the
flow direction, and T i3 the
absolute temperature. For the
structure studied, the following
values and units were used in Eq.
(2):

k
V
t
T

- f in 2 ] ,
= 7.5 ft 3 ,
= [ s ] .
= [R], and

L =
A -
P =

n =

0.5 ft.
6.0 ft2 .
Cpsi],
[lb-s/ft2]

EXPERIMENTAL RESULTS
Air permeability testing was

initiated 4 weeks after removing
the model forms. During the 4
weeks, the relative humidity was
20 to 30%. Transient pressure and
temperature data were recorded
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over a period of several days.
The volume (or block) was
initially pressurized to
approximately 12 psia and allowed
to decay over a period of 3 days.
After the 3-day period of data
collection, the volume was again
repressurised. The actual data
used to compute k, using equation
(2), corresponded to the data
recorded at midnight on each day.
This was done to average out the
daily variation in temperature
because the experiment was located
outside. Table 2 lists 3 days of
typical recorded pressures and
temperatures along with the
computed air permeabilities. The
average permeability for these
data was 0.46 x 10~13 in2.

The structure was allowed to
dry in 20 to 30% RH air for an
additional 7 weeks, after which
the air permeability testing was
repeated. During these tests,
transient pressure and temperature
data were recorded again over a
period of 3 days. The block and
ambient pressure data are
illustrated graphically in Fig. 3.
The 24-hour data used to compute
the concrete permeability are
listed in Table 3. The average
permeability for these data
increased to 1.2 x 10~13 in2. The
increase in permeability was most
likely caused by the additional 7
weeks of concrete drying time
because drying significantly
increases the permeability [1,4].

J
11
11
11

p t

psi)
.9467
.9134
.8306

CONCRETE

(R)
519.5
522.5
523.5

TABLE 2
SHEAR WALL PERMEABILITY

4 WEEKS DRYING

Jl
11.
11.
11,

.8451

.8074

.7151

(R)
522.5
523.5
523.1

AFTER

(psT)
11.3032
11.3194
11.2844

(xlO-
0.
0.
0.

k

414
451
521

12.8

.52

CO
CO

2
CL
£

"o
CO

12,6

12.4

12.2

12.0

11.8

11.6

11.4

11.2 h

11.0

I I

Block Pressure
Temperature Corrected

/ Block

rV 7

- Ambient Pressure

i i

i

Pressure

i

8
Day of the Month

10 11

Fig. 3. Typical t rans ient -pressure data for concrete shear wall permeabili ty t e s t
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TABLE 3
CONCRETE SHEAR WALL PERMEABILITY AFTER

11 WEEKS DRYING

J
11
11
11

Pt

psi)
.9943
,8509
.7584

Tt

(R)
491.
491.
491,

.7

.7

.8

COMPARISON OF
Reference

4
4
2
2
3
3
5

w/c

0.4
0.47
0.4
0.55
0.4
0.3
0.56

Pt+At

Jl
11.
11.
11.

3Si)

.7789

.7033
,6323

™t+At

(R)
491.8
491.8
491.8

TABLE 4

PATM

J|
11
11,
11.

ssi)

.4808
,4760
,4443

(,;]

PUBLISHED CONCRETE PERMEABILITIES
Compressive Strength

(psi)

9425
7975
12500
3770

-
-

6815

(xlO

k

"I3 in2

2.4
4.0
0.08
0.66
0.4-1,
0.6
0.13-J

1.
1.
1.

)

,0

5.3

K
13 in2)

27
18
22

The permeability values
listed in Table 3 can be compared
with the results of other
investigators that are summarised
in Table 4. It should be noted
that all of the experimental
results presented in Table 4 were
obtained in laboratory settings on
small concrete samples.

STATIC LOAD-CYCLE TEST SETUP
The model was constructed in

place on the load frame base that
was to be used in the cyclic
testing. Displacement
transducers were placed against
the top and bottom of the test
structure and centered in the
midplane of the shear wall to
measure overall structural
deformation. A hydraulic
actuator was used to load the
structure, and force input was
monitored with a . .iad csll.

The structure was loaded for
3 cycles each to nominal base
shear stress (NESS) levels of ±60
psi, ±130 psi, and ±190 psi. The
SNML Title 1 design showed that
the actual structure would
experience a peak NBSS of 190 psi
during a DBE. During each cycle,
readings from the load cell and
displacement transducers were
made at increments of 1/5 the

peak load. The complete load
reversals were applied to
represent the force induced in a
structure during seismic
excitation. These quasi-static
load cycles simulate an
earthquake by applying the
positive and negative shear
forces associated with a DBE to
the structure.

SEISMIC LOAD SIMULATION AND
ACCOMPANYING AIRFLOW

The structure showed linear
response through all of the load
cycles. This indicated that the
structure experienced no internal
damage when loaded up to the
maximum nominal-design shear
stress of 190 psi. Because the
structure experienced no internal
damage, the concrete air
permeability was also not
affected. This is evidenced by
the 3 days of pressure data
contained in Table 5. The air
permeabilities computed with
these data are in agreement with
the Dreload data listed in Table
3.

Next, the structure was
subjected to one 285-psi NBSS
load cycle, a level 50% above the
seismic-design level of 190 psi.
The structure cracked on the
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first load increment above the
190-psi NBSS level. Actual shear
wall crack patterns are shown in
Pig. 4. Most of the shear cracks
identified penetrated completely
through the wall.

Airflow measurements were
made after the test structure was
damaged. The cracking had a
significant effect on the leakage
of air through the shear wall.
Both transient and steady-state
airflow data were taken. Helium
leak tests were performed to
insure that the aluminum cover
plate seals and fittings were not
leaking. The leak-testing
equipment verified that

significant leakage was occurring
through the shear cracks in the
wall.

A flowmeter was attached to
the air-charging orifice on the
aluminum cover plate. While
maintaining an approximate
constant pressure in the volume
(see Fig. 5), the airflow through
the shear wall was monitored for
168 hours. The steady airflow
through the shear wall was 0.4
ft3/h. Table 6 gives a summary
of the pertinent information used
to compute the average
permeability for the steady test
data shown in Fig. 5. Even

j£si)
11.9866
11.7060
11.4631

la

JR)
491
491
491

TABLE 5
CONCRETE PERMEABILITY AFTER

LINEAR

.8

.6

.7

SEISMIC

Jgsi)_
11.7505
11.5848
11.3920

LOAD-CYCLING RESPONSE

(R)
491
491,
491,

.7

.7
, 7

PftTM

(psi)
11.3664
11.3612
11.2880

k

(xlO"13 in2)
1.14
1.05
1.26

Fig. 4. Shear wall crack pattern.
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12.8

^ 12.6

.2

£ 12.2

S 12.0
£
Q. 11.8

J3 11.6

| 11.4

< 11.2

11.0

Block Pressure
Temperature Corrected

Block Pressure

23 24 25 26 27 28 29 30
Day of the Month

31 32

Fig. 5. Pressure variation over 8 days during steady airflow test.

STEADY PERMEABILITY DATA FOR CRACKED CONCRETE SHEAR WALL

Time

(day)

1.0
2 . 0
3 . 0
4 . 0
5 . 0
6 .0
7 . 0
8 .0

?ATM

(psi)

11.3555
11.3355
11.3964
11.3071
11.2930
11.2162
11.2962
11.4700

PVOL

(psi)
12.2435
12.1344
12.0766
11.9386
11.8462
11.8462
12.1681
12.1453

TVOL

(R)
513.3
520.5
522.9
526.2
521.9
524.0
514.9
522.5

k

<xlO'12 in2)

3 . 8
4 . 2
4 . 9
5 . 3
5 . 3
5 . 3
3 . 9
4 . 9

though the presence of the cracks
affects the theory behind Eq. (2),
the pseudo air permeability
corresponding to the steady flow
rate and average pressure gradient
is 4.7 x 10~12 in2.

SUMMARY AND DISCUSSION
The objective of this study was

to measure the air permeability in a
reinforced concrete shear wall, both
before and after seismic simulation

loading. Air permeability
measurements were made on the shear
wall before static load cycling. An
air permeability of 1.2 x 10"13 in2

was measured for this shear wall.

The air permeability measured
before loading was compared with
concrete permeability data published
in the literature. Even for the
experiments performed on small
laboratory specimens that were
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constructed and tested under very
controlled conditions, the published
air permeabilities were found to
vary by more than an order of
magnitude. However, the results
from the shear wall tests agreed
best with the intrins^ permeability
measurements performed by Dhir et
al.[4]. From the Dhir measurements,
the air permeability of 0.47 w/c
ratio concrete was 4.0 x 10"13 in2

and the air permeability of 0.40 w/c
ratio concrete was 2.4 x 10~13 in2.
These two results show good
agreement with the shear wall
permeability measurements of 1.2 x
10~13 in2. As previously stated,
the shear wall had a 0.35 w/c ratio
concrete. Because permeability
increases with increasing w/c ratio,
the permeability results obtained in
this investigation are consistent
with those reported by Dhir.

Static load-cycle testing was
used t© simulate earthquake loading.
Linear load-displacement response
was observed when the structure was
loaded to the 190-psi stress level.
This response indicated that the
shear wall was not damaged
internally. Because the shear wall
experienced no internal damage, the
air permeability was not affected.

A single high-level load-cycle
test resulted in damage (shear
cracking) to the structure. The
cracking was determined to have
occurred at approximately 215-psi
NBSS. Airflow measurements, taken
after the structural damage had
occurred, showed that the cracking
had a significant effect on air
leakage through the shear wall. The
steady airflow through the shear
wall was measured to be 0.4 ft3/h.
Even though the presence of the
cracks affects the porous media
assumptions used in the intrinsic
permeability calculations, a pseudo
air permeability was computed for
the cracked concrete wall. The
pseudo permeability corresponding to
the steady flow rate of 0.4 ft3/h
and the average pressure gradient of
0.7 psi was measured to be 4.7 x 10"

Thus, air permeability in*' ill*

the shear wall increased by a factor
of 40 after the wall experienced
shear cracking.

The results from this
experiment can be used to estimate
the air leakage through the exterior
walls oS a moderate or high hazard
facility in the event of ventilation
system failure. A base-line leakage
can be calculated by assuming that
:.ll of the exterior walls are
undamaged. A maximum leakage can be
calculated by using the measured air
permeability associated with shear
damage. Air leakage from the
facility will occur only in wall
areas exposed to a negative pressure
gradient (i.e., internal air
pressure exceeds the external air
pressure). The maximum negative
pressure gradient caused by wind
loading can be computed using
standard Department of Energy (DOE)
design practices [7]. Because air
leakage is directly proportional to
permeability and pressure gradient,
a reduction in either of these
variables will reduce the leakage
rate.
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