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ABSTRACT 
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DE84 017 206 

The failure and fragility analyses of reinforced concrete structures and 
elements in nuclear reactor facilities within the Seismic Safety Margins 
Research Program (SSMRP) at the Lawrence Livermore National Laboratory are 
evaluated. Uncertainties in material modeling, behavior of low shear walls, 
and seismic risk assessment for nonlinear response receive special attention. 
Problems with ductility-based spectral deamplification and prediction of the 
stiffness of reinforced concrete walls at low stress levels are examined, it 
is recommended to use relatively low damping values in connection with 
ductility-based response reductions. The study of static nonlinear force-
deflection curves is advocated for better nonlinear dynamic response 
predictions. Several details of the seismic risk analysis of the Zion plant 
are also evaluated. 
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This report was prepared as an account of work sponsored by an agency of the United States 
Government. Neither the United Stales Government nor any agency thereof, nor any of their 
employees, makes anv warranty, express or implied, or assumes any legal liability or ttsponst* 
bility for the accuracy, completeness, or usefulness of any information, apparatus, product, or 
process disclosed, or represents that its use would not infringe privately owned rights. Refer
ence herein to any specific commercial product, process, or service by trade name, i/aderflafk, 
manufacturer, or otherwise doei not necessarily constitute or imply its endorsement, recom* 
mendation, or favoring by the United Slates Government or any agency thereof. The views 
and opinions of authors expressed herein do nol necessarily slate or reflect those of the 
United Slates Government or any agency thereof. 
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1 INTRODUCTION 

Part of the Seismic Safety Margins Research Program (SSMRP) at the 
Lawrence Livermore National Laboratory has involved the determination of 
cumulative distribution functions of the probability of failure of critical 
elements or systems as a function of load levels. The primary purpose of this 
report is to evaluate the failure analysis used for reinforced concrete 
structures or elements. Most critical structural elements associated with 
potential undesirable accident consequences in nuclear reactor facilities are 
made of reinforced concrete. 

The SSMRP encompasses a wide range of tasks, including detailed 
investigations of the earthquake hazard, soil-structure interaction, potential 
accident sequences, failure modes, dynamic analysis procedures, and failure 
probabilities. As described in Chapter 2, the key feature of the SSMRP is 
that uncertainties can be identified and their effects on the risk can be 
explicitly evaluated. Clearly, the knowledge of the levels of the various 
uncertainties is invaluable not only in the assessment of overall safety but 
also in pinpointing structural elements to be strengthened or modified. 

For details of the risk analysis, this report relies almost exclusively on 
reports issued within the SSMRP {Ref. 1), especially on information contained 
in Ref. 2 which addresses the structural fragility investigation of the Zion 
Nuclear Power Plant. The behavior of only those reinforced concrete elements 
are studied here that were identified in the reports as being critical. It 
was obviously impossible within this limited effort to trace all conceivable 
failure sequences and check all steps of the SSMRP leading to the fragility 
analysis. 

The expression "limit states" is used to denote any stage of behavior at 
which undesirable response occurs. Typical limit states are: cracking, 
yielding, drift, rupture, acceleration, crushing, and buckling. Any of these 
may control the design or the safety risk of a structure. In design one 
strives to avoid or delay undesirable limit states or those that are difficult 
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to predict but in risk assessment of an existing structure all limit states 
need to be considered without a chance to affect their relative levels. 

Seismic design/analysis involves five major steps (Ref. 3): (a) 
identification of input, (b) idealization of the structure-soil system, 
(c) dynamic analysis, (d) interpretation of the results, and (e) establishment 
of safety factors or margins. Although the amounts of work required in these 
steps are different, each is important and difficult. For the purposes of 
this report, it is convenient to separate analysis from other tasks. Analysis 
dominates (c) but 1s also Important in (a), (b) (soil-structure interaction), 
and (e) (fragility analysis in the present case). 

Although dynamic analysis Is very important and can demand huge amounts of 
time and effort, the other main elements of the design/analysis process that 
rely directly on material behavior, are also crucial. The principal feature 
of the SSMRP fragility analysis is that it provides better insight and the 
various steps are put in better perspective. 

This report focuses on material behavior; on capacity, rather than on 
demand. Knowledge of the characteristics of various types of structural 
elements is required in steps (b) idealization and (d) interpretation of 
results. It is necessary to establish, explicitly or implicitly, the 
nonlinear characteristics of the structure on one hand and to judge the 
significance of the time-history of response on the other hand. Faced with 
the fact that the cyclic nonlinear benavior of reinforced concrete is highly 
complex and not fully understood, it is essential to rely on the judgement of 
experts who have developed years of first-hand laboratory experience in 
testing a variety of concrete structures. There are no shortcuts in this 
respect. 

It is clear that material behavior, especially idealization of nonlinear 
behavior, cannot be divorced from analysis. Therefore, other aspects of the 
SSMRP are also discussed briefly in Chapter 2, and alternative approaches are 
mentioned in Chapter 4. 
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The main problem in earthquake resistant design and in analysis is how to 
account for nonlinear behavior that is inevitable during a major earthquake. 
Nonlinear dynamic analysis is resorted to only in very special cases, and it 
is often hampered with greater uncertainties than alternative approximate 
methods of including nonlinear effects. The approach used in SSHRP is 
discussed in Chapter 2, and several other methods are mentioned in Chapter 4 
that might complement the current SSMRP analysis. A definite conclusion on 
which method is preferable is yet impossible, especially in the case of 
analysis rather than design. 

Energy absorption greatly affects response but its primary forms, namely 
damping and hysteresis, are both functions of load level, cracking, and the 
load transfer mechanism. Moreover, viscous damping and ductility-based 
response reduction are interrelated in tests of reinforced concrete. These 
important questions are explored in Chapter Z. 

The critical concrete components in the Zion Plant seismic risV analysis 
are the shear wall between the auxiliary and turbine buildings, and the roof 
of the crib house. Since shear walls are important in most nuclear plants, 
special emphasis is placed on shear wall capacity and behavior in this 
report. The specific design in the Zion plant and the fragility analysis 
within the SSHRP are examined in Chapter 3. Moreover, the more general 
question of shear wall behavior, aside from the particulars of the Zion Plant, 
are discussed. Validation is based on the state of the art, first-hand 
experience, and direct input from noted scholars in the US, Japan, and New 
Zealand. 

A conscious effort is maintained in this report to offer new data or ideas 
for the improvement of fragility analysis. Unfortunately, there are several 
instances where one can only state or prove that current assumptions or values 
are questionable, but more accurate information must await further research. 

The basic dilemma is that most information in earthquake engineering is on 
the design side, that is, how to proportion a safe structure. The answers 
need to be on the safe side and the main questions are only the difficulty of 
construction and the cost. On the other hand, the evaluation (analysis) of 
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existing facilities is much more difficult and has received some attention 
only lately. If the evaluation is concerned not only with the safety of the 
facility but, more importantly, with the safety margins and fragilities, the 
task becomes much more complex. Not only a lower bound of the test data 1s 
desired but also a best estimate as well as, in this case, the statistical 
variations. 

In summary, this report examines and evaluates the following aspects of 
the SSMRP: the nonlinear Idealization and behavior of low shear walls; the 
Interaction of viscous damping and ductility-based reduced spectra; energy 
absorption and deterioration levels; the failure mode of the main wall in the 
Zion Plant; the analysis of pierced roofs; and a brief summary of methods of 
accounting for nonlinear behavior. 
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2 CURRENT METHOD OF FRAGILITY ANALYSIS 

2.1 Introduction 

The SSMRP analysis method comprises several major steps as summarized in 
the next section. Those that are dependent on material properties are 
examined in detail in this chapter, with emphasis on reinforced concrete. The 
discussion covers the method in general, whereas Chapter 3 is limited to an 
exploration of its application to the Zion p^ant. 

The direct consideration and assessment of uncertainties in failure 
prediction are the principal objectives of SSMRP. Additional uncertainties in 
material modeling not yet included are presented in Section 2.5 based on 
recent test results. 

The consideration of material aspects cannot be entirely divorced from the 
associated aspects of analysis methods. Therefore, this chapter includes 
comments on the prediction of response in SSMRP. In particular, the dilemma 
of linear versus nonlinear analysis is an ever present question faci.ig 
engineers and is at the heart of the difficulties in SSMRP. Therefore, in 
Section 2.4 special attention is paid to the use of ductility factors and 
damping in the analysis. 

2.2 Key Features of the SSMRP 

The SSMRP is an ambitious program for the analysis of the uncertainties in 
the prediction of the risk of accidents caused by earthquakes. It has many 
facets, including the analysis of seismic risk at the site, identification of 
numerous accident sequences, determination of failure modes of a wide variety 
of components, response prediction, construction of fragility curves, and 
computation of accident sequence probabilities (Ref. 4). Some of these steps, 
particularly the soil-structure interaction, have entailed extensive reviews 
and significant advancements of the state of the art. 
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It is obvious that the SSMRP encompasses a wide variety of exceptionally 
complex tasks. An enormous amount of computations was necessary to evaluate 
the effects of numerous variables and their variations. The value of the 
program lies not only in the prediction of the uncertainties, which is in 
itself an important design tool, but also in revealing inadequacies in 
knowledge ind systems. 

Material (structural) properties are reflected 1n the idealization of the 
structure (stiffness, mass, damping) and in the analysis of failure 
(fragility) of elements. Both aspects are discussed in this chapter. A 
fragility curve represents the cumulative distribution function of the 
probability of failure for a given value of load (input). 

A typical fragility curve is shown in Figure 2-1. The horizontal axis 
reflects the level of loading, usually represented by acceleration. There are 
two ways of specifying the load: it may be the free-field ground accele
ration, or a response acceleration at a specified point in the structure. In 
the former case the curve is more directly usable but the entire response 
calculation (including soil-structure interaction) is coupled to the fragility 
curve. Also, the well-known problem of what ground motion parameters to use 
is present. 

In the second approach the horizontal scale is a measure of the local 
response. The partial separation of the two main steps of the risk analysis 
is convenient and reduces the amount of computations. However, complete 
uncoupling is impossible because the internal forces, stresses, and strains in 
the element in question do depend on the response of the entire structure. In 
particular, the local response is strongly affected by damping and nonlinear 
behavior of the entire structure. Modal superposition at the structure level 
and the local response reduction are not really independent. 
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In the SSHRP local response parameters are used. The corresponding 
stresses in the critical element are calculated for a selected subset of the 
ground motions. This is a simplification that is justifiable, particularly if 
the response of the structure and the element remain linear. 

Most fragility curves for local response are rather steep. This means 
that a small change in the input (local response) results in a large change in 
the probability of failure. This would be typical in very simple chain-type 
structures for which there are few uncertainties. For structures with complex 
geometries and combinations of materials, the fragility curves are expected to 
be flatter. In fact, one may state that, in general, the flatter the curve, 
the better is the design. This question is explored further in the next 
section. 

The tail ends of the fragility curves also provoke questions. What is the 
importance of a very low probability of failure at very low input levels? 
What is the significance of high probability of failure at very high input 
levels? Clearly, such high accelerations may not be transmitted through the 
soil but large amplifications in the structure are possible. A cutoff of at 
least the upper tail may be advisable. 

2.3 Limitations of Risk Analysis 

The detailed probabilistic analysis of seismic risk is a monumental and 
important task. There are several complex questions involving seismic input, 
soil-structure interaction, idealization, systems analysis of accident causes 
and sequences, assessment of failure modes, nonlinear effects, overall and 
local behavior, just to mention the most obvious ones. It is not surprising, 
therefore, that a number of assumptions had to be made; most of these have 
been recognized and acknowledged (Refs. 1 and 2). 

It should be pointed out that even if an assumption seriously affects the 
shape and values of the final fragility curve or risk assessment, the analysis 
may still yield important qualitative and quantitative information on the 
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uncertainties and effects of parameters. This section is devoted to a review 
of some of the assumptions related to nonlinear behavior and idealization. 

Before discussing the main hurdle, nonlinear ™sponse analysis, a few 
comments are in order regarding even the linear idealization of fixed-base 
uncracked reinforced concrete structures. Unless many finite elements are 
used to model walls and floors, shear lag can distort simple analyses of low 
walls. For example, the flexural stresses in a low box are far from being 
linear (Fig. 2-2). Similarly, the shear stiffness of the shear walls is 
significantly affected by the proportions. This factor is important in 
structures common in nuclear facilities; the deviation from the prediction by 
simple bending theory can be over 100%. Other uncertainties in idealization 
are mentioned in Section 2.5. 

The second observation regarding linear idealization concerns the 
inclusion of nonstructural filler walls. It is customary to exclude these 
walls from stiffness calculations although their masses are considered. It 
has been found that even unreinforced masonry walls can add significant 
stiffness (of the order of 50$); in particular they can affect the torsional 
stiffness, depending on their locations. It is often argued that their 
omission is on the safe side because increased stiffness would mtan lower 
forces in very stiff structures which are on the low-period side of response 
spectra. That point is valid if one simply wants to be on the safe side. But 
a probabilistic risk assessment tries to predict the mean value of response 
and the error of 20% to 30? in the natural periods (probably more in higher 
modes} may significantly influence the analysis. The early failure of these 
walls may reduce this error but possible extant torsional vibrations and 
perhaps the transfer of kinetic energy could aggravate the response. Of 
course, the failure of nonstructural block walls may in itself be a limit 
state if critical equipment can be made inoperative. 

It is essential to view response at several levels, including the most 
important one at collapse. Nonlinear effects become influential at rather low 
levels. Some of the manifestations of nonlinearity in buildings are: reduced 
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stiffness, increased damping and hysteretic energy absorption, load 
redistribution, and geometric (e.g. p-delta) effects. 

The consideration of nonlinearity is, without any doubt, the most 
difficult question in SSHRP and In earthquake engineering in general. Experts 
agree that none of the approaches is entirely satisfactory and that they are 
more suitable for design than for analysis. At the same time it is obvious 
that nonlinear effects must be accounted for, explicitly or implicitly, in 
rational design/analysis for severe earthquakes; some approaches are 
summarized in Chapter 4. 

Linear time-history analysis is used in the SSMRP, and the results are 
scaled down as in ductility-based reduction of response spectra. Obviously, 
the large number of input motions (180), the even larger number of accident 
sequences, and the complexity of the structure prohibit direct nonlinear 
analysis to evaluate all combinations. In fact, that approach is not more 
reliable (see Chapter 4 ) . It is not the purpose of this discussion to propose 
another method of analysis but to point out the difficulties and uncertainties 
based on recent views and opinions. This will lead to future improvements, 
some of which are presented in Chapters 4 and 5. 

The key to the survival of structures subjected to extreme loads is force 
redistribution. The collapse load is much higher than the load causing local 
distress in most structures. A good design and even more so a rational 
analysis, must account for this excess capacity. A thorough limit {collapse) 
analysis would be too complex in most cases (see Chapter 4) but an assessment 
of the behavior beyond the first distress (limit state) is important. This 
could be done for static loading. 

Normally structures with a weak link should not be built. The loss of 
capacity of one element should not lead to collapse. To investigate this 
possibility, it is advisable to calculate the second line of defense. This 
can be done without a full limit analysis (Chapter 4). 
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There might be exceptions in nuclear power plants where loss of a c r i t i ca l 
element is f u l l y equivalent to total fa i lu re . In that case the system is 
chain-type, and fa^ure is b r i t t l e . For example, the relat ive displacement 
between the containment shell and auxil iary building may be excessive and 
constitute a fa i lure l i m i t state even for l inear behavior of structures. 
These types of system fai lures are exceptions to the ru le ; i f structural 
distress is involved, the second l ine of defense should always be 
investigated. In the probabil ist ic sense the second l ine may sometimes be the 
more c r i t i ca l and control l ing l im i t state. Ignoring the response subsequent 
to the predicted fa i lure of the weakest l ink is contrary to good, modern 
structural engineering. 

The d i f f i cu l t i es with the weakest-link approach are acknowledged in Ref. 
2: "Some potential modes of seismic fa i lure involve only a localized fa i lure 
of the structure while others include the entire building. Based on the 
elastic load distributions used, less confidence exists for capacities of 
modes of fa i lure which involve sequential fa i lure of a structure." 

Another d i f f i cu l t y with using linear analysis to predict nonlinear 
behavior is that different types of ground motions may be c r i t i ca l for 
nonlinear systems. Several studies have recently shown that long acceleration 
pulses in the ground motion can be very important for certain nonlinear 
systems but not for l inear structures (Ref. 5) . Such pulses often occur in 
near-f ield motions and are especially signif icant for low-period systems for 
which the pulse duration may be greater than the period. Conversely, the 
amplitude of the acceleration spikes, not necessarily the peak ground 
acceleration, are signif icant for l inear systems but not for inelastic 
structures. The duration of the ground motion also affects mainly nonlinear 
systems. 

Maximum inelastic response depends primarily on the largest velocity 
increment and the duration of the ground motion. The variation in response is 
large even for similar spectra. Therefore, the prediction of nonlinear 
response based on modified elastic spectra i s a poor approximation, especially 
in the acceleration range of the spectrum into which nuclear structures belong 
{Ref. 15). 
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I t i s yet impossible to specify the c r i t i ca l characteristics of ground 
motions for various types of structures but i t seems that currently used 
a r t i f i c i a l ground motions are not appropriate for nonlinear analysis. Also, 
scaling of ground motions does not ref lect the di f ferent properties of ground 
motions at various intensi t ies. The l inear analysis in the SSHRP avoids these 
problems. 

Some l i gh t has recently been shed on the role of acceleration pulses 
(Ref. 6) . i f the system contains an element or subsystem (such as a story) 
with elasto-plastic resistance, the acceleration pulse (jump in velocity) 
causes a large permanent displacement even for relat ively low acceleration 
amplitudes. However, i f the resistance always has positive nonzero sti f fness 
(strain hardening), i t is usually able to bring the system back and avoid 
large excursions. Nonlinear time-history analyses can reveal these 
differences which are part icular ly signif icant for high-frequency structures. 

Damage and fa i lure often are functions of the number of inelastic cycles 
which is greater for an El Centro type of long input. The energy input is 
much greater for the pulse-like Parkfield input, but the number of inelast ic 
excursions is much smaller. The naximum ground acceleration is less important 
for the la t te r type of earthquakes (Refs. 7 and 10). 

As mentioned previously, the local response (horizontal axis) of the 
f r a g i l i t y curves is not direct ly t ied to ground motion in the SSHRP but the 
stresses in the c r i t i ca l elements are. Therefore, the question arises whether 
a l inear time-history analysis can properly predict the force distr ibut ion and 
the fa i lure of the element and the associated local response levels. The 
analysis must account for the frequency characteristics and amplifications of 
the nonlinear response. 

I t must be recognized and acknowledged that a thorough risk analysis of a 
nuclear f a c i l i t y is too complex to be carried through at present. The systems 
aspects involve manifold interactions of structural , mechanical, e lec t r i ca l , 
and chemical-physical elements. I t is l ike ly that human errors at their 
interfaces pose a greater r isk than the fa i lure of any subsystems due to 
specific causes. 
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2.4 Ductflfty and Pamping 

It is well known that both viscous damping and hysteretic energy 
absorption (ductility) can reduce the response significantly; therefore, both 
factors must be selected with great care. Unfortunately, the estimation of 
these factors is difficult, especially in cases where both are significant, 
and thorough studies of this problem have been conducted only very recently. 

The effects of damping and ductility depend, among other factors, on the 
characteristics of the input and on the frequency of the system. For example, 
damping absorbs more energy than hysteresis for the El Centro earthquake, 
whereas the opposite is true for the parkfteld input (Ref. 7). The 
significant difference is the duration of the motion, a factor that is 
normally not accounted for in analysis. The number of inelastic excursions 
affects the response which depends not only on the duration but also on the 
properties of the system. Host of these effects are revealed only in 
nonlinear time-history analyses and not in linear or spectral analyses. 

The construction and use of inelastic spectra received lots of attention 
during the past couple of years. These spectra are certainly useful in 
preliminary design but many unanswered questions must be resolved before it 
becomes a sufficiently reliable analysis tool (Re*s. 5, 8, 10, 11, 15). Some 
of these uncertainties are discussed in the following paragraphs. 

The main shortcoming of ductility-based.spectra is that they do not 
sufficiently account for such time-dependent effects as deterioration, 
cumulative damage, duration of input, and the number and size of acceleration 
pulses. Since they are averages, ground motions with special characteristics 
are not reflected. It may be possible to generate such spectra for particular 
sites using accelograms with appropriate properties. Artificial motions do 
not, in general, possess these special features (for example, the large 
acceleration pulses often found in near-fault accelograms). It remains a 
question whether these factors can be reflected in linear analyses. 
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The most convenient approach is to construct the inelastic spectra from an 
elastic spectrum (Ref. 9). The amount of deamplification is different in the 
various frequency regions of the spectrum. It has been pointed out by several 
investigators that it is unduly conservative, in nearly all cases, to tie the 
spectrum to the peak ground acceleration. However, the various definitions of 
effective maximum ground acceleration differ considerably (for example, Refs. 
7, 8, 10, 11, and 15). These differences affect the uncertainty analysis. 

Some of the initial frequencies of the main structures in a power plant 
are in the transition range, 8 to 33 cps, of the Newmark spectrum. It is felt 
by some that the proposed straight transition between the constant 
acceleration region {above 33 cps) and the velocity region (below 8 cps) is 
not as reliable as the deamplification in other regions. This uncertainty 
should be examined. 

The effect of damping on the inelastic spectra has recently been revised 
(Ref. 9), and the new values were used in the SSMRP analyses. However, for 
near-fault ground motions with large acceleration pulses damping has a 
different influence than for the previously used motions (Ref. 5). Thus, the 
construction of inelastic spectra and the reduction of stresses need to be 
modified for near-fault sites. 

The error involved in the use of inelastic spectra in modal analysis is 
not known. Fortunately, the natural frequencies of the structures of interest 
in nuclear facilities generally fall in the acceleration region and higher 
modes are often not too important. Soil-structure interaction can lower the 
frequencies but not below the transition point at 2.5 cps. Therefore, the 
error is probably not great, but this problem needs further study. Higher 
modes are especially important if torsion is present. The question persists, 
nevertheless, whether it i* proper to use the original frequencies with an 
inelastic spectrum, as it is currently done. The effective period shifts 
during inelastic response and the amount of shift may be an important 
variable, especially for stiff structures; this question has not been 
addressed. 
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In fact, it appears that the use of inelastic spectra is equivalent to and 
may be replaced by the elastic spectrum together with a period shift and 
increased damping to account for inelastic effects. Such an approach is 
attractive, at least for uniform structures, as it is explained further in 
Chapter 4. 

This discussion focuses on material behavior and its effect on 
ductility-based analysis. The main questions are: the shape of the 
hysteresis curve, the value of ductility factor for the critical element(s), 
and the value of the average ductility factor for the structure. 

The deamplification (reduction) due to inelasticity is not strongly 
affected by the type of hysteresis: elastoplastic, bilinear, or simple 
degrading (Refs. 9, 11). Since the spectrum reduction is a function of the 
hysteretic energy absorption, the change of the area under the hysteresis 
loops is of direct concern. The ductility (maximum inelastic excursion) may 
be equal for two systems, but the hysteretic energy absorption could differ 
considerably. Therefore, the reduction rules are not expected to be reliable 
for systems with small or varying hysteresis areas. 

A hysteresis curve with a small area is shown in Fig. 2-3a. This shape 
(called pinched curve) is typical for systems with slip, sliding shear, or 
bond-slip. An indication of the amount of energy absorption is the value of 
equivalent viscous damping, which is of the order of 10 to 13% for stable 
elasto-plastic systems. For the shapes shown in Fig. 2-3a the equivalent 
damping is about 3.5% for a ductility in the range of 4 to 8 (Ref. 12). Tests 
on shear walls have shown that the equivalent damping may reduce to about 3% 
(Fig. 2-3b) after a few cycles (Ref. 13). Such reductions in energy 
absorption are not uncommon in reinforced concrete and were not included in 
the Newmark study. 

A ductility factor of 4 was used for the shear walls in the SSMRP. This 
value is acceptable for typical tests in which flexure dominated the behavior 
and a reasonable gravity load was present. A smaller value is recommended for 
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low walls with a relat ively small vert ical load resulting in pinched loops; a 
duct i l i t y factor of 2 is reasonable. Well-confined concrete or steel columns 
reduce the duc t i l i t y as they may fac i l i ta te the creation of a s t i f f truss 
mechanism. In th is case the reduced duc t i l i t y factor is not a measure of the 
maximum displacement, which can be large when s l ip is present, but of the 
diminished hysteresis area. Also, the coeff icient of variation of 0.18 based 
only on the PCA tests and adopted in Ref. 2 i s low for use in the general 
case. Another fact to be considered i s the larger number of inelastic cycles 
(8 to 10, at least) of s t i f f structures in a major earthquake in comparison 
with about 4 to 6 cycles normally taken for more typical structures; these 
differences are important in adopting test results. 

Even i f one can estimate tha duc t i l i t y for the c r i t i ca l weakest element or 
subsystem, i t i s much more d i f f i c u l t to estimate the system duc t i l i t y . As i t 
i s acknowledged in the SSHRP (Ref. 2) : "The assumption made in th is 
investigation is that the average or system duc t i l i t y expected w i l l be close 
to the story duc t i l i t y rat io for well-designed structures. For buildings with 
large localized duc t i l i t i es , however, th is assumption can be nonconservative." 
But the same problem holds even within a story i f several dissimilar elements 
share in carrying the load; a static nonlinear analysis would greatly aid in 
estimating the system duc t i l i t y . 

In fact , in the auxiliary-turbine building complex the story between 
elevations 592 and 617 f t yields f i r s t and much more than the other stories 
for several inputs scaled to duct i l i t y levels of 1 , 2, 3, and 4 (Ref. 72). 
For such a nonuniform resistance the ductility-based spectrum prediction using 
the maximum story duct i l i ty was found to overestimate signif icantly the 
reduction in acceleration response. Several schemes have been proposed to 
take into account local nonlinearities in modal analysis (for example in Ref. 
73) but their va l id i ty for a wide variety of situations needs further studies. 

In Ref. 2 the wall duc t i l i t y of 4 was reduced to a system duc t i l i t y of 2 
{page 3-12) with a COV = 0.18. However, in Appendix A the respective values 
are 2 and 1.2 (with a logarithmic standard deviation of 0.03) for the 
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east-west diesel generator building shear wa l l . Although the effect of a 
change in the value of duc t i l i t y factor is smaller in the transit ion region 
than in the velocity region of the spectrum, the differences are appreciable 
and the uncertainty is large. Again, a nonlinear analysis (static or dynamic) 
would allow a better estimate of the system duc t i l i ,y because i t would reveal 
the degree of inelast ic i ty in various segments of the structure. 

The duc t i l i t y factor is inversely proportional to the y ie ld deformation. 
Therefore, errors in the estimation of the elastic l imit, directly affect the 
value of duc t i l i t y factor. I t is usually d i f f i c u l t to define the beginnings 
of signif icant Inelastic action; th is is an appreciable source of uncertainty, 
especially for complex and s t i f f systems. 

The local response (horizontal scale) of the f r ag i l i t y curves, as in Fig. 
1 , was derived from a set of elastic time-history analyses. Nonlinear 
behavior (duct i l i t y ) was not accounted for at th is stage of the calculations, 
and only the f inal element stresses were reduced for the f r ag i l i t y analysis. 
The effect of th is approach on the f r ag i l i t y curves depends on the sensit iv i ty 
of the element response (such as the shear wall stresses) on nonlinear system 
properties. This method is much simpler and i s probably adequate; again a 
nonlinear analysis would be required to ascertain the dependence of element 
(wall) stresses and local response acceleration on system nonlinear!ties. 

The input motions in the SSMRP were grouped into 6 levels (intervals) of 
acceleration. Although the f r ag i l i t y curves would probably not be affected 
much in the method adopted, both the duc t i l i t y and the damping values should 
have been dif ferent for the dif ferent levels of input. This could be done 
without much additional e f fo r t . 

The selected damping rat io of 10& is the highest value recommended by 
Newmark for reinforced concrete at or near y ie ld levels. Test results at low 
free-vibration amplitudes have indicated much lower values even after pr ior 
damage. Free-vibration tests of nine walls (Ref. 14) produced the following 
damping percentages: 
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before cycl ing: 2, 2.2, 3.6, 3.4, 2.7, 5.5, 2.8, 2,9, 3.5. 

after few cycles below y ie ld : 9.8, 8.5, 10, 6.7, 9.6, 6.8, 9.4, 4.8. 

after few cycles above y i e l d : 9 .1 , 14,5, 8.5, 12.5, 11. 

The averages are 3,2, 8.2 and 11.15,, and the COV's are 0.30, 0.22, and 
0.20 for the three load levels. 

Other tests of l i gh t l y cracked structures, including ful l -scale buildings, 
resulted in about 1.5 to 2% damping. Clean structures (without walls) exhibit 
re lat ively low free-vibration damping of only 5% even after extensive damage. 
Values quoted in Ref. 9 are: 1.2% low leve l , 5.7% (COV = 0.50) high leve l , 
from one source and 4.32 (COV = 0.76) low leve l , 6.6* (COV = 0.64) high level 
from another source. These are rather low values and the coefficients of 
variation are large. 

There are several test results on reinforced concrete structures without 
nonstructural elements that confirm the above lower damping values. In recent 
tests at the University of California at Berkeley of a seven-story model the 
following values were measured: virgin model 1.4$, at cracking 3.7$, and 
after extensive yielding 6.92. The maximum damping obtained after a large 
si id i rig-shear mechanism developed at the base of the wall was about 8%. 
Actually the level of damping would reduce i f large forces open the crack and 
reduce the f r i c t i on . Although these higher values were measured in low-level 
free vibration tests, some hysteresis was present, and therefore the high 
values should not be used in a ductility-based analysis. 

A series of low and high-level forced vibration tests were performed on an 
11-story reinforced concrete building with block walls in St. Louis (Ref. 28). 
Small-amplitude tests of several translational and torsional modes (15 
measurements) gave an average of 1.6% damp.-g u i th COV = 0.41. For a series 
of 16 loadings at large force levels producing some damage (crushing, 
spalling) the corresponding numbers were 3.9% and 0.40; i f only the 8 tests 

-20-



after damage are included, the values become 5.1% anu 0.28. After the block 
and brick external walls were removed, 29 high-level tests resulted in 3.1% 
and COV = 0.28. Al l of these values are rather low and in reasonably good 
agreement with other measurements. 

Acceleration measurements in numerous buildings during the San Fernando 
earthquake allowed the estimation of effective viscous damping. A plot of 
dampiiig against the local ground motion represented by the zero-percent 
damping spectral velocity shows a reasonably l inear relationship (Ref. 29). 
For reinforced concrete buildings the values range from about 1.5* at or below 
Sy = 10 in/sec up to about 12* at and above 45 in/sec. However, these 
measurements were probably influenced by soil-structure interaction. 

Partial explanation for the differences between the Newmark (NRC) values 
and measurements is that Newmark's high damping values were based on judgment 
and were designed to account for hysteretic values in l inear analysis. 
Therefore, the use of high damping together with nonlinear analysis or 
ductility-based response reduction amounts to duplication of hyster;t ic energy 
absorption. (In any case, even the equivalent damping values used to 
represent hysteretic behavior are of the order of only 6% to 12$). In a l l 
high-level tests of reinforced concrete which include hysteretic damping, the 
separation is impossible. 

The level of damping to be used with nonlinear analysis has not been 
discussed much in the l i te ra ture . I t is dear , however, that damping should 
not include hysteretic effects. Ref. 9 states, "There is no evidence 
available indicating what degree of damping should be used when inelastic 
behavior is exp l ic i t l y considered by means of a nonlinear resistance 
function. However, since in this case damping is meant to represent the 
energy dissipation associated with 'e last ic ' stages of response, i t is 
reasonable to consider values corresponding to moderate stress levels, say 
about half the y ie ld point," 
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Another point to be made in this respect is that in structures in which 
local nonlinearities develop, the damping would have to be averaged over the 
structure in some manner. Separation of hysteretic and damping energy 
absorptions avoids these difficulties with the selection of overall damping 
ratios. The hysteretic damping value may also depend on time because damage 
may not develop early 1n an earthquake. 

Based on the above discussions, a mean value of damping of 4% is 
recommended with COV = 0.30. Fortunately, the effect of damping on the 
inelastic spectrum is not great in the acceleration region (above about 
2 cps). The differences in deampllfication for 5% and 10S damping are: 

Damping|Ductility 2 4 6 
I 
5 0,560 0.386 0.317 

10 0.606 0.426 0.354 

rat io 1.08 1.10 1.12 

Alternatively, using the values in Table 4.7 of Ref. 9, the Increase in 
response due to using 5% rather than 10S damping is 2.28/1.78 = 1.28, with 
COV = 0.Z0. The differences are even less with signif icant soil-structure 
interaction. 

Damping also affects modal combinations in response spectrum modal 
analysis; a recent study resulted in the combination rule shown in Fig. 2-4, 
which indicates three methods of superposition (Ref. 3) . The derivation was 
for stationary Gaussian random inputs with a f l a t spectrum in a risk-consistent 
analysis. The superposition depends on the rat io of frequencies X , the 
fraction of damping t, , and the correlation coeff icient of the modal 
coordinates 

= 8 £\ / ~ . (2-la) 
P " 4&\ (1 + X) + (1 + X)(1-X}Z 
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The proposed RRSS rule should be used -fn certain regions as indicated in the 
f igure; then the superposed response value R for modes i and j is 

Rs = A ^ t R * + 2pR,-Rj. (2-lb) 

Note that this rule is between the SRSS rule (p = 0) and the ABS rule 
(p- U . 

The effect of damping is revealed in the figure: the absolute 
superposition need not be used for little damping, and the SSRS method is 
unconservative for large damping even for widely separated frequencies. The 
method is sensitive in the X > 0.9 range, and neither the ABS nor the SRSS 
method is accurate in the 0.1 < p < 0.8 range. 

Current approximate methods of combining responses for two independent 
orthogonal ground motions are generally conservative. It has been found, 
however, that inelastic response to multicomponent ground motions is worse 
than the combination rules derived for linear response. This protiem has not 
been studied for complex systems with gradual loss of global stiffness. 

2.5 Uncertainties in Material Properties 

The effects of variations in the strength and stiffness of materials on 
seismic risk was considered in the SSHRP. The relevant properties of concrete 
and steel, and the errors in stiffness predictions are examined in this 
section. 

There are several types of uncertainties affecting the effective concrete 
strength to be used in analysis (Ref. 16). The variation of cylinder strength 
depends on quality control and on the strength of concrete. A normal 
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distr ibut ion may be assumed with COV = 0.10 for concrete compressive strength 
above 4000 psi and better than average quality control. 

The in -s i tu strength is less because of casting conditions, larger volume, 
water migration, and infer ior curing. These factors were not considered in 
the risk analysis of the Zion plant. Based on core sample tests, the in-s i tu 
strength was found to be about 0.74 - 0.96 times the cylinder strength with an 
average of 0.87. For good curing a value of 0.90 may be used. However, the 
cores were typical ly taken from slabs which are easily vibrated and shallow. 
The covariance factor is about 0.20 (Ref. 71). A greater reduction is 
expected in deeper members congested with steel bars as in the containment 
wa l l ; but no information exists on th i s . 

The following formula has been suggested for in -s i tu concrete mean 
strength (Ref. 16): 

f c s = 0.675 f c ' + 1100 < 1.15 f c \ (2-2) 

which gives f c s = 5500 psi or 0.84 f c " for the 6600 psi concrete in the 
Zion plant. 

Aside from the moisture problem, volume also affects concrete strength 
because the probability of flaws increases with volume. As the volume grows 
to i n f i n i t y , the mean strength approaches 0.58, but the COV diminishes. I t 
was found (Ref. 16) that volume has a negligible effect on the minimum 
strength. A reduction would be appropriate for the heavy shear walls; the 
fonnul a 

f cv = f c [ ° - 5 8 + 0 - 4 2 ( v i ) j • ( 2 " 3 ) 
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where the volume V is in in . , gives about 0.60 for a portion of the wall. 
The variation is orly 

COV = ° - 1 4 7

0 . ( | ; / V ) 1 / 3 = 0.0075 

However, the reduced local compressive strength would not affect the strength 
of the entire reinforced wall; but such a reduction may be used in the 
strength formula (Section 2.6) which estimates the mean strength. 

The effective compressive strength is also reduced by the existence of 
transverse tensile stresses and strains. For example, the diagonal crushing 
capacity is reduced significantly by the diagonal tension in a panel located 
in shear (Ref. 17). More is presented on this factor in Section 2.6. 

The rate of loading influences the concrete strength; the increased stress 
is 

f c r = 0.89 f c' (1 + 0.08 log r), (2-4) 

where r is the loading rate in psi/sec. To get a rough idea of the increase, 
if a stress of 600 psi is reached in 0.10 sec during the earthquake-induced 
vibration of a stiff structure, r = 6000 psi/sec and f = 1.16 f c". The 
COV was found to be negligible. 

The shear strength of concrete has been related to the tensile strength of 
concrete. Ref. 16 recommends the following expressions for the tensile 
strength. 

split cyclinder strength f t = 6.4 / f c ' (2-5) 

modulus of rupture f t = 8.3 ST^? (2-6) 
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In the case of walls, the s p l i t cylinder strength is a better measure of the 
diagonal tension cracking strength. I f the compressive strength i s used in a 
formula to estimate the tensile strength (e.g. by the above formulas) and not 
by direct measurements, the COV's are 0.13 and 0.20. Otherwise the variations 
in direct measurement are 0.067 and 0.063. 

The in -s i tu var iab i l i ty in tensile strength is to be estimated from the 
variation of f ' in the above equations because direct test results are not 
extant. The effect of rate of loading i s somewhat higher in tension than in 
compression; a factor of 1.20 is recommended. 

Several new expressions have been proposed for the modulus of e last ic i ty 
of concrete in compression. The well-known expression 

E c = 57,000 /T^ <2-7) 

has been used in the SSMRP. The coeff icient was recently modified to 60,400 
in Ref. 16 to predict the i n i t i a l tangent modulus with COV = 0.08. The 
equation 

£c =40,000 / f ^ + W O ) 6 12-8) 

was recently recommended in an unpublished study for high-strength concrete. 
For a 6600 psi concrete the above three expressions give 4630, 4910 and 
4250 ksi. The last is probably the best for f ' greater than 6000 psi. 
However, the role of E is greatly reduced as a result of cracking as will be 
explained in the following. 

The variation of steel strength is ordinarily more important than the 
variation of concrete strength because capacity is related mostly to steel 
strength. The variability of yield stress was evaluated in the SSMRP, but 
several observations are in order. 

-27-



The yield strength of steel appears in capacity equations for flexure, 
shear and axial force. However, in most cases the capacity is appreciably 
greater if sufficient local ductility is present to strain the steel into the 
hardening region. This is likely at flexural hinges but not for snear 
failures. The strength of steel is normally taken about 1.3 times the yield 
strength. 

The jnalysis in the SSHRP and in the reference used therein lump all bars 
No. 3 to No. 11 together. Yet smaller (No. 3-No. 5) bars have somewhat higher 
strengths than larger bars, and the difference would affect the analysis of 
structures dominated by walls which usually have small bars. 

The tensile strength of steel bars embedded in concrete is higher than the 
coupon strength. The latter fails at the weakest spot anywhere within the 
test length. However, an embedded bar is highly stressed only at and near 
cracks and the probability of having the weak spots at cracks is less than 
one. Therefore, the statistical yield and tensile strengths of bars in 
concrete are greater than the coupon values. Tests to failure of reinforced 
concrete tension members would give the desired information but a limited 
search has not revealed any useful data. 

One can estimate the effect of embedment on the probability of failure by 
calculating the total length of a bar that is highly stressed. The crack 
spacing at and above yield is about 2t , where t is the cover measured to 
the center of bars. The highly stressed portion of the bar extends about two 
diameters on either side of the crack. Therefore, the fraction of failure 
prone length of the embedded bar is about 

2 d b . (2-9) 
*c 

In the remaining portion of the bar between cracks the stress can be 
assumed to decrease linearly to zero at the centerline. By assigning 
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probabilities of failure over segments of the bar between cracks, depending on 
the stress levels, a reduced overall probability of failure can be estimated. 

The increase in yield strength for rapid loading is 

3.2 + 1000 r (2-10) 

where r is the strain per second (Ref. 18), with a maximum of r = 0.0016/sec. 
For a wall structure the fundamental frequency is relatively high and results 
in a higher rate; therefore the limiting value gives an increase of 4.8 psi as 
opposed to a decrease claimed in Ref. 2. 

It should be noted that the rate of loading on the strengths of concrete 
and steel is a major factor in small model testing because scaling laws 
require high frequency loading. The increase in material capacity must be 
considered in the evaluation of small model tests. 

The most significant uncertainty in the response analysis of low 
shear-wall structures for a given input involves the estimation of the 
stiffness, especially at the relatively low stress levels expected in the 
heavy walls of the auxiliary and turbine buildings. Even for high-level 
loads, modal analysis using inelastic spectra is also based on the initial 
frequencies. Several sources of uncertainty are examined in the following. 

One question is the effective width of floor slabs to be included with 
beams. Codes specify various widths depending on the dimensions (slab 
thickness, span and beam spacing) for monolithic concrete or composite 
steel/concrete construction. Recent finite-element analyses and evaluation of 
experiments have indicated that larger effective width can be used, as large 
as the distance between slab center!ines. The latter value is recommended, 
unless the span is short, until a detailed study is made. The moment of 
inertia and consequently the natural frequencies are strongly dependent on the 
effective width in frame structures but much less in wall structures. 
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Tlie initial and low force-level stiffness of eoncwte structures are 
greatly affected by shrinkage and thermal cracking. A thorough study of 
published and unpublished data has revealed a wide variation in the reduction 
of stiffness, especially for wall structures. It seems that the two main 
factors that must be considered are: the size of the structure tested and the 
curing or handling conditions. The following is an attempt to summarize this 
effect. 

Available test results can be grouped as follows: 

1. Very small scale: 1/30, LANL 
Z. Small scale: 1/10, LANL, U of I 
3. Medium scale: 1/5-1/2, UCB, PC A 
4. Full scale: Japan, various structures in LA 

Shrinkage strains are inversely proportional to the thickness of the 
element. Curing and handling are equally important and their effectiveness 
also depends on the thickness. For example, the time of removal of the forms 
is a main factor. The amount of restraint provided by the forms strongly 
affects shrinkage stresses and this depends on the shape of the section. For 
instance, the side forms on the web of an I Section restrain shrinking. 

Delaying the removal of forms and extended moisture-curing can make a 
great difference in the final shrinkage strains. Thus the study of 
experimental data, as well as prediction of this factor, must consider the 
details of construction. Another complication is that shrinkage cracks can 
heal if ample moisture is continuously present for an extended period. 

Shrinkage stresses develop only if a restraint is present. Aside from the 
form, the other source of restraint is the reinforcement. A variety of tests 
and calculations have shewn that shrinkage effects increase with the 
reinforcement ratio. A thicker element (column) with less shrinkage can also 
provide the restraint necessary to induce stresses and cracking in walls. 
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As expected, the very small (1/30 scale) models showed the greatest 
differences between predicted and measured stiffnesses or frequencies. The 
ratios of measured to predicted stiffnesses ranged from 0.29 to 0.36 (Ref. 
19); the frequency ratios are the square roots of these- values. The 
reinforcement ratio was high (0.58S) which causes more shrinkage stresses. 
Shrinkage cracks were not visible in thene tests but the small size of the 
models made it difficult to detect cracks; probably even with a magnifier. 
The box-shaped 1/30 scale tests had stiffness ratios of 0.24 and 0.18. An 
additional factor that might explain the low shear stiffness is the shear lag 
effect as described earlier in this chapter. 

It is doubtful that microconcrete or another material for use in small 
models can be found that properly simulates not only the stress-strain 
characteristics of regular concrete but also the volume-change properties due 
to shrinkage and temperature. This deficiency seriously limits the usefulness 
of small models if stiffness, especially shear stiffness, at low stress levels 
is to be measured. 

The stiffnesses of the 1/10 scale wall-frame tests at the University of 
Illinois were reasonably well predicted (within about 10%) using the cracked 
section properties. The ratio of cracked to gross flexural stiffnesses 
depends on the amount of steel (see Fig. 2-5 from Ref. 20) and is usually 
about 0.4 to 0.6. It also depends on the level of axial force. For 
relatively high vertical loads due to the added masses, the measured frequency 
was 86S of the predicted value using gross section properties; the range was 
0.83 to 0.89 (stiffness ratios of 0.69 to 0.79). 

In these tests, and in other tests where the measured to predicted ratio 
is relatively high, some low-level cycling reduced the ratio of frequencies to 
the 0.40-0.50 range. The change in frequency with seismic input is 
illustrated in Fig. 2-6 (Ref. 21). These tests and others reported in the 
following show that minor loading added to existing shrinkage stresses can 
produce appreciable cracking. The shear stresses at diagonal cracking in 
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small shear panels tested at the University of Toronto depended strongly on 
the age of concrete and therefore on the amount of shrinkage stresses; the 
range was 4 /7J7 to 6 /T^ (Ref. 58). 

Careful measurements on 1/3 scale frame-wall structures indicated a strong 
dependence of the stiffness reduction on the vertical load which may limit 
shrinkage cracks (Ref. 22). Measured shrinkage strains increased linearly to 
about 350(10) in 80 days. For zero vertical stress the stiffness ratio 
was about 0.40 during initial loading and reduced further with some low-level 
cycling which induced some cracking, approaching the cracked stiffness (a 
ratio of about 0.35 to the gross section stiffness). The shear stiffness was 
also measured and gave ratios of about 0.7 initially but only 0.52 during the 
second low-level loading. After several cycles the ratio reduced to 0.10. 
These ratios were much higher (up to unity) as the vertical compression 
increased. 

Vertical stresses caused by the weight of upper stories greatly increased 
the shear stiffness as cracks were closed or reduced. A moderate stress of 
about 200 psi increased the combined shear and flexural stiffness by 302; this 
vertical stress was applied externally to simulate 11 stories above the bottom 
four stories modeled in the test. Even the ballast used for scaling purposes 
can make a difference. In the 1/5 scale model at Berkeley the stiffness 
increased by 40%. 

If tension is present in a wall, for example due to pressure in a 
containment or a room of the auxiliary building, the shear stiffness is 
drastically reduced because cracks open. An effective shear modulus of as low 
as 0.06g was found experimentally (Ref 23). This is much less than the 0.5g 
that is often assumed. 

Tests in oapan of box and cylinder structures with wall thicknesses of 
3.10 and 3.93 inches also resulted in stiffness ratios of about 0.56 to 0.67 
(fief. 25). The differences were blamed on shrinkage microcracks and less than 
full effective width of flanges. A much closer agreement was possible when 
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the tension concrete due to flexure was ignored in the flexural st i f fness 
calculations. The measured stiffness was lower for specimens with higher 
steel percentages in which greater shrinkage stresses developed. 

The eight isolated wall panel tests at PCA resulted in an average 
measured/calculated frequency rat io of 0.75 with COV = 0.066. I ts square, the 
average stif fness rat io was 0.56 with COV = 0,126 (Ref. 14). These were 4-
inch-thick wal ls, 15-feet high and very careful ly cured. Also, the forms were 
l e f t in place for longer than usual. An indication of the importance of forms 
in reducing shinkage is the fact that af ter only one side of the forms was 
removed, the wall began to curve noticeably due to unsymmetric shrinkage. 

In a recent revaluat ion of the PCA data ths shear deformations and a more 
accurate calculation of the effective shear areas of flanged walls (which were 
as low as 0.52 times the f u l l area) were considered (Ref. 25). With these 
improvements the average frequency rat io was 0.91 with COV = 0.071. These 
numbers include one test with more i n i t i a l cracking due to shrinkage and 
handling for which the frequency rat io was considerably lower - 0.76. The 
stiffness ra t ios , calculated as the squares of the frequency ratios for a l l 8 
tests give a mean value of 0.84 with COV = 0.133. 

I t is of interest to note that even modest loading, to less than half the 
y ie ld leve l , reduced the frequency to about half the i n i t i a l measured 
frequency (and therefore to about a quarter the stiffness rat io) as shown in 
Figure 2-7. A similar plot shows the increase of free-vibration damping from 
2-42 to 7-12S as the damage rat io increases from zero to one. This study 
shows that i f shear f l e x i b i l i t y and effective shear areas are properly 
accounted for , a stiffness rat io of about 0.80-0.85 can be obtained for 
carefully cured specimens. 

Stiffness ratios for fu l l -s ize structures are not ••eadily available, 
mainly because of the lack of predicted values. The ful l -scale tests in Japan 
as part of the U.S.-Japan cooperative program showed that the i n i t i a l 
frequency reduced by 50£ after "microtremors". Several ambient vibration 
measurements 
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on multistory concrete buildings indicated a reduction of frequency to almost 
0.3 to 0.6 as a result of the San Fernando earthquake of 1971 which caused 
minor cracking in these structures. Other studies also showed that the period 
doubled after minor shaking; however, a l l of these were actual buildings with 
many nonstructural elements. Also, soi l-structure interaction, especially 
rocking, can account for most of the reductions. 

A comparison of the ful l -scale tests in Japan with the 1/5-scale test at 
Berkeley (Ref. 26) points out the d i f f i cu l t i es with reduced-scale dynamic 
testing. Some of the problems found were: use of microconcrete with required 
stress-strain, tensile strength, and shrinkage properties; greater strain 
gradient in the model; larger loading rate; higher stat is t ica l steel strength 
in the model; and different bond characteristics. The stiffness deterioration 
was much quicker in the prototype. For the ful l -scale test frequency 
reductions were Z2% after the 0.107 g Miyagi-Oki input and a total reduction 
of 63% after the subsequent Taft input at 0.327 g. The stiffness of the 
1/5-scale model reduced 28S after the application of a 0.097 g level 
Miyagi-Oki shaking and a total reduction of 45% after additional input at 
0.147 g and 0.247 g of the same motion. 

The change in period after minor and signif icant earthquakes i s depicted 
graphically in Fig. 2-8 for two seven-story reinforced concrete buildings 
located 13 and 23 miles from the epicenter (Ref. 27). The periods doubled as 
a result of the damaging motion. One must be careful in judging frequency 
reductions in actual buildings because soi l compliance may be a major cause. 
Likewise, laboratory tests may also be affected by support f l e x i b i l i t y . This 
factor was eliminated or accounted for in a l l or nearly a l l of the test 
results reported above. 

The analysis of i n i t i a l stiffnesses presented above shows that the 
stiffness rat io depends on many factors. To aid in the risk assessment of 
shear wall structures in nuclear f a c i l i t i e s , i t is recommended to : (1) base 
flexural stiffnesses on cracked section properties, (2) include shear 
f l e x i b i l i t i e s , appropriate effective shear areas and shear lag ef fects, and 
(3) apply a further reduction factor to the stiffnesses of 0.90 (COV = 0.07) 
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for flexure and 0.80 (COV = 0.12) for shear. These numbers recognize the 
detrimental effects of microshocks prior to the critical portions of the 
earthquake. 

These recommendations are based on the consideration of the fact that 
shear walls in nuclear facilities are very heavy, and the penetration of 
shrinkage strains is limited. On the other hand, the vertical restraint is 
severe because of stiff columns. For example in the Zion plant the large 
steel columns and steel bracings restrain the shrinkage and partially support 
the weight of upper stories. Furthermore, the strength of concrete is 
relatively high, typically greater than 6000 psi, which means somewhat higher 
shrinkage effects. For lack of reliable data, the above considerations are 
judged to cancel out and justify the recommended values. 

It is necessary, of course, to examine the effects of these uncertainties 
in initial stiffness on the response. Fortunately, the frequencies of these 
wall structures fall in the acceleration region of the NRC spectra and of the 
ductility-based spectra. Above about 2 cps the acceleration is not sensitive 
to a change in frequency. For example a change of frequency from 10 cps to 
5 cps results in a change of acceleration of about 10 to 20% depending on the 
ground motion maxima. Between about 2 cps and 6 cps the acceleration is 
constant. This uncertainty is much less than the effects of special 
characteristics of the input. 

The large reduction of stiffnesses of walls can change the torsional 
properties of the structure, depending on the location of tlv critical walls. 
In fact, for a uniform design which considered torsion, the walls on the 
perimeter would be stressed highest and their los» of stiffness could shift 
the center of stiffness appreciably and influence subsequent behavior. A 
static nonlinear analysis would shed light on this problem. 
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2.6 Behavior of Low Shear Walls 

Inasmuch as low shear walls dominate reinforced concrete structures in 
nuclear f a c i l i t i e s , they receive particular attention in th is study. The 
evaluation is hampered by two facts; f i r s t , most investigations have been 
design {lower-bound) oriented and therefore have been primarily concerned with 
means to create safe structures. Second, the vast majority of tests and 
therefore the associated thinking or explanations were for walls in which 
flexure governed behavior. 

Slenderness of walls is commonly measured by the h w / l w ra t io , where 
h w and l w are the height and length (width, depth) of the wal l . Walls 
with a rat io less than unity are low (short, squat), whereas ratios greater 
than 2 define t a l l or slender walls. Walls with 1 < h^ l < 2 are in 
the t ransi t ion region but unusually behave more l i ke low walls; in these 
diagonal tension and flexure are both signi f icant. Most tests were performed 
on single-panel (one-story and one-bay) walls for which h and 1 are 
evident. I t i s less obvious what the height and length are for a wall with 
several stories or bays. Multibay continuous walls are rare in t jp ica l 
buildings but are common in nuclear f a c i l i t i e s . For example, the wall between 
the auxi l iary and turbine buildings of the Zion plant i s 108' high with f ive 
stories and 266' long with 12 bays. I f there i s strong interaction between 
the walls and the frame, h w and 1 may probably be taken as the overall 
dimensions. Then f loors, beams and columns act as web reinforcement. For 
t a l l e r structures the differences of deformed shape between walls and the 
frame are more pronounced and h / l tends to lose i t s significance. 

Actually, the moment-to-shear rat io or M/Vl is a better parameter 
distinguishing flexural and shear behavior. This is especially true in 
multistory structures loaded at several levels. The inelastic M/V rat io i s 
required which can result in higher shears than an elastic analysis for a 
given flexural capacity. 
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When flexure is critical in taller walls, (1) horizontal cracks develop 
which lead to increased deformations and perhaps to sliding shear; (2) 
vertical edge members and vertical steel near the boundaries are important; 
(3) deformations, ductility, and hysteretic energy absorption can be high; and 
(4) increased flexibility means lower spectral accelerations. Study of 
research results and their discussions must keep these attributes in mind. 

In contrast, 1n low walls shear often controls, flexure has little 
meaning, plane sections do not remain plane, drift is smaller, and higher 
forces are generated. It is convenient to classify shear stresses as low 
(less than 3 /7" 1 ) and high (greater than 7 / 7 7 ) ; low stresses c c 
normally do not cause problems in well detailed walls. 

As mentioned previously, shear deformations may constitute a significant 
portion of the total deformations. Fig. 2-9 shows a plot of ratios of shear 
deformations to total deformations for walls, as a function of the moment to 
shear ratio (Ref. 49). The large experimental scatter in shear stresses is 
evident from Fig. 2-10 (Ref. 40) where many wall tests, tall and short, are 
plotted against the concrete strength. In most of these tests the concrete 
strength was rather low. 

It is instructive and necessary to review the failure modes of relatively 
low walls: flexure (yielding of vertical steel followed by steel fracture, 
concrete crushing, or steel buckling); diagonal crushing (between diagonal 
tension cracks); diagonal tension (steel yielding and fracture at diagonal 
cracks); and sliding shear (loss of interface shear transfer strength across 
horizontal cracks). Other failure modes are: deterioration of connections 
between the wall and boundary elements, failure of boundary elements, and 
buckling of the wall. All of these failure modes have been observed and the 
relevant types are examined in the following. 

Even in short walls flexure can play a deciding role. If horizontal 
cracks are opened by the cyclic moment, sliding shear usually occurs along 
horizontal cracks. This is likely in the 3 / T 7 to 7 / T 7 stress 
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range (Ref. 30). Resistance to sl iding shear is provided by aggregate 
interlock (shear f r i c t i o n ) , dowel action of vert ical steel or columns, and 
diagonal s teel , i f present. The level of shear strength is A f u ^0 .2 
f c ' A c or 800 flc lbs, where \i = 1.4 except p = 1 at construction 
jo in ts and Ay is the area of vert ical s teel . Cycling reduces strength by 
about 15% but stiffness can deteriorate much faster (Ref. 31) and lead to 
signif icant loss of hysteretic absorption. The hysteresis curve is pinched 
and contains a segment with very low stiffness (Fig. 2-3a). The possibi l i ty 
of high duc t i l i t y rat io is meaningless in th is case. 

For conditions typical in a nuclear f a c i l i t y , the estimated sl iding shear 
capacity is Vu = pf = 0.003 (60,000) = 180 ps i , but not more than 0.2 
(6600) = 1320 psi or 800 ps i . Thus the strength i s 180 psi or about 
2.2 / f ' for 6600 psi concrete. These calculations are for only the 
wa l l ; column steel , notably the steel columns of the Zion plant, would add 
signif icant ly to the sl id ing shear strength. I f the columns are included, the 
steel rat io would be about twice the above value. I t is l i ke ly that steel 
columns would provide enough dowel capacity to prevent sl iding shear fai lures 
(see Chapter 3) . 

In very low walls flexure and consequent vertical yielding play a 
negligible role. Diagonal cracks form in two directions, rather than 
horizontal flexural cracks. Diagonal compressive forces act between the 
cracks and a truss mechanism develops in which shear reinforcement and 
boundary elements are the remaining elements. 

A free body bounded by diagonal cracks is shown in Fig. 2-11. I t i s clear 
that both vertical and horizontal wall steel are important. The wall steel 
must be well anchored at boundaries. The compressive stresses in the panel 
may be viewed as a "diagonal compression f i e l d " (Ref. 32). Failure can be 
either by general y ie ld ing, which is easily calculated, or by compressive 
crushing. I t should be noted that the compression f i e ld intersects the 
columns and beams of low walls, which underlines the importance of wall-frame 
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Fig. 2-11 Free Body of Wall with Diagonal Tension Cracks 



interaction. The top beams must have sufficient stiffness to resist the 
forces. The inclination of the struts depends on relative stiffnesses of 
wall, beams, and columns and ranges from 30° to 60°. 

The crushing strength is significantly reduced by transverse diagonal 
tension to as low as 0.2 f '. The reduction depends on the shear strain 
TJJJ (diameter of the strain circle) and eQ (strain at peak cylinder 
stress of concrete) as shown 1n Fig. 2-12 (Ref. 32). Thus wall deformations, 
(flexural and shear) decrease the diagonal compression capacity. 

For a 45° truss, equilibrium gives a crushing shear stress 

v c r = 0.5kf c' (2-11) 

where k is the effective strength factor. 

An evaluation of k in th is equation from 14 PCA tests, in most of which 
flexure was s igni f icant , resulted in an average value of k = 0.25 with COV = 
0.32. For negligible axial force and neglecting flexural distort ions, shear 
distort ion can be related to story d r i f t r by the empirical relationship 
Y = 0.76r, where r is the relat ive story displacement divided by the story 
height (Ref. 33). Using e = 0.0025 and the equation in Fig. 2-12, one 
obtains 

k = , ^ 2(6.7SrT= I +fi00r * ( 2 _ 1 2 ) 

1 + 0.0025 

The measured d r i f t s at fa i lure in 11 unrepaired PCA walls averaged r = 
3.0% with COV = 0.20. However, in these tests flexural deformations were 
important. The shear distort ions averaged r = 1.96* with COV = 0.30 for a l l 
14 (unrepaired and 3 repaired) walls. 
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Considering drifts observed in low wall tests in which flexural yield was 
not reached (see Chapter 4 ) , a lower value of r = 1.0% is recommended. Then 
k =0.51 and 

v c r = 0 . 2 5 f c ' (2-13) 

is the shear stress in low walls at diagonal crushing with COV = 0.30. 

It has been advocated 1n New Zealand that only the steel should be relied 
upon in low walls. However, analysis of test data does not support that 
excessively conservative view. Only after cyclic flexural yielding, which 
produces an open horizontal crack, is the concrete contribution lost in walls 
without stiff vertical boundary members which delay sliding. 

Preoccupation with tall walls in research, thinking, and design is 
illustrated by the fact that code equations specify only the amount of 
horizontal shear reinforcement o f . Yet horizontal steel becomes less 
effective as h w/l w decreases and vertical reinforcement becomes 
important. At the end however, equal amounts of horizontal and vertical steel 
ratios are used. 

The contributions of vertical and horizontal steels were separated in the 
SSMRP analysis (Ref. 2). The ultimate shear stress is 

v = v + v (2-14) 
u cu su 

vcu = 8"3 / C " 3 ' 4 ^c U - 1 / 2 ) + * $ i w - (2-15) 

v s u = A p / y + Bpnfy (2-16) 

where 
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N = the vertical compression, 
p = vertical steel percentage, 
fy = horizontal steel percentage, 
a = h w / l w , 
A = 1 . B = 0 for a < 1/2, 
A = 0, B = 1 for a > 1. 

The coefficient A decreases linearly and 8 increases linearly between 
a = 1/2 and a • 1. This equation permits an Improved estimate of the 
shear capacity of a giver wall. Actually, both types of reinforcement are 
still effective somewhat outsid; the given limits, but the numbers are not 
sensitive as long as both kinds of steel are used. The equation reduces to a 
previously published one for ec al amounts of vertical and horizontal 
reinforcement, since A + B = 1. Typically, the concrete contribution is about 
thref: times the steel contribution, thus the sum is less sensitive to A and 
B. It Is noted here that several typographical errors are on pages 3-7 and 
3-8 of Ref. 2, including two in Equation 3-6. 

The shear area used to convert stresses to forces is often taken as h.d, 
where h is the wall thickness aid d is the effective depth. The ACI Building 
Code and most US research repor.s assume d = 0.81 , but often take d as the 
total depth of the wall. Actually, d depends on the size of columns and the 
amount of reinforcement in the boundary columns. In any case, thesj 
differences should be recognized when evaluating and comparing test data. 

In some of the tests in Ref. 25 vertical local N was applied, which adds 
N/4h 1 to the strength. This was added 1n both formulas. Also, it has 
been recommended (Ref. 17) to ignore the concrete cover when evaluating the 
diagonal crushing strength (for example using Eq. 2-13); this was not done in 
these calculations. 

Several tests were not considered because premature failure occurred (for 
example, due to slip between the wall and the frame in two tests at the 
University of Michigan) or excessive strength was contributed by unusua'My 
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heavy frames (Benjamin's tests at Stanford). A prediction equation cannot 
work for very unusual cases. The two walls from Ref. 37 fa i led by sl iding 
shear after flexural y ie ld ing; these did not have strong edge columns to act 
as dowels. The seven walls from Ref. 36 were not low i f the total 3-story 
height is considered; the total height was used in Eq. 2-14, for a l l wal ls. 

Which of the three equations should be used in a best-estimate 
calculation? The shear-friction equation p f i s actually part of 
Eq. 2-14 i f the concrete contribution is ignored. Sliding shear may be a 
problem only i f cyclic flexural yielding occurs and the vert ical edge members 
have l i t t l e dowel capacity. I t is recommended that this fai lure mode be 
discounted in the analysis of the massive shear walls of nuclear f a c i l i t i e s , 
as long as vertical tension due to pressurization is not present. 

The two other equations serve dif ferent purposes. Equation 2-13 predicts 
diagonal crushing strength in low walls but does not consider the 
slenderness. Equation 2-14 i s equally good in estimating shear strength and 
reflects tht effect of h / I and the steel. 

I t is proposed that both Equations 2-13 and 2-14 be used in shear capacity 
estimation. Using the lower predicted values in each of the 32 tests (PCA, 
Japan and Berkeley), the result is 

a v e r a g e measured " ° - " » 

COV = 0.26. 

This is an excellent correlation considering the diversity of tests. Of the 
32 numbers, Eq. 2-13 controlled in 9 cases. 

This data base i s much wider than used previously in developing 
equations, i t should be noted, however, that special fa i lure modes, such as 
sl iding at interfaces, fracture at openings, or wall ins tab i l i t y are not and 
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cannot be covered by such equations. The safety of complex structures and the 
discovery of special failure nodes will have to be the task of experts. A 
detailed comparison of failure modes with prediction might be interesting but 
this has not been done. 

It appears that shear lag effects in box sections may alter the stress 
distribution sufficiently to lower shear stiffness and strength (this factor 
was discussed previously). Several box and cylinder specimens were tested in 
Japan (Ref. 24). The two box sections that failed in shear had predicted/ 
measured ratios 1.67 and 1.92 by Eq. 2-13, and 2.96 and 2.13 by Eq. 2-14. 
These are much higher than the highest in the 32 wall tests analyzed above. . 

This section was restricted to the prediction of the shear strength of low 
walls. It will be claimed in Chapter 4 that deformations (drift) must ilso be 
limited to avoid excessive damage. / 

2.7 Summary ~" / 
z 

Several key aspects of the SSMRP f r ag i l i t y analysis were evaluated in this 
chapter. They relate to the ductility-based reduction of the response, the 
associated dairping values to be used, the i n i t i a l stiffness of shear walls, 
and the capacity of walls. 

The uncertainties inherent in the ductil ity-based spectra are well known, 
but additional questions specific to concrete structures in nuclear f a c i l i t i e s 
were raised. These relate to the shape of the hysteresis curves and the 
recommended duc t i l i t y values. A reduced damping rat io was indicated which 
does not account for hysteretic energy absorption. 

The low measured i n i t i a l stiffness of wal ls, often as low as 20% of the 
predicted values, was analyzed, explained, and evaluated. 

An extensive study of an extended pool of data resulted in an improved 
procedure for the estimation of shear fai lures of low walls that are 
ubiquitous in nuclear plants. 
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3 FRAGILITY ANALYSIS OF THE ZION PLANT 

3.1 Introduction 

The fragility analysis method within the SSMRP was evaluated in Chapter 2 
as a general approach. The principal assumptions were examined, together with 
the variability of material properties and shear wall behavior in the light of 
recent information. 

This chapter is devoted to the study and assessment of the application of 
the fragility analysis to the Zion plant. The primary sources of information 
were References 2 and 38. Although this discussion is plant-specific, some of 
the conclusions are applicable to other nuclear facilities. 

As in Chapter 2, special attention is paid to low shear wall behavior. In 
addition credible roof failures are considered. 

3.2 Main Features 

The f r a g i l i t y parameter, that is the horizontal axis of the f r a g i l i t y 
p lots, was in most instances selected to be the acceleration at Node 3006 of 
the auxil iary building at elevation 642 feet, near the roof. This 
acceleration was calculated by time-history analyses for 30 simulated motions 
in each of six ground acceleration intervals. The stresses in c r i t i ca l 
elements of the attached buildings were t ied to th is acceleration from a 
subset of the analyses. 

Linear analysis was used in the structure response analysis but 
soil-structure interaction and torsion were considered. Significant torsion 
exists for N-S excitation (see Fin. 3-1). Nonlinearity was included in a 
simplif ied manner: ductility-based response deamplification was used to 
reduce element stresses. The success of th is approach hinges on the 
development of nonlinear!ties throughout the structure at a uniform rate. 
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Local nonlinearities, even if present, are not allowed to influence at a 
different rate the overall response. 

Most simplified analysis and design methods rely on similar assumptions 
that work for optimally-proportioned structures. It is doubtful that many 
three-dimensional buildings satisfy such criteria; in fact, a good seismic 
design should strive for the opposite: sequential and progressive failure of 
load-sharing systems. 

Nonstructural block walls were not included in the idealization. However, 
these 12 in. walls, present throughout the auxiliary-turbine building complex, 
alter the stiffness characteristics. In particular, they affect torsional 
response in the elastic range and much more so as they fail progressively. An 
estimate of this effect can be made without great difficulties (see Chapter 5). 

The failures of the weakest critical elements (walls, roofs) were analyzed 
independently. The effect of partial failure of a primary wall on the 
response of other elements could be important. Ignoring the interaction is on 
the safe side if there is no overlap of the fragility curves and the failures 
are of similar importance; otherwise, the sequence of failures remains 
uncertain. A static, nonlinear analysis would be helpful. Another question 
arises for very stiff structures because the response can increase as 
stiffness is diminishing. 

As explained in Section 2.6, the response of walls is strongly influenced 
by vertical forces. Pressure in the concrete buildings (aside from the 
containment) was not considered possible in this plant. However, in some 
plants room pressure can develop and cause tension in walls; the shear 
stiffness is drastically reduced by tension. 

The failure of wall anchors prior to wall collapse was not studied in the 
SSMRP though critical equipment might be attached to walls. A preliminary 
examination of this problem is included in Section 3.7. 
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3.3 The Main Wall 

One of the critical structural components of the Ziou plant is the large 
common shear wall between the auxiliary and turbine buildings (Fig. 3-1). The 
wall is sketched in Fig. 3-2. A steel frame with tubular diagonal bracing in 
four bays per floor is embedded in the wall. 

As it is explained in Section 2.6, two important factors governing the 
behavior of shear walls are the interaction with the frame and the moment/ 
shear ratio (or height-to-width ratio). The roles of these factors are not 
evident in the present case. If the interaction is reliable, the entire wall 
may act as a unit and the h/I ratio is taken for the whole wall. This 
is possible only if compression and tension forces can be transmitted across 
steel members and between the wall and the outside boundary frame. Truss 
action depends on the ability of the boundary frame to take the tensile or 
compressive forces (Section 2.6). The steel columns act as stiff dowels that 
are expected to prevent sliding shear failures. On the other hand, the steel 
frame provides stiff restraint and promotes shrinkage cracking. 

The compression field is accompanied by inclined forces acting on the 
frame. At the very top the beams must be stiff enough to supply the reaction; 
fortunately, the shear and diagonal forces are small at the top. The interior 
beams and columns receive forces from both sides and these forces partially 
cancel out. The tension between the end columns and the end panels must be 
transmitted by positive connections, such as anchor bolts, and the wall 
reinforcement must be anchored to develop the tension; otherwise a failure 
plane develops along the end columns or at the anchor bolts. There is no 
empirical information or design guides to help in the estimation of the 
interface forces; conservatively, the forces are taken at the yield level of 
the wall reinforcement. 

The fragility analysis in Ref. 2 hinges on the shear capacity of the studs 
welded to the column webs between elevations 592 ft and 617 ft. The forces in 
the studs were calculated from the shear flow equation VQ/I for the entire 
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width of the wall. However, the wall is not slender and plane sections do not 
remain plane; thus flexural equations such as VQ/I do not apply. The shear 
stresses from the floor inertia forces are nearly uniform rather than 
parabolic along horizontal sections; the uniform stress is 2/3 of the 
parabolic value. 

The second question regarding the fragility analysis of the main wall 
concerns the failure mode of the studs. In Ref, 2 it was assumed that welded 
studs fail in a brittle manner at a shear force, 

930 a 2 /fj7 (lbs), (3-1) 

where d is the diameter of the stud, in this case 3/4 in. Therefore, the 
story shear force-drift curve shows a sudden loss of strength when the studs 
fail suddenly and nearly simultaneously, as shown in Fig. 3-3. It is assumed 
that after stud failure no interaction remains between the columns and the 
wall. The concrete panels between columns subsequently act as cantilevers and 
their capacity is limited by flexure at a low load (Fig. 3-3). 

It is questionable that stud failure is brittle. There are shrinkage 
cracks at each stud, and a gradual loss of stiffness as the concrete around 
the studs deteriorates and a failure cone forms after considerable slip. The 
studs themselves are not likely to fail before large deformations; this is 
indicated by the fact that the capacity does not depend on the strength of the 
stud material. 

The studs are not leaded as long as a perfect bond exists between the 
surfaces, and they become effective only as slip develops. Short studs fail 
by pull out; intermediate length ones by a cone formation and pullout; and long 
studs fail by concrete crushing and eventually by weld fracture. The 6-in. 
studs in the Zion wall are long. Such long studs undergo significant bending, 
even into double curvature, before failure. Moreover, the strength does not 
increase much beyond a stud length of about four diameters. 
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Host of the available information on stud behavior was developed for use 
in composite construction. Design codes, based on test results in the 1950's, 
assume that studs along beams and embedded in concrete slabs share the load 
equally. Since the shear force and shear flow usually vary l inear ly along 
beams, considerable redistr ibution is recognized. This approach was used even 
before other ultimate strength concepts were widely adopted. In the present 
case gradual loss of stiffness of the studs loaded nearly uniformly along the 
column led to a nonlinear force-dr i f t relationship. 

Several force-sl ip curves are shown in Fig. 3-4 (Ref. 39). I t is seen 
that large scatter exists and considerable s l ip and loss of st i f fness occurs. 
The following equation Is proposed to approximate the curves 

V = 40 ( l - e " 4 0 s ) . (3-2) 

This i s an extrapolation to higher shear values for the 6-in.-long studs used 
in the wa l l . 

To permit a nonlinear analysis of the wall-frame system, the sti f fness is 
requi red: 

k = <jV = i 600e- 4 0 s (3-3) 

Each stud has a tributary area of 12 x 12 i n . , and therefore the interface 
shear stiffness is 

'f-S-"«-40 ,fe i. «-» 
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This can be used in a finite-element program to predict the response of the 
wall. 

Since there is large variation in the data, the various panels subjected 
to a nearly equal shear stress will not respond identically. This fact 
introduces another cause of gradual loss of overall stiffness. 

A preliminary analysis of the simple model of Fig. 3-5a was performed at 
Cornell University using a nonlinear finite element analysis with interface 
elements and graphic output. The purpose of this crude analysis was only to 
get a rough idea of nonlinearity for the wall dimensions, force levels, and 
stud properties given. The deformed shape and load-displacement curve are 
shown in Figs. 3-5b and 3-5c. The nonlinearity is not great for this set of 
properties. 

The effect of 10 load cycles at three load levels is shown in Fig. 3-6a 
(Ref. 40). Level B was about half the monotonic strength, and a serious loss 
of stiffness i s evident. The secant stiffness after 10 cycles at level B was 
half the initial stiffness. The effect of few high-level cycle* on strength 
is not reported. Another cyclic load-slip curve for studs attached to steel 
angles is shown in Fig. 3-6b from Ref. 41. Although the loading of angles is 
somewhat different, the large deterioration and pinching is evident. 
Deflections at failure were as high as 24 times the elastic deflections. 

Reference 40 gives the capacity as 

Vu = 0.5 As / f £ . (3-5) 

where As is the area of the stud. 

For fc' = 6600 psi and d = 0.75 in. Eq. 3-1 gives 42.5k and Eq. 3-5 
results in 38.6k. 
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To obtain an estimate of the shear in a stud at the peak story shear of 
20k (Fig. 3-3), a uniform shear stress is assumed. Then 

20,000 _ „ f l n • 
246(12)(24) " 2 8 0 P S 1' 

For a tributary area of 12 x 12 in., the shear force 1s 40.7 k. The slip is 
about 0.06 in. at v = 250 psi. 

It is Important and instructive to compare the estimated strengths and 
stiffnesses of the wall elements. The concrete stiffness is shown in Fig. 3-7 
for G/2 and G/5. The strength levels are noted at 2 / T ^ when cracking 
is noticeable and at 4 ST^' {diagonal cracking). Drifts of 0.04% and 
0.2% denote initial cracking and extensive cracking, respectively. The total 
stiffness and yield strength of the 6 diagonal braces are shown for an assumed 
0.5-in. tube-wall thickness and 50 ksi yield. 

Two additonal observations need to be made. As it was shown in Section 
2.6, the initial wall stiffness is a strong function of shrinkage strains. 
The steel frame, with the studs and diagonals, provides an unusually large 
restraint and therefore shrinkage cracks should be common. Also, the gradual 
loss of stiffness and consequent hysteresis will introduce appreciable energy 
dissipation that must be evaluated from tests. 

The main conclusion of this analysis is that the transition from the shear 
wall to individual flexural cantilevers will be gradual. Significant shear 
transfer between the panels and the columns will be maintained. Therefore, 
the stiffness and the strength of the wall will remain much higher than that 
of the separate cantilevers. A relatively simple two-dimensional nonlinear 
analysis can shed light on the force transfer process. 
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With the gradual stiffness reduction and the larger strength of this wall, 
it is likely that other walls, especially at lower elevation, will become 
critical. Host of those walls do not have studs. 

If shear controls the strength, as it was claimed in the previous 
discussions, the lowest of the following control the story shear: 

(1) Equation 2-14, v„ = 935 psi but limited to 10 ST7 = 810 psi. 
u c 

(2) Equation 2-13, v u = 1650 ps i . 

(3) D r i f t of 0.4%. At a conservative Go/10 the corresponding stress 
for such a strong wall can be estimated to be 1850 ps1. However, 
th is l im i t should normally be checked using displacement calculations. 

As mentioned ear l ier , sl iding shear fa i lure w i l l be prevented by the s t i f f 
steel column. 

Taking the lowest value of 810 ps i , the corresponding wall shear is 
62,000 k which is much larger than the values postulated in Fig. 3-7. This 
example indicates how widely dif ferent numbers result from dif ferent 
assumptions or judgmental considerations, even without consideration of 
nonlinearit ies. Extensive studies or input from experts are often 

dispensable. 

Eq. 2-13 was derived from the compression f i e l d theory and assumes 
that the entire f i e ld can be developed. I f that is not the case, compression 
struts w i l l act corner-to-corner in each panel of the steel frame. The 
approximate forces are V = 12(0.2 hf L/12) 0.707 = 0.14Lhfc = 10,800 f c > 
I f one takes a relat ively high effective strength value f c = 2 f c ' / 3 
because the distortions are small, V = 47,500 k results. The corresponding 
tension in the columns is (47,500/12) 0.707 = 2800 k, and part o f the strut 
force produces shear in the columns. 
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The importance of wall-frame interaction becomes clear upon examination of 
the rightmost free body in Fig. 2-11, which is the end of the wa l l . I f h 
is the height of the wall and the crack is at 45°, the total shear force 
acting on top of th is element is h V/L, where L i s the total length. 
Equilibrium at y ie ld demands 

* w h f y " h w V / L 

where ^ i s the horizontal steel percentage and h 1s the wall thickness. 

Therefore 
V = Lhp f = A p f Kn y Wn y 

where A i s the horizontal wall area. In the present case, 

V = 266(12)(24)(0.0034}60 = 15,630 k. 

It is interesting to note that this is the same as the steel contribution 
in Eq. 3-14 for equal vertical and horizontal steel; these numbers ignore the 
contribution of concrete. The value is also equal to the shear friction limit 
for a coefficient of friction of unity. The capacity of end columns to 
provide support to the diagonal struts is not considered. 

3.4 Other Walls 

Several other walls in the E-W and N-S directions of the building complex 
were analyzed in Ref. 2. It was claimed therein that failure of the selected 
walls, including the main wall discussed in the previous section, can be 
evaluated independently, and failure of any of these walls will lead to 
immediate failure of the other walls. 

Although this deliberate disregard of redundancy and load redistribution 
substantially simplifies failure analysis and is on the safe side as far as 
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design goes, it does not allow a realistic risk assessment. Nonlinear 
behavior and loss of stiffness of these walls introduces load sharing, 
especially for dynamic loading, that should lead to a higher capacity. 

The consideration of load sharing and redistribution is especially 
important because the E-W diesel generator room walls are expected to fail at 
nearly the same load level as the sain wall discussed previously. It is 
admitted that the nonlinear interaction through torsion is complex, but a 
static nonlinear analysis would reveal the extent of load transfer. It would 
also help to assess the value of system ductility much more reliably than 
simply reducing the local ductility. 

There are several E-W walls in the diesel generator building and it is 
unlikely, given the variations in capacities and the uncertainties of 
nonlinear torsional effects, that the failure will be sudden. Redistribution 
of forces would take place, and therefore the fragility curves are expected to 
be flatter than those shown in Fig. 3-8. 

The significant loss of lateral stiffness of the buildings as walls crack 
leads to much higher displacements, especially in such stiff structures. The 
increased displacements are important because there is only a 1-in- gap 
between the auxiliary-fuel handling buildings and the containment, though the 
soil flexibility is probably the most significant source of displacements. 

3.5 Roofs and Floors 

Several credible failure modes of horizontal diaphragms have been 
identified (Ref. 38). These include the failure of the roof bracing of the 
turbine building and the roof slab and truss of the auxiliary building. 
Considering the slenderness of the buildings, the large forces to be 
transmitted to the walls, and a lack of redundancy, these horizontal members 
should receive special attention. 
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The roof of the pump enclosure room of the cr ib house is elongated in the 
N-S direction and f a i l s due to E-U exci tat ion. The method of capacity 
evaluation is not discussed in Ref. 2 but relat ively l i t t l e uncertainty is 
involved. The loss of stiffness leads to the out-of-plane fa i lure of the N-S 
walls and the roof collapse. 

The connection between the auxi l iary building roof and the walls is a weak 
l i nk . I ts deterioration leads to out-of-plane wall bending fa i lure and roof 
collapse. The calculated mean acceleration capacity at node 3006 is about 
3.0 g based on l inear response. The st i f fness reduction of walls can lead to 
a lower capacity but the evaluation of this behavior sequence would require 
nonlinear analysis. 

The pump enclosure roof has numerous large openings which are especially 
consequential in an elongated diaphragm affected by deformations. Not much i s 
known about the effect of random holes in diaphragms. An elastic f i n i t e 
element analysis can easily predict stresses, but inelastic behavior or 
fa i lure is a much more complex problem. More work is recommended in th is area. 

3.6 Containment Vessel 

The failure modes of the cylindrical containment are strongly affected by 
the internal pressure and the level of tension in the wall. The shear 
stiffness and capacity are reduced as horizontal cracks form and remain open 
(Refs. 23 and 42). 

Linear analysis of the vessel was used to perform the fragility analysis. 
However, the highly nonlinear shear behavior of cracked containments 
fundamentally alters the response (Refs. 43 and 44). Non-linearity reduces 
the stresses but increases displacements. 

3.7 Anchor Failures 

One of the critical local failure modes (limit states} in a nuclear 
facility is anchorage pullout of equipment or supports. For example, 
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equipment may be attached to walls and severe cracking of the walls can lead 
to anchorage failure. 

This problem has not been analyzed in Ref. 2 and, in any case, little 
information is available. There are two questions: the critical damage state 
of the wall, and the force combinations necessary for pullout. 

Based on the discussions presented in Section 2.6 and Chapter 4, a drift 
(shear distortion) level of O . H (0.001 radians) signifies extensive diagonal 
cracking in low walls. This criterion may be taken as a lower bound for wall 
damage. 

It is more difficult to estimate the forces {shear, bending, tension) 
required to free a specific wall anchor. The code contains simple provisions 
for estimating the pull out force. Push (punching) tests on tensioned panels 
have shown little decrease of punching resistance with biaxial tension up to 
0.9 f (Ref. 45). More research is required to evalute the anchor capacity 
in tensioned walls. 

3.8 Summary 

The application of fragility analysis techniques to the Zion plant were 
evaluated in this chapter. The failure of shear walls received particular 
attention. A different model of the failure mechanism of the N-S main wall 
was advanced. 

It ha? become evident that there are no straightforward and foolproof 
methods of behavior and capacity prediction. An intimate knowledge and 
understanding of each type of material or structural element is a necessity. 
Since there is a large variety of elements and behavior is often controlled by 
details, the analysis requires great care and a coordinated effort by various 
experts. 
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4 OTHER APPROACHES 

4.1 introduction 

The focal diff fcuTty -fn seismic r isk assessment, indeed in earthquake 
engineering generally, is the consideration of inelastic response. The most 
conmon analysis method, the ductil ity-based spectrum reduction, was used in 
the SSHRP and was evaluated in Chapter Z. 

To circumvent the direct use of duc t i l i t y factors, several alternatives 
have been proposed. I t is not claimed here that they are clearly better, but 
they do offer additional insight into dynamic analysis and nonlinear 
behavior. Much more work is necessary, especially for high-frequency 
structures, before a choice can be made. Again, the goal of r isk assessment 
is much more d i f f i c u l t than that of a safe design. 

This chapter contains a br ief review of some approaches that might be used 
to estimate inelastic response. The discussion is open-ended because many 
questions are s t i l l unanswered, especially for s t i f f structures not dominated 
by flexure. 

4.2 Drift Criteria 

The safety and response levels have histor ical ly been measured mainly by 
stress or force amplitudes. I t has become increasingly clear over the past 
few years that distortions are equally important indicators of damage and most 
codes now have displacement TirDits. 

Relative displacement may represent overall d r i f t (relative to the base), 
interstory d r i f t , or tangential interstory d r i f t which excludes the rigid-body 
rotation of the lower f loor. The interstory d r i f t is used most commonly; for 
low structures without much overall flexure i t is an acceptable substitute for 
the tangential interstory d r i f t . 
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Drift is a reasonably good indicator of structural damage, the p-delta 
effect, and especially nonstructural damage. The limit is a function of the 
type of structure, the method of analysis, the lateral force level, the axial 
force level, and the influence of flexure. 

As a clear illustration of the usefulness of drift limits is the fact that 
the ductility demand on very stiff structures is usually large, yet non
structural elements are not extensively damaged at low drift values. Thus 
ductility is not a sufficient criterion in this case and even for frames 
(Ref. 52). 

According to Ref. 45, "a building frame could be designed to any force 
7eveJ for seismic forces - as long as the building could endure the 
distortions involved." Although this is obviously an exaggeration, the point 
is made that buildings are more forgiving of stresses than distortions. 

Drift limits are often used to avoid the p-delta effect in slender frames, 
although that effect could be evaluated rather easily. The greatest value of 
drift analysis is in the limitation of nonstructural (wall) damage. 
Furthermore, the drift limit is more of a controlling factor for stiff 
structures themselves with less energy absorption capacities and relatively 
larger forces. 

Drift limits must be related to the method of analysis. Nonlinear 
displacements of very flexible structures can be estimated by elastic cracked 
section analysis, because elastic and inelastic displacements are nearly 
equal. The analysis of stiff structures is more difficult. If the frecuency 
of a damaged structure is still high, the acceleration is known and the 
displacement can be estimated from an assumed ductility factor. 
Unfortunately, inelastic displacements are very sensitive to the yield 
strengt.i for high-frequency structures. In the 2 to 8 Hz range the 
displacement increases by a factor of about p A u-1. The reliance on 
ductility factors is unfortunate but probably acceptable for low ductilities, 
because the inelastic displacements are small. More work needs co be done in 
this area. 
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Special characteristics of the ground notion can affect nonlinear 
displacements and d r i f t . The acceleration pulse (see Chapter 2) of the 
Pacoima Dam input caused much larger d r i f t (0.90%) than the El Centro motion 
(0.28$) in one test (Ref. 46). 

I t should be pointed out that in modal analysis interstory d r i f t should be 
calculated for each mode separately, rather than from the combined displaced 
shape. Shear effects can be more pronounced in the upper stones because the 
dead load is smaller than in the lower stories (Ref. 36) r 

I t has already been emphasized in Chapter 2 that one must be careful in 
adopting general conclusions developed mainly for f lexible structures. S t i f f 
wall-type structures can receive increasing input as the frequency reduces. 
Also, "an increase in i n i t i a l stiffness without a reduction in tolerable story 
d r i f t w i l l lead to a considerable increase in duc t i l i t y demands and therefore 
greater structural damage" (Ref. 59). 

A recent extensive study of d r i f t (Ref. 53) defined d r i f t values at three 
levels of damage. Based on 31 sources and 215 tests (172 using concrete 
blocks) plus evaluation of earthquake damage, a l im i t of 0.5% was recommended 
for block walls at extensive damage levels. From a large variety of studies 
summarized in Ref. 53 the d r i f t values are calculated to be: 0.15% (39 
points) at "minimum tolerable leve l " ; and 0.50* (36 points) with C0V=0.65 at 
"maximum tolerable leve l " . The large variation can be explained by the 
diversity of sources and c r i te r ia . 

The eight large low-wall tests at PCA (Ref. 34) had an average d r i f t of 
0.Q4U (C0V=0.31) at f i r s t cracking and 0.62% at fa i lure with a low C0V=0.16. 

A select set of low-wall data, eight tested a t PCA and 17 in Japan 
(Ref. 35), resulted in d r i f t s of 0.0442 (C0V=0.21) at cracking and 0.55% 
(C0V=0.31) at fa i lu re . These are good correlations with relat ively small 
variations. 
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Small walls generally have more shrinkage stresses and cracks, therefore 
the d r i f t s are lower at cracking. For example, based mainly on small nickel 
tests, in Japan the d r i f t at cracking i s taken at 0.022% to 0.026% (Ref. 50). 
The d r i f t at fa i lure i s proposed as 0.4% based on 200 tests (Ref. 51); th is 
value is also val id for walls with openings i f Z A 0 / A t o t < 0.25. 

The d r i f t s at f i r s t noticeable cracking for the very small specimens 
tested at LANL can be estimated from the loads and reported stiffnesses 
(Ref. 19). For the f ive tests the mean i s 0.057% with COV = 0.11. At fa i lure 
three tests give 0.54% with COV = 0.11. As mentioned in Chapter 2, shrinkage 
and shear lag were signif icant in these tests. 

Shear tests on panels, under various levels of biaxial tension, also 
showed a shear distort ion of about 0.4% (Refs. 56, 57, and 5S). The value was 
somewhat higher for the heavier (24-in.-thick) elements. 

Damage to 59 concrete buildings in the 1971 San Fernando earthquake was 
studied in terms of the interstory d r i f t r = d/h (Ref. 55). Using the 
approximate expression 

r " r Tirm V 

For a first mode linear response and period proportional to the number of 
floors, r = 1.05 was obtained for concrete buildings. For relatively 
flexible structures, the drift is nearly proportional to the effective ground 
acceleration. The correlation between predicted and measured drifts is shown 
in Fig. 4-1 a, whereas Fig. 4-lb depicts the percent of damage as a function of 
drift. A sudden increase of damage occurs for an interstory drift above about 
0.6%. 

To get a rough idea of the relative magnitudes of the shear stiffness and 
the proposed drift limits, one may assume linear behavior in pure shear up to 
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diagonal cracking. Then, for JJ = 0.15, a stress of 2 / f c ' , and a shear 
distortion of 0.1* the effective shear modulus is 

W - 2 / V ° ; 0 0 1 - o.oeo, 
G 57,000 / T / 2 . 3 

where the denominator is taken from the ACI Building Code. This rat io 1s 
rather low but not unrealistic (see Chapter 2). Note that the stress at f i r s t 
cracking is about twice the above value, and the distort ion 1s probably 
somewhat less. 

In an extensive study of various types of 3-story concrete buildings, the 
damage rat io in terms of total cost of repair was calculated. Inelastic 
dynamic analyses were conducted for a series of inputs, and the damage v/as 
calculated relative to interstory d r i f t s and accelerations (Ref. 52). 
Table 4-1 shows the rapid increase of the damage rat io as the d r i f t is 
increased to 1% for shear wall structures. This reference also contains 
information on variable damping and the coefficient of variation of duct i l i t y 
£<> a function of the period. 

Nonlinear response-history analyses of a shear wall structure similar to 
concrete structures in nuclear f ac i l i t i es resulted in a maximum d r i f t of 0.05% 
for a ground motion with maximum acceleration of 0.5 g (Ref. 62). At y ie ld 
the d r i f t was 0.013%. Both of these are very low values indicating that d r i f t 
is probably not a problem for such box-type buildings with very heavy walls. 
The "naxitnufli interstory d r i f t occurred in the top story. 

Based on 179 wall tests (Ref. 49), i t was found that fai lure forces could 
be prescribed with acceptable accuracy but not the deformations. An attempt 
was made by th is author to evaluate the d r i f t s but the variation is so large 
that i t would be necessary to categorize the structures; this has not been 
done due to lack of time after the report was received. Since the amount of 
data is so extensive, i t should be carefully analyzed. 
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Element Cost 
(S) 

Repair 
Mllcipll^r 

Damage Ratios for Following I nterstory Drif t in./In. 
Element Cost 

(S) 
Repair 

Mllcipll^r 0.001 0.005 o.oio 0.020 0.030 0.040 0.070 0.100 0.140 

It. Rigid Frames 117,500a 2.0 0 0.01 0.02 0.05 0.10 0.25 0.35 0.50 1.00 

b. Braced Frames a 2.0 0 0.03 0.14 0.22 0.40 0.85 1.0 1.0 1.0 
c. Shear Walls a 2.0 0 0.05 0.30 0.30 0.60 0.85 1.0 • 1.0 1.0 

2a. Nonselsnic 
Structural 
Frame 

625.500 1.5 0 0.005 0.01 0.02 0.10 0.30 1.0 1.0 1.0 

3. Masonry 417,600 2.0 0 0.10 0.20 0.50 1.0 1.0 l.G 1.0 "1.0 

4. Window* and 120.600 1.5 0 0.30 0.80 1.0 1.0 1.0 1.0 1.0 1.0 
Frames 

S. Par tic Ions, 
Architectural 
Elements 

276.200 1.25 0 0.10 0.30 1.0 1.0 1.0 1.0 1.0 1.0 

6. Floor 301,200 1.5 0 0.01 0.04 0.12 0.20 0.35 0.80 1.0 1.0 
7. Foundation 412.100 1.5 0 0.<pl 0.04 0.10 0.25 0.30 0.50 1.0 1.0 
8. BulLdlng 

Equipment and 
Plumbing 

731.600 1.25 0 0.02 0.07 0.15 0.35 0.45 0.80 1.0 1.0 

9. Contents 500,000 1.0 0 0.02 0.07 0.15 0.35 0.45 0.80 1.0 1.0 

varies with design 

Table 4-1. Damage vs. Drift for Concrete Building, San Fernando Earthquake 



The following d r i f t l im i ts were proposed for a variety of systems in 
Ref. 63. 

Shear fa i lure of short columns 0.2% 
Shear fa i lure of walls 0.4% 
Flexural yielding of ductile walls 0.4% 
Flexural yielding of ducti le columns 0.67% 

The authors recommend the origin-oriented hysteresis model for short wal ls. 

The European concrete code for seismic loading l imi ts the d r i f t to 0.25% 
at working stress loads; otherwise nonstructural elements must be isolated 
from the structure {Ref. 60). The same value is given in Ref. 61 at f i r s t 
diagonal cracking. 

In summary, measurements in the laboratory and in the f ie ld have shown 
that damage to s t i f f low walls can be related to interstory d r i f t . At i n i t i a l 
cracking the d r i f t is 0.04%, at extensive diagonal cracking 0.2%, and at 
fa i lure of the walls 0.4%. The coeff icient of variation is about 0.30 at each 
of these levels. The d r i f t at fai lure is almost 0.6% i f high axial 
compression is present. Of course, d r i f t s are much higher (at least 1%) in 
coupled walls and 2% i f flexural yielding i s present in ducti le walls. Dr i f t 
c r i te r ia should be used in addition to force or stress l im i t s . 

4.3 The Reserve Energy Technique 

Several approaches have been developed f t i - the estimation of inelastic 
behavior, or at least the dynamic capacity of structures. The key feature of 
most of these approximate methods is the estimation and use of a nonlinear 
load-deflection ( lateral force-dr i f t ) relationship of the structure. As a 
minimum, the elastic stiffness and signif icant y ie ld level are needed. 
Although this may seem to be and usually is a d i f f i c u l t task, rea l is t ic 
predictions of nonlinear behavior are impossible without th is information. 
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The reserve energy technique (RET) has been developed by J. A. Blume and 
described in several publications (for example Ref. 62). An energy balance is 
set up 

EI = ED + ER 

where E. - energy input, Eg = energy dissipated, ER = energy radiated 
away. 

The demand E = E, - ER is estimated by linear analysis. The 
capacity 1s equal to the area of the force-deflection diagram. This iterative 
method results in the maximum inelastic story distortions (Ref. 62) and local 
duct i l i t ies . 

The RET has been found to be an attractive tool for the estimation of 
nonlinear response. For complex structures with extensive force 
redistribution, an iterative analysis is required but the method is s t i l l much 
simpler than direct nonlinear analysis and, at the same time, keeps the actual 
behavior and any peculiarities in good focus. It can predict local 
nonlinearities as opposed to the ducti"h"ty-based spectrum method (Chapter 2). 

4.4 The Capacity Spectrum Method 

In this approach the demand and capacity spectra are superposed and the 
solution is obtained at their intersection (Ref. 64). The capacity curve is 
determined from a linear analysis up to appreciable yield and by an inelastic 
or piece-wise linear analysis beyond significant yielding. The stiffness is 
reduced every time a group of plastic hinges form. For each stage of response 
the period, mode shape, participation factor, spectral acceleration and 
spectral displacement are calculated. 

For each stage of the piecewise linear base shear(V)-roof displacement 
(dR) relationship the first-mode period, mode shape (<(>), and participation 
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factors (r) are calculated. The spectral displacements S d are evaluated 
from the relationship, 

<V s r*r V 
The corresponding spectral accelerations are obtained from 

cb --9—rar' 

where VI and H are the total weight and mass, C b is the base shear 
coefficient, and a = S a/g is the spectral acceleration coefficient. The 
capacity curve, S versus S d, can be plotted, as illustrated in Fig. 4-2a. 

The periods are 

and the capacity spectrum curve may be superposed on the earthquake spectrum 
curve (Fig. 4-2c). Finally, an interpolation of the input curves for two 
values of damping, one for elastic and the other at high-level response, 
defines a straight line, and its intersection with the capacity spectrum is 
the solution. The damage level and distortions are readily available. 

4.5 The Substitute Structure Methods 

Equivalent single-degree systems to predict the nonlinear response of 
certain types of structures have been proposed by several researchers. In the 
"substitute structure method" (Ref. 66) the nonlinear properties are reflected 
by reduced stiffnesses and hysteretic energy absorption by an equivalent 
damping. This method has been used successfully either to calculate the 
required yield resistance for given damage (ductility) ratios and initial 
stiffnesses or to estimate the damage (drift) for given yield capacities and 
stiffnesses (Ref. 67). 
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In the Q-model the equivalent single-degree system has hysteretic 
properties and a nonlinear time-response analysis is required (Ref. 68). In a 
recent version a static limit analysis of the structure is used to establish 
the nonlinear response of the model (Ref. 69). 

The common assumptions and characteristics of these approaches are that 
the response can be adequately described by the first mode shape and planar 
behavior, the structure is flexible (acceleration decreases with increase in 
period), and the input is of the El Centro or Taft type. It is not known how 
these methods can be extended to stiff, walled structures. Some information 
on the application of all methods, except the Q-model, to the structure types 
of interest is contained in Ref. 62. It appears that the substitute structure 
method and the capacity spectrum method overestimate the ductility demand for 
stiff structures. 

It is not clear how much can be expected from simplified methods for stiff 
(high-frequency) structures whose response (inelastic displacement) is very 
sensitive to the yield capacity and the details of the ground motion. More 
work needs to be done in this area because the alternative, that is, nonlinear 
response-history analysis, is not much more reliable. 

4.6 Inelastic Response Spectrum Approach 

All the previous methods discussed in this chapter use the elastic 
response spectrum (or a response-history analysis for the 0-model). The use 
and the limitations of the ductility-based reduced spectrum have been 
discussed in Chapter 2. 

4.7 Uonlinear Response-Hi story Analysis 

The approximate methods outlined in previous sections were developed to 
avoid using direct nonlinear analysis. It is well known that nonlinear 
analyses of large systems require extensive computer costs and are not 
practical except in unusual cases. 
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However, several factors would make nonlinear response-history analyses of 
doubtful value even i f the cost of analysis were not a problem; th is is 
especially true for high-frequency structures. Among the most signi f icant 
uncertianties in nonlinear response-history analyses are: def in i t ion of 
hysteresis curves for a l l types of deterioration and as functions of axial 
load; change of damping during response; soi l-structure interact ion; effect of 
input characterist ics; role of nonstructural elements; and f loor deformations. 

Most of these factors are especially important for s t i f f structures where 
the duc t i l i t y demand is highly variable. I t is generally agreed that the 
detai ls of the ground motion greatly influence nonlinear response and that 
a r t i f i c i a l inputs should not be used. A variety of recorded motions must be 
applied to evaluate th is factor. Hult i-directional inputs also affect 
nonlinear response much more than l inear response tRef. 70). 

Although nonlinear dynamic analyses are valuable tools for research, 
especially in substantiating simplif ied methods, and in studying specific 
factors, they are not yet suitable for the design or analysis of complex 
structures or in probabil ist ic risk assessment. 

4.8 summary 

Several approximate methods of nonlinear analysis were outlined in th is 
chapter. A common feature of most of these approaches is the need to 
construct a stat ic nonlinear force-displacement curve. They have been 
developed mainly for low-frequency structures and more work is necessary 
before these powerful tools can be used for the analysis of high-frequency 
structures. 

D r i f t l im i ts were recommended at various damage states of wall structures 
as analysis c r i t e r ia to be used in addition to stress l im i ts . 
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5 RECOMMENDATIONS 

Although the SSMRP has produced a useful analysis procedure that is able 
co identify uncertainties and evaluate the effects of parameters, several 
constituents require improvements and additional studies. This is not 
surprising because of the sophistication and precision required in 
probabilistic risk assessment relying on the state of the art in modeling, 
input definition, and analysis. 

The following items require additional work to make fragility analysis a 
more reliable tool. These recommendations are listed in approximate order of 
importance. 

1. Realistic predictions of nonlinear response require the knowledge of the 
progress of inelasticity throughout the structure; this cannot be bypassed 
or avoided. It is necessary to construct static nonlinear load-
displacement relationships for the structure but, as a minimum, for each 
story. These curves will shed light on the failure sequence and load 
redistribution. In addition, they will greatly help in calculating system 
ductilities from member ductilities and reveal the effects of inelasticity 
on torsion. Static load-displacement curves form the bases of most 
approximate nonlinear analysis models (Chapter 4). 

2. Host simplified analytical methods and test programs have concentrated on 
low-frequency structures. Many observations and established procedures 
are not expected to apply to high-frequency wall structures. The response 
may increase as the frequency reduces during motion » ie inelastic 
displacements are very sensitive to the yield level as opposed to being 
nearly equal to the elastic displacements for flexible structures. 
Furthermore, the effects of the peculiarities of near-field ground motions 
are more severe for stiff structures and the number of cycles is greater. 
These differences must be investigated because thev apply to concrete 
structures in nuclear facilities; t;,e results should be useful not only to 
probabilistic risk assessment {PRA) but also to seismic analysis in 
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general. Not enough is known about the response of structures on the 
high-frequency side of the peak of the spectrum curve, especially for 
nonlinear behavior. 

3. Nonlinear structural actions influence in-structure response spectra and 
may lead to higher spectral values in certain frequency ranges. Although 
several investigations have already addressed this question, satisfactory 
solutions appropriate for PRA are not available, especially for 
high-frequency systems. A three-pronged study is recommended involving 
direct nonlinear analysis, evaluation and analysis of experimental f loor 
responses, and analysts by approximate nonlinear models. 

4. Diaphragms in nuclear f ac i l i t i es normally have many randomly-placed 
holes. L i t t l e is known about the nonlinear behavior (stiffness and 
fa i lure) of such f loor diaphragms due to in-plane shear, bending, and 
tension. A combined analytical ( f i n i t e element) and experimental study 
i s needed to generate analytical tools for safety assessment. A 
secondary problem is the strength of the connections of diaphragms to 
supporting elements. 

5. More experimental information i s needed on the stiffness and strength of 
low shear walls not affected much by f lexure. Some of the tests should 
have embedded steel frames with or without studs. Tests are also required 
on mult istory, multi-bay walls to calibrate analytical procedures and to 
study frame-wall interaction and the role of embedded columns. As a 
minimum, a l l available tests, especially from Japan, should be reanalyzed 
with special attention to fa i lure modes of low walls. 

6. The f r ag i l i t y curves were calculated for constant system duc t i l i t ies and 
high levels of damping. As discussed in Chapter 2, a rational improvement 
would be to vary the duct i l i ty and damping as a function of the input 
level and the target damage leve l . This reanalysis could be done without 
extensive e f for t and, at the same time, more real is t ic lower damping 
values could be selected. 

-86-



7. The out-of-plane bending and fa i lure of walls (and f loors) have been 
common in earthquakes, yet l i t t l e information is available. A thorough 
experimental investigation i s urgently needed that should include 
reinforced concrete and masonry walls subjected to inert ia loading. 

8. Ductility-based reduced spectra were not found to depend a l o t on the 
shape of the hysteresis curve. However, shear deformations of walls cause 
severe pinching of the hysteresis curves which was not included in the 
original Newmark study. I t is necessary to extend the Newmarfc-Riddell 
work to such systems and, at the same time, to high-frequency structures 
and near-f ield inputs with large acceleration pulses. I t is expected that 
the deamplification w i l l be different and more variable. 

9. Several simple models have been developed for the analysis of structures 
(see Chapter 4). However, these are probably not applicable to high-
frequency structures. I t seems desirable to develop such substitute 
models because they permit parametric studies of variables; one of them Is 
the topical question of the effects of acceleration pulses in ground 
motions on nonlinear response. Another important problem is nonlinear 
response as a result of multi-directional inputs, which can be more severe 
than elastic response. A l imited amount of nonlinear dynamic analysis 
would also be worthwhile. 

10. Cri t ical items may be attached to walls. An evaluation of available 
information, supplemented by test ing, is needed to establish the pull out 
safety of anchors in diagonally cracked walls at various stages of damage. 

11. The f r ag i l i t y cu v«s in the SSHRP were established for in-structure 
response parameters. This has computational advantages and is reasonably 
consistent for linear behavior. The transmission of energy from the 
ground to the selected point in the structure and to various elements 
would depend on the nature of nonlinearity, ground motion characteristics, 
and other factors i f inelast ic i ty were directly considered. 
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The roof of the turbine building is made of precast concrete slab elements 
with little or no interconnections. They may buckle due to in-plane 
inertia forces causing compression and bending; the pieces would then fall 
to the floor below. Analytical models of such systems should be 
established and validated experimentally. 

The probability of yielding or fracture of reinforcing bars embedded in 
concrete is smaller than that without concrete {Section 2.5). A recent 
study by the author has shown that little is known about this effect. An 
experimental program is needed to supply data for some improvement in the 
fragility numbers, though this factor is less important than those 
mentioned previously. 
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6 SUMMARY AND CONCLUSIONS 

Fragility analysis, that is the construction of cumulative distribution 
functions of the probability of failure of critical elements, is evaluated in 
this report. The development of fragility analysis is part of the Seismic 
Safety Margins Research Program (SSMRP). The principal attribute of the SSMRP 
is the calculation of uncertainties in dynamic response, ranging from the 
input to material behavior and failure levels. 

The main emphasis in this report is on the validation of the idealization 
and analytical description of the behavior of reinforced concrete elements, 
but associated analytical steps are also discussed. Low shear w,Vlls receive 
particular attention because they are critical and prevalent in nuclear 
facilities. 

Probabilistic risk assessment is evaluated in general and also as applied 
to the analysis of the Zion plant. Specific questions examined in detail 
include: the use of ductility-based reduced spectra and the associated 
damping values, uncertainties in material modeling, initial stiffness and 
strength of shear walls, certain specific failure modes, and alternative 
nonlinear analysis techniques. 

The following are the main conclusions of this report: 

1. Fragility analysis can serve an important role in risk assessment, 
because it purports to quantify the effects of uncertainties and risk 
levels. 

2. Probabilistic risk assessment and fragility analysis require best 
estimates and the calculation of variations of input values which are 
much more difficult tasks than the usual goal of just a safe design. 
Information necessary to make best estimates is often rather limited, 
and the data can easily be misinterpreted. 
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Static nonlinear (piecewise l inear) analysis would generate essential 
information and is strongly recommended as part of seismic risk or 
other extreme load risk analysis. Such an analysis would greatly aid 
1n the calculation of system duc t i l i t i es , load redistribution after 
nonlinearities develop, and in the ident i f icat ion of the second l ine 
of defense. Most approximate nonlinear analysis methods u t i l i ze 
stat ic force-deflection curves. 

Approximate inelastic analysis methods are preferable to direct 
response-history analyses for routine applications because the la t te r 
Involve too many uncertainties. The ductility-based reduced spectrum 
method, which was used in the SSMRP, is one such method but other 
approaches also show potent ial ; some are reviewed in Chapter 4. 
These include the substitute structure method, the capacity spectrum 
method, and the reserve energy technique. The main feature of most 
approximate methods is the use of the stat ic nonlinear force-curve 
and the elastic spectrum with a sh i f t in the natural frequencies. 

The basic problem with the ductility-based spectral analysis is the 
calculation of system duc t i l i t y from local duc t i l i t i es and vice 
verse. The c r i t i ca l wall stresses were reduced using a system 
duc t i l i t y , which was related to individual wall duc t i l i t i es , but the 
former depends on the aggregate effects of local duc t i l i t i es . 

The duc t i l i t y and damping factors were assumed to be constant. An 
improved risk assessment would result from the use of duc t i l i t ies and 
damping that would depend on the response leve l ; the changes could be 
made without extensive e f fo r t . 

An extensive review and analysis of wall test results has revealed 
that most available information on walls relates to t a l l walls in 
which bending i s signif icant. The walls in nuclear plants are 
normally very low, and flexural equations do not apply. A set of two 
equations is proposed to predict the strength of low walls that were 
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found to be c r i t i ca l elements in most nuclear f a c i l i t i e s . One was 
derived from the compression f i e ld theory, and the other is based on 
the equation developed in the SSMRP and includes the contributions of 
horizontal and vert ical reinforcement. The predicted/measured rat io 
is 0.99 with a coefficient of variation of 0.26 (Section 2.6). In 
addit ion, d r i f t l im i ts are recommended for the prediction of thret 
damage l i m i t states of low walls (Section 4.2). 

8. A duc t i l i t y of four was used for local respose of walls and a value 
of two for system duc t i l i t y . The former number is more 
representative of flexural walls and is too high for low walls. The 
derivation of system duc t i l i t y and i t s use in the prediction of local 
stresses in c r i t i ca l elements needs improvements (see Item 5). Also, 
shear-dominated walls have highly pinched hysteresis loops which are 
not reflected in Newark's ductil ity-based spectra, especially in the 
high-frequency region. This key step in the SSMRP needs further 
study. 

9. The use of high damping ratios (about lOi) in conjunction with 
ductil ity-based spectral reduction represents a duplication of 
hysteretic energy absorption. A lower level of viscous damping 
(about 2% to 6%) is recommended i f hysteresis is accounted for by the 
use of duct i l i t y factors. Fortunately, the results are not affected 
much by damping for high-frequency structures. 

10. The i n i t i a l stiffness direct ly affects frequencies and modal 
analysis. An extensive study of measured wall stiffnesses revealed 
great variations, from about 0.20 to 0.80 times the uncracked 
st i f fness. These differences are explained, and recommended 
stiffnesses with coefficients of variation are presented in Section 
2.5. I t i s claimed that i t i s d i f f i c u l t and probably impossible to 
use small models to simulate the i n i t i a l behavior of large walls 
because of shrinkage, vertical load, and bond effects. In box-type 
wall systems the shear lag effects may also be appreciable. 
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11. Nonlinear response depends, more than linear response, on the 
characteristics of the gound awtion. This is especially true for 
high-frequency (wall) structures near the seismic source. Therefore, 
it is insufficient to use only artifical ground motions that do not 
have these special properties. 

12. Mode combination rules are suggested that include the effects of 
damping on modal correlation. 

13. Several additional material uncertainties were analyzed, and 
coefficients of variations are reported. 

14. The failure of the main wall between the auxiliary and turbine 
buildings of the Zion plant contains an embedded steel frame. The 
failure of the studs on the frame was assumed to be sudden, resulting 
in a transfer from shear behavior to flexural actiun of separated 
slender walls which would fail at a lew load. However, review of the 
force transfer mechanism and stud behavior has led to a different 
stress distribution and a model with gradual stiffness loss. 

15. The role of nonstructural walls, which were ignored in the fragility 
analysis because additional stiffness would result in reduced 
response, needs further study. Their effect on the response, 
especially on torsional response, initially and after deterioration, 
may be significant. Walls also affect damping, especially after 
cracking. 

It is difficult to see what the final implications of fragility curves 
are. Eventually one needs to relate them back to the ground motion to assess 
the provability, feasibility, and consequences of each level of ground 
motion. This step would also aid in the curtailment of the tails of the 
fragility curves. 
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Nuclear power plants are so complex and varied that fragility analysis 
(and PRA) cannot become a routine, general, and foolproof tool. It will be 
necessary to rely on expert advice and insight in the evaluation of nonlinear 
behavior and failure modes of critical structural components to avoid 
erroneous idealizations, assumptions, and misuse. 

Although the SSMRP has represented a significant step in the state of the 
art of seismic risk assessment of structures, especially in the area of 
soil-structure interaction, additional analytical and experimental work is 
recommended. Chapter 5 contains the recommendations. 
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